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PREFACE 

The  Spanish  Society  for  Soil Mechanics  and  Geotechnical  Engineering  was  selected  by  the  ISSMGE  to 
organize the 23rd European Young Geotechnical Engineers Conference at Barcelona Tech‐UPC. 

The European Young Geotechnical Engineers Conference series is a well‐established event in which the most 
promising and talented geotechnical engineers entering the profession in Europe gather to exchange ideas 
and present their work. The format, with a very restricted number of delegates nominated by each member 
society,  ensures  a  variety  of  origins  that  is  extremely  relevant  for  a  subject where  local  conditions  are 
fundamentally important. Member societies do also vary in their nomination criteria and the background of 
those attending the conference is a healthy mix of more professional and more academic profiles. 

The open theme of the conference also encourages variety; the subjects treated are those that genuinely 
occupy  the minds and days of  those at  the profession coalface.  It  is  therefore  interesting  to see how  the 
submissions  naturally  coalesce  into  several  themes.  Those  appearing  here  range  from  fundamental  soil 
mechanics  to  soil‐structure  interaction,  from marine geotechnics  to geohazards,  from pile  foundations  to 
geo‐environmental problems, from soil dynamics to soil  improvement. Despite this variety some common 
traits of rigour, thoroughness and originality, are patent in the contributions gathered in these proceedings. 

Neither the conference nor these proceedings would have been possible without the support of the Spanish 
and  International  Societies  for  Soil Mechanics  and Geotechnical  Engineering,  the  dedicated work  of  the 
Organizing  Committee  or  the  generous  commitment  of  the  keynote  speakers:  Cesar  Sagaseta,  Lidija 
Zdravcovic and Alberto Ledesma. Finally, the editors would like to express their grateful acknowledgment to 
Ms Mar Obrador for the technical support received in the edition of these proceedings. 

 

Marcos Arroyo & Antonio Gens  
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Experimental study of strain accumulation of silica sand in a cyclic triaxial test 

J. Benoot1, W. Haegeman2, S. François1 & G. Degrande1 

1KU Leuven@Kulab, Department of Civil Engineering, Zeedijk 101, B-8400 Oostende, Belgium  
2Ghent University, Department of Civil Engineering, Technologiepark 905, B-9052 Zwijnaarde, Belgium 
 

ABSTRACT: The experimental and phenomenological investigation of the elasto-plastic long-term behaviour of soils under 
dynamic loading is important for the development of risk analysis tools and numerical accumulation models for settlement prediction.
Soil parameters, test equipment and loading conditions have a significant influence on strain accumulation, therefore a
parameterization of the silica sand and a description of the re-engineered cyclic triaxial test device are performed in this paper. Long 
term cyclic triaxial tests are performed on a silica sand to investigate the influence of the number of cycles, the initial void ratio, the 
mean pressure and packages of cycles on the accumulation of residual strains. Empirical formulations of existing strain accumulation 
models are validated with test results on dry test samples.  

 
KEYWORDS: Cyclic triaxial tests; silica sand; strain accumulation; low level vibrations 

 
 

1 INTRODUCTION 

Over the last years the study of soil behaviour under dynamic 
loading is a growing research domain within the international 
geotechnical world. This is, amongst others, because of a 
growing awareness for environment and comfort where 
vibrations are less tolerated. Repeated small amplitude dynamic 
loading of soil materials may lead to differential foundation 
settlements and/or severe damage to structures. Sources of 
dynamic loadings in the build environment could be pile 
driving, tunneling, road traffic, trains, et cetera. Karg (2008) 
demonstrated that single or only a few loading events show no 
residual deformations in soil. However, after a large number of 
events, residual deformation is observable in many cases. This 
phenomenon – (almost) elastic behaviour in the short term, but 
non-negligible plastic behaviour over a large number of 
vibrations – is called strain accumulation. 

2 THEORETICAL BACKGROUND 

Triaxial tests are performed in axisymmetric test conditions 
(σ’2=σ’3). The stresses are applied in axial and lateral direction 
(Fig. 2.1). The effective lateral stress σ’3 = σc – u with σc the cell 
pressure and u the pore pressure. The effective axial stress σ’1 is 
determined by the cell pressure, the constant axial stress σa and 
a cyclic stress with amplitude σ1

ampl: σ’1 = σc + σa - u ± σ1
ampl. 

The stress invariants for axisymmetric test conditions are: 

∗
,  (1) 

For axisymmetric test conditions the earth pressure coefficient 
K= σ’3/ σ’1. 

A similar parameter to express the stress state in a p’-q plane 
is η, defined by: 

 (2) 

All tests in this paper are performed on completely dry samples. 
This means that the pore water pressure u is zero and all total 
stresses are equal to the effective stresses. In all tests the 

average stress was kept constant and the axial stress cyclically 
varied with an amplitude σ1

ampl (Fig. 2.1). The normalized stress 
amplitude is defined as: 

 (3) 

 
Figure 2-1: Stress conditions cyclic triaxial cell 

 
A typical stress path is defined in Figure 2.2. First stages are the 
isotropic and optional anistropic loading stages until (pav, qav) is 
reached, followed by the cyclic loading stage.  

By analogy with the stresses, the axisymmetric test 
conditions result in a simplification for the strains as well. In 
axisymmetric conditions the two lateral strains are equal (ε2 = 
ε3) and the strain invariants are equal to: 

2
2
3

 (4) 

where ε1 and ε3 denote the principal strains in axial and lateral 
direction, respectively. Alternatively, the deviatoric strain is 
denoted as γ = ε1 - ε3. In the case of long-term cyclic loading the 
total strain ε is the sum of an accumulated, residual portion εacc 
and an elastic, resilient portion εampl: 

 (5) 
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Figure 2-2: Cyclic stress path in the p'-q plane 

3 TEST DEVICE 

3.1 Original test device 

The cyclic triaxial system applies cyclic or dynamic loading to a 
cylindrical soil specimen. Two models of triaxial cells for 
specimen sizes of 50 mm and 100 mm in diameter are available. 
The system is a digitally controlled, servo-pneumatic system 
which controls three parameters: axial stress, confining pressure 
and back pressure. Within the servo-pneumatic testing system, 
energy is transmitted to the specimen using high pressure air 
acting on a double sided piston (actuator). The total system 
works on a filtered clean air supply with a minimum pressure of 
800 kPa. 

Demineralised water is used to saturate the sample in the 
case of saturated samples and to fill the triaxial cell. The 
supplied air pressure is transformed to water pressure using two 
bladders, one for back and one for cell pressure, respectively.  

A conventional triaxial loading frame including separate 
manual assessable monotonic shearing device is upgraded with 
an actuator crosshead carrying the pneumatic actuator for axial 
cyclic loading. A double acting digitally controlled pneumatic 
actuator with a range of ± 5 kN applies the axial (cyclic or 
monotonic) load. The submersible ± 5 kN load cell measures 
the applied load above the top cap. The actuator requires a 
minimum air supply of 800 kPa, which corresponds with the air 
supply of the total pneumatic system. Cyclic and monotonic 
loading can be load [kN], stress [kPa], displacement [mm] or 
strain [%] controlled. Possible cyclic loadings are sinusoidal, 
triangle, saw-tooth,… and a user defined cyclic load. The cyclic 
triaxial system is designed to perform the following tests: 
saturation, isotropic and anisotropic consolidation, standard 
triaxial tests (CD, CU, UU), user defined cyclic loading, 
investigation of liquefaction potential (ASTM D5311), 
determination of E, G and D (ASTM 3999-91). 

During the tests, there is a possibility to measure ten 
transducers at the same time. The first three readings are those 
from the controlled pressures: cell, back and axial pressure. 
Further there is a possibility to measure pore water pressure and 
volume change. In addition axial movements are measured by 
the actuator and external linear displacement meters. Both have 
a range of ±15 mm and ±25 mm, respectively. 

3.2 Test procedure 

All test samples are approximately 190 mm in height and 100 
mm in diameter. This results in a height-to-diameter ratio H/D 
of 1.9 which is a little less than the recommended ratio 
according to ASTM D 3999-91 (H/D ≈ 2 à 2.5). The chosen 
lower height of the test samples is related to the dimensions of 
the triaxial cell and to obtain enough space for axial movements 
of the load cell. All tests are performed on reconstituted dry 
specimens. Therefore the moist tamping with undercompaction 
method, first proposed by Ladd (1978), is used. The 
consolidation phase with dry test samples is much different 
from the consolidation phase with saturated test samples. In the 

case of dry test samples there is no back pressure (σb = 0 kPa). 
In a first step, the consolidation phase is always performed 
isotropically and there is a possibility for anisotropic 
consolidation in a second step depending on the requested test 
specification. Starting the consolidation occurs with the 
specimens drainage valves closed, increasing the cell pressure 
until it equals the desired effective consolidation stress (σb = 0 
kPa). For anisotropic consolidation an additional axial stress σa 
is applied to the specimen. Since completely dry samples are 
tested, no confining pressure is transferred to the pore water and 
there is no increase of the pore pressure. This is a common way 
to apply the desired effective stresses. 

As a specimen is loaded under the requested stress 
conditions, cyclic loading can be applied. The current 
equipment allows for a wide range of predefined axial cyclic 
loading options. In this research only the user defined option for 
the long term tests is used. 

3.3 Re-engineering  the CDAS and software step-up 

Previous research indicated some shortcomings related to the 
test equipment. Therefore it was decided to modify the 
equipment extensively. A first limitation of the original test 
equipment is the test frequency of the cyclic loading. According 
to the manufacturer, the electrically controlled pneumatic servo 
valve  coupled to the actuator has a response typically better 
than 70 Hz. Karg (2008) concluded already that there was a 
problem with the data acquisition and the performance of the 
actuator at frequencies above 10 Hz. For this reason, together 
with the fact that the current CDAS operates as a complete 
black box, it was chosen to install a complete new data 
acquisition system from National Instruments. This new 
acquisition system is a combined PXI-1050 chassis that 
integrates a high-performance 8-slot PXI subsystem with a 4-
slot SCXI subsystem. All sensors are connected, through a 
switch panel, to the PXI-1050. 

Besides the new data acquisition system, the software 
undergoes numerous modifications as well. The old software 
was user friendly and had extensive opportunities, but also some 
limitations such as the protected code. In that way it wasn’t 
possible to program new test specifications. The new software, 
created in Labview, will have the same possibilities as the old 
one, with 3 concrete expansions  

First, the consolidation procedure will be modified. It is 
known that failure stresses in soils are dependent on the stress 
history. With the old software, there was only an isotropic and 
anisotropic consolidation executable. The stress paths therefore 
are respectively: 

0, 3 (6) 

Next to isotropic and anisotropic consolidation, there will be an 
opportunity for K0 consolidation in the new software. In a K0 
consolidation process, the diameter remains constant (∆εr=0) 
and the slope of the effective stress path becomes: 

∗

∗
 (7) 

Second modification is to include the bender element tests. 
Until now the bender element test equipment is installed 
completely separate from the cyclic triaxial control and data 
acquisition. The signal is generated by the soundcard of the PC 
that controls the CDAS. The new triaxial and bender element 
software will be combined in one program. That way, there is 
no need for an external PC oscilloscope. 

Third modification is related to the cyclic loading. Until 
now, there is a possibility to generate sinusoidal, triangular or 
other predefined cyclic waves. In the new software there will 
be, next to the predefined waves, a possibility to generate 
random cyclic waves. These random waves will be analyzed by 
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the rainflow counting algorithm. In that way, there is a 
possibility to analyse the difference between complete random 
loading and packages of cycles. 

4 TEST MATERIAL 

All tests analysed during this research are performed on a 
uniform fine grained sand of Mol. Figure 4.1 shows the grain 
size distribution curve of the tested material. The mean grain 
size diameter is d50=0.167, the uniformity coefficient Cu=1.49 
and the coefficient of curvature Cc=0.87. The density of the soil 
particles (ρp) is 2610 kg/m³, emax=0.918 and emin=0.586. 
 

 
Figure 4-1: Grain size distribution curve of the sand of Mol 

5 TEST RESULTS 

5.1 Strain accumulation with the number of cycles 

Dynamic or cyclic loading results in stress-strain hysteresis 
loops. One small amplitude load cycle is almost a perfectly 
closed hysteresis loop. So, the elastic behaviour of the sand can 
be stated for every single load cycle, independently of the cycle 
number. However, analysis of a large number of load cycles (for 
instance 100000 cycles), demonstrate that residual deformations 
take place. Figure 5.1 demonstrates clearly the movement of the 
hysteresis loops between the first and 100000th loading cycle. 

 
Figure 5-1: Movement of hysteresis loops 

5.2 Influence of the initial void ratio 

Long-term cyclic triaxial tests are performed on dry samples 
with identical size and prepared in accordance with the 
procedure of Ladd. The samples are pressurized with an 
effective mean pressure of p’ = 200 kPa and K = 0.9. The cyclic 
loading stage is performed with user defined loading 
parameters. 100000 cycles are applied with a peak to peak 
amplitude of σ1

PP = 120 kPa. Three tests are performed with 
different initial void ratios (e0=0.817, 0.770 and 0.705) to 
determine the influence on the accumulation rate. Fig 5.2 shows 
the accumulated axial strain as a function of the number of load 
cycles. Higher initial void ratios obviously lead to higher 
accumulation of residual strains. Performing tests at different 

relative densities results in different strain amplitudes εampl. In 
order to achieve comparability all curves are normalized using 
the functions: 

 

 
(8) 

 
(9) 

Both formulations are proposed by Wichtmann (2005). 
Equation (8) describes the influence of εampl on the strain 
accumulation rate with εref

ampl=10-4. Equation (9) describes the 
influence of the initial void ratio on strain accumulation. 

To validate the proposed equations (8) and (9) of 
Wichtmann, all curves  of figure 5.2 are divided by fampl and fe. 
For eref=emax=0.918 and the material parameter Ce=0.45 all 
curves fall closely together when normalized with the functions 
fampl and fe (Figure 5.3). Consequently, the presented test results 
coincide with the conclusions of Wichtmann and confirm the 
usefulness of the fampl and fe for accumulated axial strain on dry 
test samples. 

 
Figure 5-2: Residual axial strain as a function of N in tests with 

different e0  

 
Figure 5-3: Normalized residual axial strain as a function of N in tests 

with different e0 

5.3 Influence of the mean effective stress p’ 

Long-term cyclic triaxial tests are performed on dry samples 
with identical size and prepared in accordance with the 
procedure of Ladd. All samples have an initial relative density 
of approximately 60%, corresponding to an initial void ratio of 
approximately 0.72 (range: 0.7177< e0 < 0.7234). The cyclic 
loading stage is performed under user defined conditions. 
100000 load cycles are applied at a loading frequency of 2 Hz 
and a peak to peak amplitude of 40 kPa. Different confining 
pressures (p’=15, 30, 60 and 100 kPa) are chosen to determine 
the influence on the axial accumulation rate. . Figure 5.4 shows 
the accumulated axial strain as a function of the number of load 
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cycles. Lower mean effective stress leads to higher 
accumulation of residual strains. 

 
Figure 5-4:  Residual axial strain as a function of N in tests with 

different p’ 

 
Figure 5-5: Normalized residual axial strain as a function of N in tests 

with different p' 

 
Figure 5-6: Residual axial strain as a function of N in tests with 

packages of cycles 
 

In order to achieve comparability all curves are normalized 
using the following function: 

 
(10) 

This formulation is proposed by Wichtmann (2005), describing 
the influence of p’ on the strain accumulation rate, with pref = 
100 kPa,  eref = emax and Cp is a material constant 

As for the material parameter Cp = 3.45 all curves fall 
closely together when normalized with function fp as shown in 
figure 5.5. Presented test results coincide with conclusions of 
Wichtmann and confirm the usefulness of equation (10) for 
accumulated axial strain on dry test samples. 

 

5.4 Packages of cycles 

In many practical problems (traffic loads, earthquakes, wind, 
waves,…), the amplitude of the loading cycles is not constant 
but varies from cycle to cycle. Such random cyclic loadings 

cannot be calculated with an explicit accumulation model since 
εampl has to be a constant during a specific number of cycles. 
The most widely used procedure for determining the equivalent 
number of uniform stress cycles is based on the hypothesis of 
Miner for metals. By means of stochastic methods (e.g. rain 
flow counting), an irregular cyclic loading can be replaced by 
packages of cycles with a constant amplitude. The question 
arises, if the sequence of the packages influences the final value 
of the residual strain. 

Two cyclic triaxial tests are performed with an effective 
mean pressure of p=150 kPa and K=0.8. The cyclic loading 
stage is performed with user defined loading parameters, 40000 
loading cycles are applied with a sinusoidal waveshape. Four 
packages each with 10000 cycles were applied in succession for 
each test. The first test is performed with σ1

PP = 10;20;40;60 
kPa and the second one with σ1

PP = 60;40;20;10 kPa (Figure 
5.6). It is clearly seen that the hypothesis of Miner is also valid 
for this sand, since the residual strain in both tests is equal. 

6 CONCLUSIONS 

Long term cyclic triaxial tests are performed on a fine graded 
sand of Mol to investigate the influence of the number of cycles, 
the initial void ratio, the mean pressure p’  and packages of 
cycles on the accumulation of residual strains. The empirical 
formulations proposed by Wichtmann, namely the amplitude 
function fampl, void ratio function fe and mean pressure function 
fp, are validated with own test results on dry samples and a 
higher strain level. For the performed tests, all curves fall 
closely together when normalized with the correct empirical 
function. Consequently, the presented test results coincide with 
the conclusions of Wichtmann and confirm the usefulness of the 
empirical formulations for accumulated axial strain on dry test 
samples. 

If the soil is loaded by packages of cycles with different 
amplitudes, the sequence of the packages plays a minor role 
concerning the residual strain at the end of the test. Thus, 
Miner’s rule is applicable to sand subjected to cyclic loadings. 

Development of the CDAS and software re-engineering is in 
progress. K0 consolidation and the rainflow counting algorithm 
will be in operation in the near future. In that way, it will be 
possible to apply random cyclic loading cycles and to determine 
the equivalent cyclic amplitude values (packages of cycles). 
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Long-term behavior of crushed concrete in road structure 

T. Dettenborn & J. Forsman 
Ramboll Finland Oy 

L. Korkiala-Tanttu 

Aalto University 

 

ABSTRACT: Vast amounts of mineral aggregates are required for municipal construction activities. Mineral aggregates can be 
substituted by various types of waste materials and by-products generated by industrial and other activities. Concrete is the most 
common recycled demolition product. It can be crushed and refined into a high quality construction material. In Finland, crushed
concrete aggregate (CCA) has been successfully used in road construction applications for about 20 years. The aim of this paper is to 
analyze the long-term behavior of CCA and to compare CCA to conventional mineral aggregates in road structures. The analyzed trial 
sections consist of the road and highway pavements where CCA has been used in the road base and sub-base layers. The earliest 
studied trial sections were constructed already in 1995, which enabled 17 years of a follow-up study. In total, five follow-up trial
sections were studied. E-modulus of pavement layers was determined using the deflection data from falling weight deflectometer 
(FWD) measurements. In this study, the sections consisting of # 0/50 mm CCA in the base or sub-base layer have gained 15 – 25 % 
larger bearing capacity in 13 – 15 years after construction than the reference pavements that were constructed with crushed rock. The 
increase of the CCA stiffness was faster in the first years following construction, and further increase was insignificant or not 
observed after 2-5 years from construction. 

KEYWORDS: crushed concrete aggregate, construction and demolition waste, full-scale field test. 
 

 
1 INTRODUCTION 

Communities need mineral aggregates, such as sand, gravel or 
crushed rock in all their activities. On the other hand, there is a 
desire to conserve nature and minimize the consumption of 
mineral aggregates and also to reduce the amount of waste 
materials and by-products generated by community activities.  

Concrete is the most common recycled demolition product. 
The crushed concrete aggregate (CCA) can originate, for 
example, from concrete elements or from the demolition of old 
concrete structures and buildings. It can be crushed and refined 
into a high quality construction material. When concrete 
structures are crushed, the granularity distribution follows a 
tight packing curve. The resulting grains are well-formed with a 
rough surface. Numerous researches (Aurstad et al. 2005, Arm 
2001, Forsman et al. 2000a) indicate that CCA can be 
compacted into a structure that has a good load-bearing 
capacity.  

In Finland, CCA has been successfully used in road 
construction applications for about 20 years. A number of full 
scale field projects have revealed good functional properties of 
CCA. The bearing capacity of the pavements made with CCA 
was superior compared to the pavements constructed with 
conventional crushed rock or gravel (Dettenborn 2013).  

The analyzed trial sections consisted of the road and 
highway sections where crushed concrete had been used in road 
base and sub-base layers. The earliest trial sections investigated 
were constructed in 1995, which enabled 17 years of a follow-
up study. The pavement bearing capacity and layers E-modulus 
were determined using deflection data from falling weight 
deflectometer (FWD).  

 
2 CLASSIFICATION OF CRUSHED CONCRETE 

MATERIALS  

Crushed concrete (in Finnish BeM) is classified by its raw 
material and technical properties (Forsman et al. 2000b). The 

raw material can originate, for instance, from concrete elements 
which have been abandoned due to manufacturing process 
requirements, or from the demolition of old concrete structures 
or buildings. Products resulting from demoliting structures are 
not so clean, and they usually contain some foreign materials. 
For this reason, demolition should be well supervised and 
materials sorted to ensure that the product is as clean and usable 
as possible. Table 1 presents the classification by the raw 
material, the basic properties and technical and environmental 
classification of the Finnish CCA. The classification was 
developed in the late 1990s and it is described in detail in the  
publication by Forsman et al.(2000b). (Tielaitos 2000a, 
Forsman et al. 2000b) 

3 RESULTS 

3.1 Analyzed trial sections 

The analyzed trial sections consisted of the road to highway 
sections where CCA has been used as an alternative material. 
CCA was tested in the road base and sub-base layers. The CCA 
field performance was compared to the standard construction 
structures with natrual aggregates. Table 2 describes the 
investigated trial pavement structures. 

The VT4 and VT3 are high-speed highway roads with 
average daily traffic (ADT) approximately of 22 500 and 15 
500. Rusutjärvi-Paijala is a  rural road with ADT approximately 
of 9 100. Lahdenperänkatu is a street in the central of the city of 
Tampere. Lasikaari is an urban road located in industrial area.  
 
Table 1. Classification of the Finnish CCA by the raw material, basic 
properties and content of harmful materials (Tielaitos 2000a, Forsman et 
al. 2000b) 
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Table 2. Analyzed trial road structures. Layer thicknesses are the 
average results from GPR-measurements (Dettenborn 2013, Forsman et 
al. 2000a).  
 

 
 
During construction, each trial section was documented. The 
follow-up measurements were usually carried out straight after 
compaction of the CCA layer and soon after paving. Later, the 
bearing capacity was measured in springtime or in the autumn. 

In 2012, the trial sections were investigated with ground 
penetrating radar (GPR) and testing was simultaneously 
recorded with digital video. The GPR data gave information on 
the service regime and layer thicknesses. GPR was especially 
used to determine the thickness of the current asphalt layer. 
Video recordings were used to analyze the trial sections service 
regime, the causes of differences in the FWD results and overall 

structural condition. For the FWD analysis, the information on 
the weather condition on the days before the measurements time 
was also collected to analyze the differences in results. 

3.2 Trial sections bearing capacity 

The pavement bearing capacity was calculated using Eq. 1 and 
the results were temperature corrected with Eq. 2 (Liimatta, L., 
Belt, J. & Ehrola, E. 1989, Tielaitos 2000b). In the used 
calculation method, the FWD measurement deflection value d0 
is used to calculate the bearing capacity of the pavement.  

  (1) 

 (2) 

E = bearing capacity [MPa, MN/m2] 
Eref = temperature corrected bearing capacity [MPa, MN/m2] 
v = Poisson’s ratio [-] 
σ0

 =  [MN/m2] 
a = FWD plate radius [m] 
d0 = deflection [m] 
TAB = asphalt layer average temperature [°C] 
hAB = asphalt layer thickness [cm] 

3.2.1 Bearing capacity results 
The FWD measurements revealed that there was a gradual 
increase of strength with time and the strength gain was 
expected to relate to the rehydration of cement bonds 
(Batmunkh et al. 2010). The strength gained was very 
dependent on the curing regime. The rehydration process 
requires the correct moisture contet to be mainteined which is 
difficult to achieve in construction sites. Usually, the ideal 
curing conditions were not established. Figure 1 presents the 
FWD measurements temperature corrected bearing capacity 
results. The results consist of five trial sections. The sections 
consisting of # 0/50 mm CCA in sub or sub-base have gained 
15 to 25 percent larger bearing capacity after 13 to 15 years of 
construction than the standard reference pavements that were 
constructed using crushed rock. The increase of the CCA 
stiffness was faster in the first years following construction, and 
further increase was insignificant or not observed after 2-5 years 
from construction.  

 

 
Figure 1. FWD-measurements back-calculated temperature corrected 
bearing capacity results. Identification is presented in table 2. 

Self-
hardening 
properties

Frost 
suscepti-

bility

E-modulus 
[MPa]

Max. content 
of bricks 

[weight-%]

Max. content of 
other materials 
** [weight-%]

0 - 50 mm Hardens No 700 0 0,5

0 - 50 mm Hardens No 500 10 1

0 - 50 mm Uncertain No 280 10 1

Varies No hardening Varies ≤200* 30 1

* to be considered in each case

Pure reclaimed concrete which originates, e.g., from concrete element 
manufacturing

Reclaimed concrete which originates from the demolition of concrete structures 
and buildings. It may contain some harmful materials.

Reclaimed concrete which originates from the demolition of concrete structures 
and buildings. It may not have any self-hardening properties.

Reclaimed concrete which originates from the demolition of concrete structures 
and buildings. No self-hardening properties and it may be frost susceptible

BeM 1

BeM 2

BeM 3

BeM 4

** wood, plastic, etc. In addition of the weight-% demand there may not be 
harmful amounts of special light materials (such as polystrene and other 
insulation materials).

asphalt

[mm]
1 210 160 I/a 910 (4)
2 210 160 I/a 1210 *
3 220 190 I/a 910 **
1 120 220 I/a 230 I/b 610 (4)
2 90 230 I/a 190 I/b 620 (4)
3 130 200 I/a 200 I/b 450 (4)
1 130 320 II/a 590 (4)
2 120 410 I/a 680 (4)
1 160 110 (1) 260 II/c 600 (4)
2 170 120 (1) 280 II/a 460 (4)

E 1 50 50 (1) 800 II/a
A 210 170 (1) 1340 (4)
C 130 210 (2) 300 (3) 440 (4)
D 170 220 (1) 660 (4)
E 50 50 (1) 800 II/a

(a) #0/50 mm (1) crushed rock #0/35 mm
(b) #0/70 mm (2) crushed gravel #0/65 mm
(c) #0/80 mm (3) crushed gravel #0/100 mm
I & II CCA category (4) gravel, sand

(A) VT 4 (1998)*** (D) Lahdenperänkatu (1996)***
(B) Rusutjärvi-Paijala (1996)*** (E) Lasikaari (2000-2001)
(C) VT 3 (1996)*** (R) Reference structures

* Blasted stone sub-base
** C&D waste sub-base

*** Spesific description of the sections are presented
in Forsman et al. 2000a and Dettenborn 2013

R

D

C

B

A

-
-

-

base

[mm]

sub-base lower sub-base
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-
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3.3 Back-calculated E-modulus values by fitting back-
calculated FWD bowls to measured FWD-bowls 

The E-modulus of the CCA structure has been back-calculated 
on the basis of the field measurement data using a finite element 
method program PLAXIS 3D FOUNDATION. Linear elastic 
material models were used to fit the back-calculated bowl to the 
measured FWD-bowls. The pavement layers were back-
calculated layer by layer. Figure 2 shows fitting of the back-
calculated and measured FWD-bowl and the parameters used in 
the linear elastic model.  

The linear elastic material model utilized by the Plaxis-
software caused errors in the back-calculated results. Unrealistic 
tension stresses were formed in the unbound pavement layers as 
a result of the linear elastic material model. The risk was 
emphasized in the pavement structures which are thinly paved 
or totally unpaved. The back-calculated values also depend on 
the thickness and temperature of the asphalt layers, the overall 
pavements structure (base, sub-base and lower-sub-base layer 
thicknesses) and the location of the CCA layer in structure.  
 

 
 

Figure 2. Fitting back-calculated FWD-bowl to the measured FWD-
bowl with linear elastic material model in the Lahdenperänkatu trial 
section.  

3.3.1 Back-calculated E-modulus in pavement base layer 
Figure 3 illustrates the back-calculated E-modulus results for 
the CCA in the pavement base layer.  The back-calculated E-
moduli for the 2-5 years hardened CCA varied approximately 
between 400 to 700 MPa. The trial sections also consisted of the 
reference material sections where pavement structures were 
constructed with conventional materials. The back-calculated 
values for the natural aggregate (NA) varied approximately 
between 200 to 300 MPa. The NA E-modulus values were 25 to 
50 percent lower than CCA E-modulus.  

 

 
 

Figure 3. Back-calculated E-modulus of the pavement base layer. 
Identification is presented in table 2. 

3.3.2 Back-calculated E-modulus in pavement sub-base layer 
Figure 4 presents the back-calculated E-modulus results for  
CCA in the pavement sub-base layer. The results indicate that 
there is a difference between E-modulus of different CCA 
categories. As assumed, the BeM 1 is reaching higher E-
modulus values than the BeM 2. The back-calculated E-
modulus values for the 2-5 years hardened BeM 1 varied 
approximately between 500 to 700 MPa and for the BeM 2 
between 300 to 500 MPa. The back-calculated E-modulus of the 
NA reference sections was approximately between 200 to 300 
MPa, which was clearly lower than the values in the CCA 
layers. 

 

 
 

Figure 4. Back-calculated E-modulus of the sub-base layer. 
Identification is presented in Table 2. 

4 CONCLUSIONS 

Vast amounts of mineral aggregates are required for municipal 
construction activities. Significant amount of the mineral 
aggregates can be substituted by various types of waste 
materials and by-products generated by industrial and other 
activities. Concrete is the most common recycled demolition 
product. In Finland, CCA is classified by its raw material and 
technical properties into four different categories. Well 
supervised and manufactured CCA can be compacted into a 
structure that has a good load-bearing capacity. This study 
focused on investigating the long-term behaviour of the CCA 
category 1 and 2 in road structres. 

The field measurements and the back-calculated test results 
have confirmed that the sections consisting of # 0/50 mm CCA 
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in the sub or sub-base have gained from 15 to 25 percent higher 
bearing capacity in 13 to 15 years after construction than the 
reference pavements that were constructed with the use of 
conventional natural aggregate. The increase of the CCA 
stiffness was faster in the first years following construction, the 
further increase was insignificant or not observed.  

The increase of stiffness has been determined by fitting 
FWD-measurements deflection bowls to back-calculated 
deflection bowls. The back-calculated E-moduli of the CCA 
were superior to that of NA. The back-calculation also showed 
that the source of material influenced the E-modulus of the 
CCA. Yet, the back-calculated E-moduli of the CCA varied 
widely.  

Figure 5 draws the general principle of crushed concrete 
aggregates loading factor in pavement structure. Due to the 
increase of the material compression strength during time the 
CCA material loading factor is decreasing. Insufficient bearing 
capacity in the base or sub-base layer may lead to deformations 
in road structure (Korkiala-Tanttu & Laaksonen 2003). 
Therefore, the decrease of the loading factor is indicating that 
the long term behavior of the CCA is improving after 
construction and is superior to NA.  

 

 
 

Figure 5. CCA material long term behavior in base or sub-base layer 
stress state. 
 
According to the results, CCA performed excellently as the  
unbound base or sub-base layer. However, more research is 
required to confirm the long-term stability of the material. 
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ABSTRACT: In case of geotechnical engineering structures satisfying the SLS is probably more difficult than the ULS; therefore a 
greater understanding of the dynamic soil properties and deformation characteristics of soils is essential. Under undrained conditions a
degradation of the stiffness was observed by researchers in both cohesive and grainy soils. However, under drained loading of sands, 
an increase in the stiffness with increasing number of cycles was experienced. The degradation occurs due to the generation of pore 
pressure and changes in the soil structure. According to practical experience, plastic soils are not perfectly saturated in situ even under 
the ground water level; therefore a generation of the pore pressure is not possible in case of dynamic loading, so theoretically no
degradation can occur. In this study unsaturated undisturbed high plasticity stiff clays were loaded by cyclic triaxial apparatus. A 
group of the samples were subjected to 50,000 load impulses straightaway, while the other group was first subjected to static preload 
to study the effects of monotonic load history. The dynamic deformation characteristics of pre-loaded case were compared with the 
non-consolidated samples. The residual axial strains resulted from cyclic loading were compared with an only statically loaded case. 

 

KEYWORDS: monotonic pre-load; undrained cyclic triaxial test; accumulation of strain; unsaturated clay; dynamic soil properties 
 

 
1 INTRODUCTION. 

Geotechnical engineering structures such as foundations, 
railroad tracks, dams, retaining walls are often subjected to 
dynamic loads which may act due to high-speed traffic, 
earthquakes, wind load or industrial machines. When such 
dynamic load occurs, the soil behaves different compared with 
static case, which makes the dynamic analysis and the 
evaluation of ground response much more complex. In case of 
geotechnical structures, satisfying SLS is probably more 
difficult than ULS; therefore a greater understanding of the 
dynamic strain properties of soils is the key when one makes a 
non-linear analysis. 

In the last decades many researchers (Idriss et al. 1980, 
Vucetic and Dobry 1988) carried out undrained cyclic tests 
(cyclic simple shear test, cyclic triaxial test, hollowed cyclic 
torsional test) to determine the dynamic soil parameters of 
saturated soils. Under undrained loading conditions, the 
hysteretic loop of a soil specimen becomes flatter with an 
increasing number of cycles. This process can be explained by 
the generation of the pore pressure and the changes in the soil 
structure induced by the cyclic loading (Kramer 1996). In the 
literature two important limit stress ratios were suggested, the 
first is the threshold stress ratio; the second is the critical stress 
ratio (Lin et al. 2013). Below the threshold ratio neither pore 
pressure generation nor significant degradation occurs (Ansal 
and Erken 1989). The critical stress ratio is defined (Larew and 
Leonards 1962) as the maximum stress ratio at which no failure 
occurs even after a large number of cycles. The CSRs of the 
mentioned tests were carried out above the threshold limit but 
below the critical limit, therefore the degradation of the stiffness 
is not a result of the failure of the samples but of the generation 
of the pore pressures. Such decrease of the stiffness can be 
observed not just in case of cohesive soils but in case of sands 
too (Dobry and Vucetic 1987). According to experimental 
studies (Lin et al. 2013) the rate of degradation becomes slower 
with an increasing number of cycles, and the decreased stiffness 

reaches a steady state after a large number of cycles. After the 
number of cycles is large enough the hysteretic loops stop 
becoming flatter and flatter and they almost remain identical. 

In case of drained test the excess pore-water pressure 
generated by the cyclic load can dissipate, therefore no 
degradation occurs. Under drained conditions researchers 
(Silver and Seed 1971, Dobry and Vucetic 1987) experienced an 
increase of the stiffness with an increasing number of cycles. In 
case of drained test the generated pore pressure dissipates from 
the sample while the initial void ratio decreases that is to say the 
sample becomes denser. In general the stiffness of a denser soil 
is higher. During the drained cyclic loading the hysteretic loop 
of the sample becomes steeper and narrower unlike in undrained 
case. 

As it can be seen from the reviewed studies the behavior of 
the cyclically loaded soils is strongly dependent upon the excess 
pore-water pressure and the drainage conditions. Many 
geotechnical engineering structures are subjected to cyclic 
loading above the ground water level, therefore the subgrade is 
not saturated. Also, sometimes non-marine clays are not 
saturated even under the ground water level. When an 
unsaturated soil is loaded, no generation of excess pore-water 
pressure takes place, so theoretically no degradation would 
occur in case of undrained cyclic loading. So far, the studies 
focused on the nature of saturated samples however the 
behavior of the unsaturated soils would require a further 
investigation.  

To estimate the accumulating residual strains in a soil mass 
caused by cyclic loading, the knowledge of the current void 
ratio, the stress state and the strain amplitude is not enough 
because the rate of accumulation depends on the load history of 
the soil, (Wichtmann and Triantafyllidis 2003) therefore the 
knowledge of previous loads is also necessary. The effect of 
prestraining on stiffness was studied (Drnecich and Richart 
1967). The researchers found that prestraining with large strain 
amplitude results a significant increase in the specimens’ 
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stiffness. In case of prestraing with small strain amplitudes no 
changes were experienced. Another series of tests were carried 
out (Wichtmann and Triantafyllidis 2003) in order to determine 
the influence of a cyclic loading history on dynamic soil 
properties. The researchers applied freshly pluviated dry sand 
specimens. It was found out that the small strain shear modulus 
was reduced in the first few cycles then a slightly increased with 
the number of cycles. During the prestrained specimens no 
significant increase of the small strain modulus was observed 
compared with the non prestrained samples. According to the 
reviewed studies the results are quite contradictionary 
(Wichtmann and Triantafyllidis 2003). 

In this paper unsaturated cohesive soils are loaded under 
undrained conditions by cyclic triaxial apparatus. A relatively 
large number of cycles (50,000) are applied in order to 
investigate the long-term behavior of these soils. The aim of this 
study is to decide whether the behavior of the unsaturated 
cohesive soils under undrained cyclic loading is similar to the 
drained conditions of sand or will there be any degradation. 
Also, the effect of load history on the stiffness, damping ratio 
and the accumulating residual strains is quite contradictionary; 
therefore a further investigation is necessary. A group of 
specimens were subjected to 50,000 load impulses straightaway, 
while the other group was first subjected to static preload to 
study the effects of monotonic load history. The dynamic 
deformation characteristics of pre-loaded case were compared 
with the non-consolidated specimens. A control specimen was 
loaded only monotonically to compare the long-term 
consolidation properties with the dynamic loading.  

2 TEST PROCEDURE AND MATERIALS 

The tested samples were originated from a borehole from  
24-25m depth. Undisturbed samples were obtained by  
plastic tubes with a diameter of 130mm and a length of 300mm. 
From the plastic tube further specimens were obtained by thin-
walled metal sampler with a diameter of 38mm and a length of 
75mm. The most important properties of the tested soils are 
shown in Table 1. 
Table 1. Soil properties of the tested materials  

Properties Value 
Liquid limit wL [%] 65,3 
Plastic limit wp [%] 23,5 

Plasticity index Ip [%] 41,8 
Water content w [%] 34.6-36.4 

Consistency index Ic [-] 0.69-0.73 

Dry unit weight rd [g/cm3] 1.32-1.35 
Initial void ratio e0 [-] 1.07-1.12 

Degree of saturation [%] 89.4-90.9 
 
First, the undrained shear strength (128,3kPa) of the 

specimens (#101) was determined in order to choose a proper 
CSR for the dynamic tests. The cell pressure was kept constant 
at 50kPa during all the tests. The specimens were first subjected 
to the hydrostatic cell pressure for 1 min then a 50kPa deviator 
stress was applied. After reaching the desired deviator stress, 
50,000 numbers of two way sinusoidal cycles were applied 
straightaway for two specimens (#102 and #103). The pulsating 
deviator stress amplitude was ±35kPa. Two other samples (#104 
and #105) were subjected to monotonic pre-stress at 50kPa 
deviator stress for the equivalent time of the cyclic loading. 
After the consolidation a cyclic loading was carried out with the 
same number of cycles and amplitude. The sixth sample (#106) 
was consolidated first at 50kPa then at 85kPa deviatory stress. 
The time of loading in both cases was equivalent to the duration 
of the cyclic loading. The frequency of the sinusoidal load was 
2Hz. The parameters of the tests are summarized in Table 2. 
 

Table 2. Summary of the carried out tests  

test 
no. 

Cell 
pressure 

[kPa] 

Constant 
deviatory 

stress 
[kPa] 

Pulsating 
deviatory 

stress 
[kPa] 

Pre-
stress 

Shear 
strength 

[kPa] 

#101

50 

- - - 

128,3 

#102 50 ±35 - 
#103 50 ±35 - 

#104 50 ±35 
416 mins 
@50kPa 

#105 50 ±35 
416 mins 
@50kPa 

#106 50 then 85 - - 

3 TEST RESULTS AND DISCUSSION 

Figure 1 (a) presents the stress-strain hysteretic loops of sample 
#102 at different number of cycles. According to the figure, the 
hysteretic loops become steeper and narrower with increasing 
number of cycles. The steeper inclination of the hysteretic loop 
means the increase of the elastic modulus of the undrained 
specimen. During the loading, no excess pore-water pressure 
was measured, which also indicates that no degradation occurs 
during the undrained loading of unsaturated clays. The 
hysteretic loops of the monotonically preloaded sample #104 
are shown on Figure 1 (b). In case of the preloaded sample the 
stiffness successively reduces in the first 10,000 cycles however 
it increases during the forthcoming loadings. Comparing the 
hysteretic loops of the preloaded specimen with the non-
preloaded one it seems that due to the consolidation the sample 
becomes denser which results a stiffer behavior in the first few 
thousand cycles. Also, the area of the hysteretic loop is much 
smaller in the first cycles; therefore the damping ratio is also 
smaller. However, comparing the results at the later cycles the 
hysteretic loops look almost identical, therefore the effect of the 
monotonic preloading is vanished if the number of cycles is 
large enough. 

 

Figure 1. Stress-strain hysteretic loops at different number of cycles: (a) 
non-preloaded case, (b) monotonically preloaded case 
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The changes of the elastic moduli of the various specimens 
with respect to the number of cycles are graphically represented 
in Figure 2 (a). Figure 2 (b) plots the elastic moduli of the 
specimens versus the logarithm of the number of cycles hereby 
the rate of increment is more expressive. According to Figure 2 
the elastic moduli of the non-preloaded specimens constantly 
increase with increasing number of cycles as it was expected 
according to the hysteretic loops. Therefore no degradation 
takes place when the unsaturated non-prestressed samples are 
loaded cyclically under undrained conditions. The elastic 
moduli of the preloaded specimens at the beginning of the test 
are around two times higher than the non-preloaded ones. 
During the first few hundred cycles the stiffness successively 
decreases. When the values of the preloaded specimens 
approach the non-preloaded ones’ reduction of the stiffness 
stops, then a slight increase can be observed. After a large 
number of cycles, the elastic moduli of the various load cases 
converge to a roughly identical value. At the end of the loading, 
the tangents of the E-N curves are almost equal therefore the 
rate of change of the stiffness is also equal. Based on Figure 2., 
the effect of a monotonic preload on the elastic modulus can be 
neglected after a large number of cycles. 
 

Figure 2. (a) Increments of elastic modulus with increasing number of 
cycles: (b) in logarithmic scale 

Along with stiffness, the damping characteristics of soils are 
also extremely important in case of dynamic analysis, therefore 
the study of its behavior is necessary. The damping ratios of the 
various specimens are plotted in Figure 3 versus the number of 
cycles in logarithmic scale. Unlike the elastic modulus, the 
damping ratio has a much lower initial value when monotonic 
preload was applied. The shape of the E-N and D-N curves is 
quite reverse. The damping ratio remains constant or slightly 
decreases at the first few hundred of cycles, however the values 
of the non-preloaded specimens reduce drastically, and drop to 
half of its initial value in the same loading period. After the 
transient period, the rate of the reduction of the damping ratios 
is equal in both cases since the tangents of the curves at the end 
of the loading are approximately equal. Similarly to the E-N 
curves, the damping ratios of the various load cases tend to an 
approximately common value. This means that after a large 
number of cycles, the effect of a monotonic preload on the 
damping characteristics can be neglected.  

Figure 3. Reduction of damping ratio with increasing number of cycles 

Traffic and wind load has a relatively small CRS, therefore 
satisfying ULS is usually not critical, however the SLS and 
prediction of the settlements caused by the cyclic loading during 
the lifetime of the geotechnical structure are challenging. 
Accordingly, a thorough study of the accumulating strains 
caused by cyclic loading is necessary. Figure 4 represents the 
axial strains versus the number of cycles, where the curves 
show the measured strain at the peak stresses in compression 
and extension. According to Figure 4. the dominant part of the 
strains develops in the first few thousands of cycles, following 
that the rate of accumulation decreases, however the increase of 
the residual strains does not stop. According to Figure 4. the 
magnitude of the residual strains is much lower in case of the 
preloaded samples. This indicates that the accumulation of the 
strains reduces drastically due to the monotonic pre-stress. 

 

Figure 4. Accumulation of residual strains versus the number of 
cycles 

The accumulation rate of the residual strains is more 
expressive if the number of cycles is represented in semi-
logarithmic scale (Figure 5.).  
 

Figure 5. Accumulation of residual strains versus the number of 
cycles in semi-logarithmic scale 
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The axial strain is almost a linear function of the logarithm 
of the number of cycles; therefore the rate of accumulation is 
constant in logarithmic scale as Figure 5 shows. The magnitude 
of the axial strains at the end of the cyclic loading is greater 
when no pre-stress was applied. At the beginning of the cyclic 
loading the tangents of the pre-stressed specimens are much 
flatter than the non preloaded ones. The inclination of the 
curves become almost identical after around N=3000, which 
means that the rate of accumulation is approximately equal. The 
statement is similar to the stiffness and the damping ratio. The 
effect of the monotonic pre-stress on the strain accumulation 
rate is only temporary, after a large number of cycles the 
residual strains accumulate at almost the same rate. 

During the loading procedure, strain was generated by many 
causes. The first is the strain that occurs due to reaching the 
constant deviator stress (50kPa), the second that is generated 
under the consolidation of the preloaded samples and the third 
that is accumulated because of the cyclic loading. So far only 
the effect of cyclic loading was discussed. In the previous 
section it was stated that the permanent strain resulted from the 
cyclic loading is lower when the sample was prestrained earlier. 
However it is important to study the increments of the total 
strains with respect to time, namely the consolidation curve. 
The curve is represented in Figure 6. According to the figure the 
total strains (including the strains due to the first loading and the 
monotonic preload) during the loading procedure might be 
different, but at the end of the test they are approximately equal. 
These results also verify the previous statements, that the 
monotonic pre-stress has a strong influence on the short term 
consolidation characteristics of the unsaturated samples, 
however in long-term, the differences are diminished. 

 

Figure 6. Consolidation curve of the tested specimens 

4 CONCLUSION 

It is extremely important to provide suitable dynamic soil 
properties for the analysis of geotechnical structures such as 
high speed transport systems and wind farms. During their 
operation, these structures lie under cyclic loads which generate 
excess pore-water pressure in the subgrade. Due to the 
development of the pore pressure degradation occurs in the 
saturated subgrade. However, soils above the ground water level 
are not saturated, therefore no excess pore pressure can develop, 
hence no degradation arises theoretically. The effect of pre-
stress, especially a monotonic preload on the dynamic soil 
properties is not clarified and the results in the literature are 
contradictionary. 

Laboratory tests were carried out to study the behavior of 
unsaturated and undisturbed clay samples under cyclic loading, 
and the effect of monotonic preload was taken into account. The 
conclusions can be summarized in the following:  

a. During the cyclic loading no excess pore-water pressure was 
measured on the unsaturated samples and no degradation 
was observed. The behavior of the samples was similar to 
sands under drained conditions (Silves and Seed 1971). 

b. At the beginning of the loading the elastic moduli of the 
preloaded specimens are much higher than the non preloaded 
ones; however the differences are shortly equalized. At the 
end of the loading the stiffness of the various load cases 
tends to an approximately identical value. 

c. The properties of the D-N curves are the opposite of the E-N 
curves. The damping ratios of the non-preloaded specimens 
are much higher at the beginning of the cyclic loading, 
however the values reduce rapidly. At the end of the loading 
procedure the damping characteristics of the samples with 
various loading histories are almost identical.  

d. The residual strain resulted from the cyclic loading is much 
higher in case of the non pre-stressed specimens. Most of the 
strains are generated at the first segment of the cyclic 
loading. After a large number of cycles the rate of 
accumulation of the various cases is almost identical. 

e. Although the total strains of the various cases are 
approximately equal, the settlements resulted from the 
operation (cyclic loading) of the facilities can be reduced by 
applying a monotonic preload during the construction. In this 
way the settlements will harm the erected structure less. 

f. The settlements resulted from live loads can be reduced by 
monotonic preload, however it will not eventuate improved 
dynamic soil properties, because the differences in the soil 
parameters occur only at the beginning of the cyclic loading. 
In long term, the stiffness, the damping characteristics and 
the rate of strain accumulation tend to an identical value in 
both loading cases. Therefore the effect of a monotonic load 
history on the dynamic soil properties can be neglected if the 
number of cycles is large enough. 
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Experimental and numerical (DEM and FEM) non-cohesive soil uniaxial 
compression 
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ABSTRACT: Compressibility of silica sand grains is investigated by tests and via numerical simulation, validation of obtained results
performed. The Baltic Sea shore sand in Klaipėda region was used. Shape of sand grains was analyzed by scanning electronic
microscope (SEM) and view analysis program “STIMAN”. The determined morphological parameters of sand grains where employed
to create discrete models (particle models of grains), subsequently employed for sand soil compression test numerical simulation via
discrete element method (DEM) techniques. The background version of DEM and the numerical time-integration algorithm 
implemented into original DEMMAT code. Compression tests were realized by oedometer device. Additionally sand compression 
was simulated with finite element method (FEM) program “PLAXIS 3D FOUNDATION” (2007). According to obtained and 
validated results it was given recommendation to evaluate soil Young’s modulus in numerical simulations via FEM. 

 

KEYWORDS: sand compression, DEM, FEM, morphological parameters, oedometer, Young’s modulus. 
 

 
1 INTRODUCTION 

This research work presents experimental and numerical 
simulation testing of non-cohesive soil (sand) uniaxial 
compression with oedometer test. Experimental test is 
considered as standard test for numerical simulations with 
discrete element method (DEM) and finite element method 
(FEM). 

In Lithuania usually for shallow foundations or pile (pile 
group) settlements calculations it is used Summing method 
(Vitale and Skuodis 2013).  This method mostly used, because 
calculated settlement according to common soil type which are 
in Lithuania is having the best matching with real engineering 
structures foundations settlements. Nevertheless, usually 
calculated settlement with Summing method is sligthly different 
than a real settlement of engineering structure or building. 
According to this small difference of settlements it was 
provided research work in order to smooth the difference of 
numerical simulation and real displacements of engineering 
structures as much as possible. 

For Summing method calculations it is necessary to 
determine soil Young’s modulus E, which is recalculated from 
oedometer Young’s modulus Eoed (Amšiejus et al. 2006). In this 
case Young’s modulus it is very important value for Summing 
method and it is necessary to determine Eoed very accuratelly. 

The compressibility of Baltic Sea Klaipėda region Seacoast 
area sand samples via testing and numerical simulation and 
subsequent validation of results is performed. Before 
compressibility tests sand is investigated with scanning 
electronic microscope (SEM) to determine mean morphological 
parameter – particle form coefficient. According to this sand 
microstructure analysis is reconstructed particle shape using 
DEM technique. 

The aim of this paper is to evaluate numerically via DEM the 
actual vertical stress difference at the top and bottom of 
oedometer device. According to this stress difference it is 
simulated oedometer test with finite element method. 
Additionally it is given a solution how to evaluate Eoed. 

 

2 SHORT REVIEW OF ENGINEERING GEOLOGICAL 
CONDITIONS OF INVESTIGATED SITE 

The investigated site occurs in north part of Klaipėda city at the 
Baltic Sea coast (Fig. 1). For investigation purpose the sand was 
sampled in the zone where wave’s lapped sand. In this zone 
Holocene age marine deposits (m IV) occurred.  

The deposits that occurring in the Lithuanian coast of the 
Baltic Sea formed during Quaternary. There are two 
geologically and geomorphologically different sectors of the 
Lithuanian coastal area: the continental sectors (to the north 
from Klaipėda) and Curonian spit. The continental sector of the 
Lithuanian coast is geologically diverse. The northern and the 
southern parts of the continental coast are formed mainly of 
sandy sediments of the Littorina and Post-Littorina seas and 
their lagoons. Glacial (moraine) deposits formed during the Late 
Nemunas and Medininkai glaciations, in most cases occurring 
in the central and southern parts of continental coast of Baltic 
Sea (Bitinas et al. 2005; Jarmalavičius et al. 2006). The 
investigated area occurs in the southern part of continental coast 
(the northern part of Klaipėda city). To the north of the 
Klaipėda city only the immediate near-shore contains a sandy 
strip (m IV), which occurs in up to 4-5 meters of the sea water 
depth. At greater depth of the sea the glacial deposits (g II-III) is 
occurred (Fig. 2) (Viška and Soomere, 2013). 

The later marine sediments of the Littorina Sea (m IVL) and 
the Post Littorina Sea (m IVPL) sand sediments are mainly 
formed of fine and silty sands, randomly with adulterant organic 
matter. Also, coarser sediments (gravelly sand) can be found. 
The recent marine sediments (m IV) consist mainly of gravelly, 
medium and fine sands (Dundulis et al. 2006). 

 The average (or mean) density of particles (ρs) value of 
marine sands is 2.66 Mg/m³ and ranges from 2.65 to 2.67 
Mg/m³. Regardless the genesis of marine sand and their grain 
size distribution the mineral composition consist mainly of 
quartz and feldspar. The natural moisture content (w) depends 
on degree of saturation of water and ranges from 13.7 to 22.5%. 
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The void ratio (e) in fine sand changes from 0.474 to 0.778 
(Dundulis et al. 2004; Dundulis et al. 2006). 

 

 
 
Figure 1. Place of investigated site. The geological situation of Baltic 
Sea coast prepared according to Bitinas et al. 2005. 

 

 
 
Figure 2. Bottom sediments on the underwater slope close to Giruliai 
(Bitinas et al. 2005). 

 The recent marine sediments (m IV) were formed in the 
coastal zone, therefore a distinctive morphological feature of 
grain shape is the high sphericity (P = 0.84) (Dundulis et al. 
2004). 

 
3 EXPERIMENTAL SETUP 

Evaluation of morphological parameters for Baltic Sea shore 
sand was provided. Mineralogical composition of investigated 
sand is given by Amšiejus et al. (2010), sand granulometric 
composition is given by Kavrus and Skuodis (2012). Using 
scaning electronic microscope (SEM) it was obtained mean 
sand particles form coefficient and shape. Results of SEM 
investigations is given in Table 1. Mean particle shape of all 
sand particles was determined according to Krumbein and Sloss 

(1951) given solution. Additionally it was checked sand 
particles form coefficient from different angles (Fig. 3) and 
according to obtained results which are given by Skuodis and 
Šlečkuvienė (2014) it was decided to use only 2D (picture view 
from top) SEM analysis results. 

 

 
 
Figure 3. Morphology parameters investigation from different angles: a) 
internal view of microscope b) characteristic Baltic Sea-shore sand 
shape. 

 
Table 1. Identification of particle shape.  

Parameter Particle shape Form coefficient, Kf 

Experimental  0.702 

Numerical   0.730 

 
Sand compression test was provided using oedometer test 

device LO3500 (Wille Geotec Group 2010). Used oedometer 
height 3.39 cm, diameter 7.14 cm. Sand sample was loaded up 
to 400 kPa with loading ramp 400 kPa/min. Initial sand sample 
density was ρ = 1.5 g/cm3, obtained particles density ρs = 2.65 
g/cm3. Detailed testing procedure is given by Skuodis et al. 
(2013). 

First part of numerical simulation via DEM was provided 
using DEMMAT code (see Balevičius et al. 2004).The quality 
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of implementation is handled by a physically observable 
behaviour of interactions: particle–particle, particle–wall, 
particle– bottom and/or top plate (porpus stone), and by the 
validation with the results obtained from physical experiments. 
Detailed information about used models and parameters in 
DEM simulation is given by Skuodis et al. (2014). 

Second part of numerical simulation via FEM was provided 
using PLAXIS 3D Foundation (2007). For soil modelling with 
FEM was used experimentally and numerically (with DEM) 
obtained soil sample Young’s modulus. More information about 
FEM modelling and soil parameters used in simulation is given 
by Vitale and Skuodis (2013). 

 
4 RESULTS 

Fig. 4 presents compresion comparison of simulated soil via 
DEM technique and experimental test. For numerical simulation 
used particle Young’s modulus Ep = 98.0 GPa. Obtained 
difference of vertical stress (σn = 400 kPa) at the same strain (ε 
= 1.76 %) from numerical simulation and experimetal test is 5.3 
%. Stress jumps which appears in the DEM simulation (Fig. 4) 
are explained by Skuodis et al. (2013). 
 

 
 
Figure 4. Vertical stress versus strain. 

 
According to the small difference between normal stresses 

(see Fig. 4) it was analysed simulated soil sample stress 
difference at the top of porous stone and at the bottom of the 
oedometer. This stresses distribution analysis was provided only 
with DEM technique, because in experimental test to measure 
vertical stress is possible only at the top of sample where is a 
contact of soil and porous stone. Numerical simulation with 
DEM revealed difference (~10.5 %) between normal stresses at 
the top (374.3 kPa) and bottom (334.9 kPa) of simulated sample 
compression (see Fig. 5).  

 

 
 
Figure 5. Vertical stress versus simulation time. 

 
Due to the obtained 10.5 % of normal stresses difference, 

simulated soil Young’s modulus has decreased approximately 

~10 % (in bottom of oedometer test device). In this case soil 
Young’s modulus at the top of oedometer is Eoed = 21.27 MPa 
and at the bottom of oedometer Eoed = 19.03 MPa. With this 
new recalculated Young’s modulus (at the bottom of 
oedometer) it was numerically simulated sand compression in 
oedometer test device with finite element method (FEM) 
program PLAXIS 3D Foundation (2007). Simulation results are 
given in Fig. 6 and 7. 

 

 
 
Figure 6. Total displacement distribution in oedometer (Eoed = 21.27 
MPa). 

 

 
 
Figure 7. Total displacement distribution in oedometer (Eoed = 19.03 
MPa). 

Obtained simulated sand settlements in oedometer device 
with two different initial Young’s modulus (Eoed = 21.27 and 
19.03 MPa) was having almost the same displacement 
difference (9.44 %) as a difference between used Young’s 
modulus (10.53 %). When for simulation it is used Eoed = 21.27 
MPa obtained displacement s = 1.73 cm (see Fig. 6) and when 
Eoed = 19.03 MPa displacement is s = 1.91 cm (see Fig. 7). 

 
5 CONCLUSIONS 

Obtained results from numerical simulations via discrete 
element method technique revealed, that at the top of simulated 
oedometer device and at the bottom, normal vertical stress 
difference is 10.53 %, respectively. According to obtained two 
different stresses it was calculated in simulations used soil 
sample Young’s modulus Eoed, where difference was the same 
as for normal vertical stresses (10.53 %). 

Finite element simulation showed that obtained different Eoed 

from DEM simulations which was assigend for all soil sample, 
numerically calculated displacements results difference was 
9.44 %. 
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Author’s is suggesting to use Eoed which is calculated 
according to vertical normal stress at the bottom of oedometer 
device, because in this case it is possible to get higher 
displacement value which is more common to real structure and 
soil interaction result. Nevertheless numerical modelling of soil 
still is very difficult and person who is using computational 
results obtained from FEM must be aware of his responsibility. 
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ABSTRACT: Natural soft Scandinavian clays have anisotropic, non-linear strain and time dependent properties which require 
advanced constitutive models to adequately reproduce strength and stiffness during short term and long term loading. This paper 
describes the development towards a pragmatic effective stress model for soft Scandinavian clays which incorporates anisotropy, rate-
dependence (creep) and the effects of structure. It is further shown how such as model can be implemented in computer code for use 
in the finite element application PLAXIS, following a modular approach and a framework in which the constitutive relations are 
written and generated within MATLAB as symbolics and converted to FORTRAN code.

KEYWORDS: Soil modeling, anisotropy, rate-dependence, creep, destructuration 
 

 
1 INTRODUCTION.  

Natural soft Scandinavian clays have obtained many of their 
characteristics by the relatively long depositional time and stress 
history. The importance of the different features depends on the 
geotechnical problem at hand and which “limit” state is to be 
investigated. For an ultimate limit state (ULS), the mobilization 
of shear strength with strain is of great importance, while in the 
serviceability limit state (SLS) the initial stiffness development 
may be more important. A finite element model of the problem 
can offer insights into how the stresses and strains distribute 
within the soil and develop with time. The soil model will need 
to prove itself by predicting stress and strain paths that can 
compare to laboratory test data and provide a good fit. Although 
a good fit may indicate the applicability of a model, it should be 
recognized that the predictive capability is first found by 
comparing model curves to lab tests not used in the initial 
calibration.  

This paper describes the ongoing development of a model 
for soft Scandinavian clays which includes features such as 
anisotropy, rate-dependence and the effect of structure 
(destructuration). The model shall meet requirements set for 
typical design purposes rather than capturing all aspects of the 
material. Further, a computational framework is presented 
which allows the implementation of soil models in the finite 
element application PLAXIS using MATLAB and FORTRAN. 
The implementation follows a modular approach which allows 
changes to a model’s formulation to be performed with relative 
ease. 

1.1 Background 

 Berre and Bjerrum (1973) published extensive experimental 
test results on normally consolidated Drammen clay (among 
others). The specimens were shown to have an apparent OCR 
originating from long term secondary consolidation (creep), and 
showed anisotropic and rate dependent properties with a peak 
shear strength followed by softening behavior towards final 
failure. These features are core characteristics of typical natural 
soft clays and need to be included in an advanced model. 

 
Several existing state-of-the-art soft clay models are based 

upon the critical state soil mechanics concept (CSSM) and may 
simplify to the well-known Modified Cam Clay model if certain 

features are omitted. The n-SAC model (Grimstad & Degago, 
2010) is an advanced model incorporating many features found 
for natural clays. This model will be used as basis by extending 
or simplifying current formulations to provide a pragmatic 
model tailored for practical application.  

For the model at hand, “advanced” parameters will be, when 
possible, set to fixed values or found from relations to 
engineering parameters. This will in total make the model more 
appealing for practicing engineers, particular in Scandinavia but 
also in countries with similar clays.  

2 FEATURES 

The theory of plasticity (Hill, 1950) was originally 
developed for metals which behave quite differently from soils. 
Despite the differences, the concept of yield surfaces, plastic 
potentials and hardening laws allow simple models to be 
extended or reformulated to account for more advanced features 
with relative ease.  

The Modified Cam Clay (MCC) model assumes an isotropic 
reconstituted soil which deforms as a continuum and is not 
affected by creep or rate of loading. The critical state concept 
(Schofield & Wroth, 1968) states that soils and other granular 
materials, if continuously sheared until they flow as a frictional 
fluid, will come into a well-defined critical state. At this state, 
shear distortions can occur without further change in effective 
stresses or specific volume.  

The path the soil takes between the initial condition and the 
critical state can be influenced by introducing more parameters 
which evolve with the state of the soil. This will necessarily 
mean a more complicated model formulation, but does allow for 
richer behavior and more flexibility. 

Typically, the evolution rule for such a state parameter can 
be interpreted as a “differential”, i.e. giving the change in 
parameter, ds, per change in plastic multiplier dλ:  

 
 

(2.1) 

In the following the effects of anisotropy, rate-dependence 
(creep) and structure (destructuration) are briefly described and 
it is shown how these effects can be incorporated in a MCC type 
of model. Finally it is outlined how such a model can be 
implemented in computer code for use in PLAXIS. 

" 	 	 	 " 
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2.1 Preconsolidation 

The preconsolidation is a measure of the highest load the soil 
has ever experienced, represented by the size of the yield or 
reference surface. An evolution rule for the preconsolidation 
′  can be found by linking the plastic volumetric strain 

increment to a change in preconsolidation: 
   

 
 
 
 

(2.2) 

 

Where  for the MCC model, λ, κ and v are the slope of 

the normal compression line, slope of the swelling line and the 
specific volume respectively. 

2.2 Anisotropy 

If a soil behaves the same way for loads applied in any 
direction, and this does not change during loading, it can be said 
to behave isotropic. Even a reconstituted soil would become 
anisotropic when subjected to an anisotropic load, an example 
of stress induced anisotropy. Performing laboratory tests on 
natural soft clays (Länsivaara, 1999) reveal inclined yield 
surfaces in a q-p’ plane which tend to rotate with the evolving 
anisotropy. Hence, to incorporate anisotropy a yield or reference 
surface must to be allowed to rotate and an evolution rule for 
the change in rotation, or anisotropy, should be defined. 

 
A surface with rotational degrees of freedom (eq. 2.3) is used in 
e.g. the n-SAC model (Grimstad & Degago, 2010), S-CLAY1 
(Wheeler, Näätänen, Karstunen, & Lojander, 2003) and 
SANICLAY (Dafalias, Manzari, & Papadimitriou, 2006). In the 
n-SAC model, the anisotropy is defined by a deviatoric 
rotational tensor  which comprises 6 components in a general 
3D formulation. 
   

 
 
 
 

(2.3) 

Eq. 2.3 describes a rotated and distorted ellipse in a q-p’ 
plane, corresponding to the MCC yield surface if the rotation is 
zero. The deviatoric stress vector  is defined so that 
   

 
 

(2.4) 

where  is the second deviatoric invariant and ′ is the 
hydrostatic effective stress. The evolution rule for the 
anisotropy can in general depend on both volumetric and 
deviatoric strain increments and should define the limits of 
maximum rotation. Following the n-SAC model, the evolution 
rule can be given as: 

 
   

 
 

   (2.5) 

 
 
where  are constants, < > are the Macaulay brackets 

and  is a destructuration parameter defined in the next section. 

2.3 Destructuration 

Natural clays exhibit bonding (structure) between particles 
(Gens & Nova, 1993) which will break during straining, i.e. the 
soil will progressively lose structure until it reaches a state 
where all the original bonding is gone. In the simplest form the 

effect of structure can be introduced by a single parameter x (eq. 
2.6) affecting the size of the yield or reference surface. The two 
states, the natural and the reconstituted, can be thought to be 
represented by two surfaces, the natural and intrinsic, linked in 
preconsolidation so that when 0 all the structure is gone 
and the natural surface equals the reconstituted in size: 

′ 1 ′   (2.6) 

where  indicates intrinsic property. 
The change of state parameter x is generally dependent on 

both the plastic volumetric and deviatoric strain increments.  

 
 

(2.7) 

 
where  and  are constants which can be obtained by 

curve fitting. It should be noted that the change in x is 
dependent on (negative) x itself, making x decay towards zero.  

2.4 Rate-dependence (creep) 

The effects of rate-dependence and creep are important to 
the short term and long term stress-strain behavior for many 
reasons, one being the increase in shear strength for increasing 
strain rate and one other being the development of long term 
creep deformation for a constant loading.  

One way to incorporate rate effects is to define how the 
plastic multiplier depends on time, as proposed by (Grimstad, 
2009). Following the time resistance concept (Janbu, 1969) 
which uses a single creep parameter , it can be shown that the 
change in multiplier per time is given by: 

 

 
 

(2.8) 

 
It should be noticed that eq. 2.8 does not depend on time itself 
but rather a change in preconsolidation. The derivation of this 
expression involves finding the plastic volumetric change due to 
creep from a reference time  to time  and linking this change 
in volume to a change in preconsolidation, thus eliminating 
time. Eq. 2.8 extends the time resistance concept from an 
oedometer condition to a general three-dimensional space, and 
by the chain rule  defines the plastic flow direction for an 

 oedometric condition. Some of the advantage of this 
approach is that it allows post-peak strain rate variation and 
creep swelling, and reference is given to the work of (Grimstad, 
2009) for a more thorough derivation and discussion. 

3 NUMERICAL IMPLEMENTATION 

A constitutive model describes the relation between stresses 
and strains, which in a typical computer implementation would 
imply that a strain (and time) increment is given as input and the 
model provides the corresponding stress state as output. 
PLAXIS is a finite element application for both 2D and 3D soil 
calculations which offers the possibility of creating user defined 
soil models by defining a subroutine with specific arguments.  

3.1 Stress update 

For a given strain increment a unique stress increment may 
be found following Hooke's law: 

  (3.1) 

A possible numerical method needed for the implementation 
of constitutive models is the generalized trapezoidal rule (Cook, 
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Malkus, Plesha, & Witt, 2002). In the case of stress independent 
stiffness matrix the stress update can then be rewritten as  
   

1 Δ γΔ   (3.2) 

Where  is the new stress state, and 0 1 where 
0 and 1 correspond to the Euler forward and the Euler 

backward integration respectively, but  may also take other 
values. Explicit methods, such as the Euler forward integration, 
are in general less computational demanding than implicit 
methods, such as the Euler backward integration. Implicit 
methods are using the calculated information at the end of the 
step until a certain given tolerance is reached. An iterative 
corrector procedure can enforce the step within the tolerance 
before the next step is calculated. Explicit methods use the 
information from the previous step to calculate all information 
in the next step. This causes the explicit method to drift away 
from the real solution. The greater steps the greater error. While 
each step in an implicit method is computational costly, it 
produces small errors even for large steps. Explicit methods are 
computationally cheaper, but demands smaller steps. The choice 
is hence between fewer, expensive steps and more, cheaper 
steps. 

As the implicit method often performs well on today's 
computer for static problems that are computationally quite 
cheap, as opposed to dynamic problems, only the implicit 
method ( 1 in eq. 3.2) will be further discussed. The elastic 
strain increment of eq. 3.2 is further expressed as: 
   

  (3.3) 

by following separation of elastic and plastic strains, giving 
rise to the dependence on the plastic flow rule. 

3.2 Numerical scheme 

The numerical residual  (eq. 3.4-3.6) 
describe a rather general constitutive behavior and involves the 
stress update (eq. 3.4), update of the state parameters (eq. 3.5) 
and update of the visco-plastic multiplier (eq. 3.6).  
   

     (3.4) 

   
   (3.5) 

       (3.6) 

 
In a 3D formulation the 6 Cartesian stresses, the state 

parameters and the plastic multiplier define the unknown 
variables ′ .  For the specific case of a MCC 
model with anisotropy, destructuration and creep there are a 
total of 15 unknowns to be obtained at each increment, among 
them the 8 state variables (eq. 3.7): 

 
   

    (3.7) 

 
The “differentials” in eq. 3.7 are as outlined in the previous 

sections. If the model is elasto-plastic then  is replaced by the 
yield condition  and a trial stress procedure must be applied. 
The classic elastic predictor-plastic corrector method assumes 
first that the given strain increment corresponds to an elastic 
stress increment. Now, if the yield condition  is in an 
admissible stress state, the strain increment is in fact elastic. 
However, if 0, the trial stress is an inadmissible stress state 
and numerical schemes must be applied to find the 
corresponding stress state.  

It should be noted that by omitting 	and  from  and 
replacing  with the yield condition, the model is more or less 
identical to the MCC model.  

3.3 Newton-Raphson's Method 

The Newton-Raphson's method is an iteration procedure for 
solving a set of non-linear equations. For a system of equations 

, the solution  may be written iteratively as: 

	 ∙  
(3.8) 

where  is the Jacobian matrix. Fig. 1 shows the Newton-

Raphson method for a single non-linear equation with updated 
derivatives for all iterations, as well as the alternative of not 
updating derivates. To reduce computational demanding 
calculations the latter may be used, but as a consequence more 
iterations are needed. It is seen that for each iteration the 
predicted  will be a better solution to the condition , but 
that eventually the method requires a termination criterion or a 
defined tolerance. When the tolerance is reached, the last 
solution is accepted as a sufficiently good representation of the 
real solution. The method does not guarantee convergence and a 
limit to the maximum number of iterations should be included 
in any implementation. It may be shown that if certain 
conditions are fulfilled, the convergence is of second order, 
giving rapid convergence. Thus, if a tolerance of 10  is 
fulfilled, the next iteration could be expected to fulfill an error 
tolerance of as little as 10 . An important condition for 
convergence is that the starting value  is sufficiently close to 
the real solution  which is generally the case for small strain 
(and time) increments. Due to small steps and small changes in 
stresses per step, a proper starting value for the first iteration of 
the unknown , may be the known vector  from the 
previous increment, such that . A possible 
termination criterion may be when the squared length of the 
vector  is less than a given tolerance: 

tol	~10   (3.9) 

To avoid the quite computationally demanding task of 
inversing the Jacobian matrix, eq. 3.8 may be transformed to a 
linear system of equations: 

 

  (3.10) 

 
where 	 . By solving the system with 
Gauss elimination and adding the increment  to the 
previous iteration’s solution, the next iteration value is obtained 
hence avoiding matrix inversion which may reduce 
computational time. The new state  corresponding to a new 
strain  and time  is now found, ensuring that 
r . 

It is seen that the constitutive behavior can be obtained by 
first defining the residual equations  and the Jacobian matrix	 , 
then imposing a first guess and performing iterations (eq. 3.8) 
until convergence (eq. 3.9) is reached. 
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Figure 1: The full and modified Newton-Raphson method. 
 

 
 

Figure 2: Overview of the computer framework. 

4 COMPUTATIONAL FRAMEWORK 

A computational framework (fig. 2) has been developed that 
allows implementation of soil models into the finite element 
program PLAXIS using MATLAB and FORTRAN. The 
constituents of the Newton-Raphson method, the residual  and 
Jacobian matrix , are generated within MATLAB using vectors 
and symbolic differentiation making the code very similar to the 
original mathematical expressions. The code is then 
automatically converted to FORTRAN and pasted into the 
framework. In PLAXIS it is possible to implement user-defined 
soil models programmed in FORTRAN code and compiled into 
DLL-files. For a given material point there are 4 main 
operations to make the calculation in PLAXIS run: 

 
- Initialization of state variables 
- Calculation of stresses 
- Creation of elastic material stiffness matrix 
- Creation of effective material stiffness matrix 

4.1 Modular approach 

The computer framework follows a modular approach where 
most of the code is built into subroutines, each with a specific 
task. An advantage of this technique is that the main code 
structure is more straightforward, making it easier for others to 
read. The many smaller, yet necessary operations are put into 
subroutines and called upon when needed. A key point has been 
to separate the framework into two parts, the general code (e.g. 
iteration, interface with PLAXIS) that is not dependent on a 
specific model and the material specific code describing the 
constitutive behavior.  This allows each material model to be 
contained within one file, providing the necessary residual 
equations , Jacobian matrix  and the elastic stiffness matrix 

 for use in the other subroutines. The main benefit is that 
modifications to the constitutive formulation can be done in 
MATLAB by generating updated expressions for , , and . 
As an example, a linear elastic-perfectly plastic material model 
may be implemented at first. Later, isotropic hardening may be 
introduced causing the need to change formulations in the 
MATLAB code, which then can be pasted into the framework. 
When the whole system is once built, it is a rather 

straightforward exercise to include features in the code. In 
addition, initial values for the state parameters will need to be 
defined manually in the FORTRAN code at present. 

5 CONCLUSION 

The constituents for the development of a pragmatic model for 
soft Scandinavian clays have been outlined together with an 
implementation framework for use with PLAXIS. The 
framework follows a modular approach which separates the 
general code (e.g. iteration, interface with PLAXIS) and the 
material specific code describing the constitutive behavior. This 
allows each material model to be contained within one file and 
the major constitutive components can be generated by 
MATLAB using vectors and symbolic differentiation. The main 
benefit of this approach is that any reformulation of the 
constitutive equations can be generated by MATLAB and then 
pasted into the framework in a rather straightforward manner.  
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Shear modulus of selected cohesive soils in a wide range of strain 

K. Gabryś 
Water Centre Laboratory, Faculty of Civil and Environmental Engineering, Warsaw University of Life Sciences – SGGW, 
Warsaw, Poland 

ABSTRACT: This paper concerns evaluation of initial stiffness in natural slightly overconsolidated cohesive soils from the area of
a housing estate Stegny, south district of Warsaw, capital of Poland. Initial stiffness is represented here by shear modulus (Gmax)
determined on the basis of resonant column tests and shear wave velocity measured in the modified triaxial apparatus with bender 
elements. Roughly description of these two laboratory techniques is enclosed in the article together with a preliminary comparison of
their tests results. The factors which have a significant influence on maximum and secant shear modulus are discussed as well. Based 
on the statistical analysis of the tests results some unique formulas to calculate the variation of shear modulus in a wide range of strain
are also proposed. 

 

KEYWORDS: shear modulus, cohesive soils, wide range of strain 
 

 
1 INTRODUCTION 

For most of soils yielding occurs at strains, which are small, it 
means less than 0.001% (Atkinson and Sallfors 1991), and at 
consequent small strains the stress-strain behaviour becomes 
highly non-linear. Small strains are usually associated with              
a response of soil to dynamic loading, although small strain 
behaviour plays a significant role also in soil reaction for static 
loading. Simpson (1992), Burland (1989) and others researchers 
pointed out that the strain level around engineering structures is 
in the range of small to moderate strains (up to 0.2%). They 
emphasized as well the importance of evaluating the decay of 
stiffness with strain. A parameter which is a benchmark of this 
typical stiffness-strain curve for any soil and is not currently 
yielding is the small-strain shear modulus (Gmax), referred 
sometimes as G0. The small-strain shear modulus is extremely 
important in earthquake ground response analysis or soil 
liquefaction evaluation (Andrus and Stokoe 2000). Moreover, it 
performs an essential role in the determination of excavations 
and foundations deformations (Atkinson 2000).  

Values of maximum shear modulus (Gmax) can be measured 
in the laboratory using resonant column (RC) test or other 
dynamic tests based on wave propagation methods, such as 
bender element (BE) test (Ferreira et al. 2006). The wave 
propagation techniques are widely accepted for their non-
destructive, rapid and low-cost evaluation methods. The 
stiffness of soil can be easily determined by knowing the elastic 
wave velocity measured with the wave-based technique and 
total mass density of the specimen. The resonant column test is 
a typical dynamic laboratory method, in which the vibration 
frequency can be varied, in order to induce resonance of the 
system. The main advantage of this test is the reliability of the 
derived parameters, which are based on one-dimensional wave 
propagation theory. Alternative to RC method are piezoceramic 
bender elements, which quickly become common laboratory 
tool for defining the shear wave velocity in soil samples. The 
installation of bender elements into a conventional static soil 
test device, e.g. the triaxial cell, is relatively easy and the 
calculation of G0/Gmax is simpler and performed more rapidly 
than in the expensive resonant column apparatus (Gordon and 
Clayton 1997). Bender elements have gained reputation in 
research of geotechnical engineering because of their small size 

and low voltages required, which lead to an easier operation. 
This technique provides also cost-effectiveness and realistic 
design parameters (Sawangsuriya 2012).  

Extensive field and laboratory studies have already clarified 
many aspects of the influence of type of soil, void ratio, 
effective confining pressure, overconsolidation ratio, geologic 
age and many other factors on the stiffness of soils (Vucetic and 
Dobry 1991). However, the majority of these tests were carried 
out to study the small stiffness behaviour of sands. In 
comparison to cohesionless soils, the behaviour of cohesive soil 
under dynamic loading is less recognized and less identified, on 
the other hand, is more complicated (Jastrzębska 2010). Thus, 
the author of the presented paper considered more appropriate 
to study the stiffness property of clayey soils in the wide range 
of strain. Moreover, according to the author there is a great 
importance to well understand the small-strain shear modulus of 
cohesive soils subjected to dynamic loading, for a better 
knowledge of work capacity of this type of soil. It seems 
interesting to compare results of the application of both tests 
(RC and BE), on the same material and under nearly identical 
conditions. Hence, this study in an attempt to bring together the 
benefits of both tests, that is, the reliability of the RC and the 
usefulness of the BE.  

2 MATERIAL AND METHODS 

The study area is situated in a regional geomorphologic unit 
called the Warsaw Basis. The test site, where the specimens 
were taken from, lies in Warsaw, in the Vistula River, in                        
a housing estate called Stegny, district Mokotow. The choice of 
the Stegny site was conditioned by a shallow location of heavily 
overconsolidated soils being the subject of intensive research in 
the Department of Geotechnical Engineering, Warsaw 
University of Life Sciences, and other research institutions over 
the last few years. The samples were collected in a park, in the 
vicinity of residential blocks near the Oligocene water intake 
(Figure 1). The soil in this study belongs to Pliocene sediments, 
formed as solid silty clays, silts and clays, gray and motley 
colour. The stratigraphy of Stegny site consists of Quaternary 
deposits, which are developed as fine as well as medium sand 
layers with maximum thickness of 4.5m underlain by 
overconsolidated Pliocene clays. The clays subsoil is 
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characterized by clear layered structures, each one defined by 
different colour. The free groundwater level is located at the 
depth of 3.2m (Skutnik et al. 2012).  

Figure 1. The map of Warsaw with the location of the test site Stegny. 

In the presented paper eight natural cohesive soils were 
investigated, semi-solid silty clays and semi-solid clays, marked 
by high bulk density, high porosity, low content of sand 
fraction, but a large content of silt and clay fraction. The 
strength parameters of examined soils, according to research in 
the triaxial apparatus, are as follows: the effective friction angle 
’=2400, cohesion c=13kPa. The index properties of all 
samples are summarised in Table 1.  
 
Table 1. Index properties of the tested soils. 

Soil 
sample 

RCA TRXBE  

1 2 3 4 5 1 2 3 

Soil 
type 

siCl siCl siCl siCl Cl siCl siCl Cl 

Depth 
(m) 

7.0- 
7.5 

7.55-
8.0 

8.0- 
8.5 

8.5- 
9.0 

9.75-
10.2 

7.55-
8.0 

8.5- 
9.0 

9.95-
10.2 

State semi-solid 

fp (%) 8 7 4 6 8 2 2 8 

fp (%) 68 67 71 69 42 70 25 41 

fp (%) 24 26 25 25 50 28 13 51 

wn (%) 21.98 22.27 22.95 23.2 26.04 23.2 12.19 27.46 

wL (%) 51.27 56.45 63.5 57.6 70.95 57.6 31.8 73.22 

wP (%) 23.65 23.54 26.82 24.9 33.11 24.9 12.38 30.15 

IP (%) 27.62 32.91 36.68 32.68 37.84 32.68 19.42 43.07 

IL (-) -0.06 -0.04 -0.10 -0.05 -0.19 -0.05 -0.01 -0.06 

e0 (%) 0.61 0.67 0.64 0.69 0.76 0.67 0.34 0.82 

OCR  
(-) 

1.5 1.5 2,0 2,0 3.2 1.5 2,0 3.2 

 
 The testing techniques applied by the author are the 
resonant column (five samples) and the bender elements (three 
samples) technique. Generally, the first method allow to 
determine shear modulus, shear damping, rod modulus and rod 
damping for solid cylindrical specimens of soil in the 
undisturbed and remolded conditions by vibrations. The 
vibration of the material may be superposed on a controlled 
ambient state of stress in the specimen. The whole apparatus 
together with the sample are commonly enclosed in a triaxial 
chamber and subjected to a compressed air pressure, sometimes 
as well an axial load, but not in the presented tests. 
Additionally, the specimen can be subjected to another 
controlled conditions, such as pore–water pressure. The 
resonant column technique is considered nondestructive, when 
the strain amplitude of excitation is less than 10-4 rad. As a 
result of this, many measurements can be done on the same 
sample but with various states of ambient stress (ASTM 2000, 
Khan et al. 2008). This testing procedure was conducted by the 
author of the article, who performed dynamic measurements at 

different values of the mean effective stress subjected to the 
same soil sample.  

The resonant column device successfully used in this work 
was manufactured by the British company, GDS Instruments 
Ltd (Figure 2). Fixed-free cylindrical soil specimens were 
excited in two modes: torsion and flexure, although the author 
focused more on the former type of vibrations to determine the 
shear modulus value in a wide range of deformations. The 
resonant frequency, a keystone for calculating the soil stiffness 
using RC method, was received from the analysis of the input 
excitation and the response of the specimen. This response of 
the sample was measured at the driving plate and its S-wave 
velocity was later estimated by solving the equation of wave-
motion in a prismatic rod. The resonant column apparatus for 
own laboratory tests is presented in more detail in the papers 
(Sas and Gabryś 2012, Gabryś et al. 2013). 
 
 

 

 

 

 

 

 

 

 

Figure 2. Laboratory test post with the GDS Resonant Column 
Apparatus in Water Centre Laboratory, WULS (authors’ photography). 

The most widely used laboratory method of determining the 
shear wave velocity and hence the shear modulus is 
piezoelectric transducers technique, such as bender elements 
(BEs). Bender elements, developed originally for soft soils, 
have opened a new window in laboratory testing, allowing 
seismic wave measurements to be performed simultaneously 
with standard mechanical static and cyclic tests. These 
transducers provide transmission and receiving shear and/or 
compression waves and, additionally, can be installed in any 
conventional testing equipment. An apparent simplicity is the 
most attraction of BE method. One of the transducers is excited 
at one end of the sample by one single pulse of excitation and 
the other transducer, at the other end of the specimen, is 
receiving this vibration. The time required for the pulse to be 
registered can be simple read off an oscilloscope. Knowing the 
travel time of the wave and the travel distance, which the author 
took equal to that between the elements’ tips, the shear wave 
velocity can be easily calculated (Ferreira et al. 2012).  

 
 
 

Figure 3. Laboratory test post with the GDS Triaxial Apparatus and the 
Bender Elements in Water Centre Laboratory, WULS (authors’ 
photography). 

The Bender Elements employed in this work were 
manufactured also by GDS Instruments Ltd and were installed 
in the GDS Triaxial Automated System (GDSTAS) (Figure 3). 
The other paper (Sas et al. 2013) gives a broader overview of 
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testing methodology, procedure and the adopted equipment 
itself.  

3 ILLUSTRATION OF RESULTS 

An entire description of the research will be given in the autor’s 
doctoral dissertation (Gabryś 2014). However, the illustration of 
some results will be presented here as well. In Table 2 are 
shown the values of small-strain shear modulus (Gmax) of soil 
samples from Stegny site, tested in the Resonant Column 
Apparatus. In addition, the values of average effective stress 
(p’), confining pressure (0), shear wave velocity (VS), 
resonance frequency in flexure mode (fnt) and shear strain () 
are reported. It can be observed, in the case of some specimens 
(RCA-1 and RCA-3), more than one dynamic test was 
conducted, but under different test conditions, i.e. under a new, 
bigger applied stress.  

 
Table 2. The laboratory investigations’ results for Pliocene clayey soils. 

Soil 
sample 

RCA 

1 2 3 4 1 3 5 

Gmax 
(MPa) 

54.3 93.1 55.8 68.9 136.3 78.5 138.5 

p' (kPa) 145 150 160 170 190 290 320 

0 (kPa) 565 620 580 640 710 740 710 

VS (ms-1) 162.4 167.8 184.4 195.7 212.7 259.3 267.5 

fnt (Hz) 78.0 80.0 88.3 70.0 102.6 124.8 125.1 

 (%) 0.0131 0.0091 0.0074 0.0024 0.0125 0.0034 0.0005

 
The measurements show that Gmax values vary from around 

50MPa to approximately 140MPa. The effect of increase of 
average effective stress and confining pressure on Gmax is 
clearly visible. In other words, small-strain shear modulus 
grows with p’ and 0. The maximum value of soil stiffness,  
Gmax=138.5MPa, was obtained for the maximum pressure, 
p’=320kPa. The data contained in Table 2 presents as well some 
positive impact of confining pressure at shear wave velocity 
(VS) and at resonance frequency (fnt). It can be noticed too, that 
the values of shear strain () correspond to the small strain level. 
They are included in the range of strains between 10-4% and                     
10-2%.  

Extensive laboratory and field studies have already clarified 
many aspects of the influence of soil type, void ratio, initial 
state of effective stresses, overconsolidation ratio, geologic age 
and so forth on the stiffness of natural cohesive soils (Vucetic 
and Dobry 1991). Nevertheless, the author of this paper decided 
to analyse more carefully the parameters that form the stiffness 
distribution of selected cohesive soils. The interesting question 
was if, undeniably, the above mentioned factors affect research 
material and if yes, how is their possible impact. For this 
purpose, the author proposed a model of five variables to 
describe maximum shear modulus, namely:  
 

Gmax =f(p’, e, , t, OCR)                                                      (1) 
 
and a model with six variables to define secant shear modulus, 
as follows: 
 

 G =f(p’, e, , t, A, OCR)                                                     (2) 
 

where:  
p'-average effective stress characterizing the influence of the 
state of ambient stress in the specimen;  
e-void ratio characterizing the impact of the type of soil;  
-shear strain characterizing the effect of considered 
deformation range; 

t–the effect of time;  
A-the amount of vibration - the influence of the amplitude of 
the input voltage, applied load to the specimen; 
OCR-overconsolidation ratio. 
 Using the variety of statistical tools, e.g. correlation 
analysis, the actual relationships between Gmax and G and these 
proposed factors were examined. On the basis of calculations, it 
was found that only two parameters, shear strain and 
overconsolidation ratio, show a strong correlation (Pearson’s 
coefficient, r>0.80) with Gmax, and, additionally, void ratio, but 
here the correlation was average (r>0.60). Secant shear modulus 
(G) of Pliocene clays is strongly correlated as well with  and 
OCR; an average correlation with the parameter A, on the other 
hand, was proved too. For the next tested factors, weak relation 
or no relation was ascertained.  

The successive analysis were simple and multiple regression 
in order to check how each factor separately affects the soil 
stiffness in the range of small and medium strains, as well as if 
there is a link between many variables. In Figure 4, exemplary, 
simple relationships linking Gmax to , OCR and e are shown.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 4. Various relationships (different curves) between small-strain 
shear modulus and parameters significantly affecting it (black points).  

A nonlinear regression was finally used to develop 
statistical models. The author individually specified suitable 
models between chosen independent variables and the 
dependent variable. For examined cohesive soils from Stegny 
test site as the best formulas for determining the soil stiffness 
distribution the following were selected:  
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Gmax=-15.162·ln()+1.028·exp(OCR)+e60.961                      (3) 
 
G=-10.687·ln()+1.682·exp(OCR)+A-1.282                          (4) 

The author’s model for Gmax was subsequently compared to 
the equations found in the literature (e.g. Vucetic and Dobry 
1991), allowing to calculate maximum shear modulus as well. 
On the basis of this comparison it was found that the author’s 
proposition improves significantly the spread between the 
values of soil stiffness calculated from the formula (3) and 
obtained from laboratory tests.  Here the scatter of values was 
equal to -1MPa, while using the formulas from literature 
deviations in order of 30MPa were produced.  

Figure 5 presents Gmax values of the Pliocene clays obtained 
by BEs tests against those by RC tests. It is clearly visible that, 
independent on the laboratory technique, the soil stiffness 
increases with effective pressure. It can be observed as well that 
initial shear modulus from resonant column method achieved 
mostly lower values than this from piezoelectric transducers 
method. In general, studies with BEs gave similar results, 
whereas in RC technique slightly greater dispersion of results 
can be noticed.  

 
Figure 5. BEs test results versus RC test results: cohesive soils from 
Stegny site.  

4 CONCLUSIONS 

Small strain shear modulus and secant shear modulus of natural 
cohesive soil formation from southern district of Warsaw, 
Stegny, were studied by means of the resonant column test. 
Laboratory experiments were conducted in Water Centre 
Laboratory, Warsaw University of Life Sciences. The presented 
work is strictly experimental, which main course became the 
stiffness characteristics of Pliocene clays, both in small and 
medium range of strains, together with the analysis of the 
factors that form the variation of soil stiffness.  

The author proposed his own empirical models, which 
reflect the unpredictability characteristics of soil deformation 
depending on the experimental conditions. The value of 
maximum and secant shear modulus is possible to derive from 
unique formulas (3) and (4) including only three variables. The 
application of these new equations need parameters describing 
the properties of a research material, namely shear strain (), 
overconsolidation ratio (OCR) and void ratio (e) or the test 
conditions, like rate of input excitation (A). The invented 
models give reliable results for analyzed cohesive soils, they are 
characterized by low complexity and fit better to the tests data 
than other models from the literature. 

A comparative study to RC tests was performed in                         
a modified triaxial apparatus with bender elements. The Gmax 

values obtained by BEs research are consistently higher than 
those received by RC tests. According to the literature these two 
methods should offer nearly the same results, therefore, it is 
suggested to modify the RC Apparatus so that it could 
incorporate bender elements as well. This procedure should 
minimize received considerable variations in the values of soil 
stiffness. 
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Characteristics of oscillatory drums in dynamic roller compaction 

J. Pistrol  
Institute of Geotechnics, Vienna University of Technology, Vienna, Austria 

 
 

 

ABSTRACT: Dynamic roller compaction has become the common method for near-surface compaction, because dynamic rollers are 
much more efficient compared to static rollers. Two types of excitation are mainly used for dynamic roller compaction, the vibratory
and the oscillatory roller. In the presented study the differences in functioning, mode of operation and loading the soil are outlined for
the two types of excitation. First results of large-scale in-situ tests are presented in which the vertical earth pressure, deformations and
tri-axial accelerations have been measured. Moreover a new indicator for the evaluation of the slip between the surface of an
oscillatory drum and soil is presented. 

 

KEYWORDS: Soil dynamics, Compaction, Vibration, Oscillation, Ambient Vibration, Measurement. 
 

 
1 INTRODUCTION 

Near-surface compaction plays an important role for the 
construction of various civil engineering structures such as 
dams and embankments for roads and railways. Dynamic roller 
compaction has become the common method for near-surface 
compaction, since they are much more efficient compared to 
static rollers. 

There are various types for the excitation of a dynamic drum, 
which not only differ in their construction but also in their mode 
of operation. The most popular dynamically excited drum is the 
vibratory drum followed by the oscillatory drum. While the 
vibratory drum is capable of compacting in larger depths, the 
oscillatory drum reduces ambient vibrations significantly and is 
therefore used in sensitive areas like inner city construction 
sites. 

In the presented study the characteristics of the drum 
movement and their effects on the roller-soil interaction and 
compaction of an oscillatory drum are investigated and 
compared to those of a vibratory drum.  

1.1 Vibration vs. Oscillation 

The eccentric masses of a vibrating drum are shafted 
concentrically to the drum axis resulting in a significantly 
higher vertical loading but also increased ambient vibration.  

 

 
Figure 1. Forces and moments of dynamic drums: vibrating drum (left), 
oscillating drum (right). 

 

The torsional motion of an oscillatory drum is caused by two 
opposed, rotating eccentric masses, which shafts are mounted 
eccentrically to the drum axis. Soil is dynamically loaded 
horizontally by the drum motion and statically loaded by the 
dead weight of the drum and roller in vertical direction (see 
Figure 1). Mainly tangential forces are transmitted in the soil by 
shear waves, the volume decreases while the stiffness increases. 

2 IN-SITU TESTS WITH A TANDEM ROLLER 

2.1 Test area, test layout and measuring technique 

A test area was prepared and equipped in a gravel pit near 
Vienna for the large-scale in-situ tests. The test area comprised 
four parallel test lanes of loose sandy gravel (to be compacted) 
with a length of 20 m and a thickness of 0.5 m (named Spur 1 to 
Spur 4 in Figure 2). The lanes of the test area were filled on the 
plane of the gravel pit, which was already highly compacted by 
the site traffic. Usually the thickness of the compacted layer 
would range from 15 to 20 cm but was chosen larger to be able 
to run more tests without over-compacting the layer. The four 
lanes were intended for static, vibratory, oscillatory and 
combined vibratory and oscillatory compaction. Two ramps at 
the beginning and at the end of the test lanes served for roller 
handling, speeding up and down the roller as well as for lane 
changes. 

Two tri-axial accelerometers were buried in the test field by 
installing them on lanes 2 and 3 before filling the test area. 
Moreover test lane 2 was equipped with an earth pressure cell to 
measure the vertical earth pressure under the static and dynamic 
loading of the roller in a depth of 0.5 m.  

The dynamic vibration displacements can easily be 
calculated from the measured ground accelerations using a two 
times integration of the signal. However, it is not possible to 
identify the elastic and plastic parts of the deformation caused 
by the roller and to evaluate the plastic deformations, which are 
of great interest in compaction work. To account for the plastic 
deformations a special displacement-measuring-device was 
installed in lane 2 of the test area (Figure 2). The fixed part of 
this device comprises a tubing shafted to a circular plate both 
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made of brass. The circular plate was used as an anchorage in 
the ground and therefore was buried in the highly compacted 
subsoil under the compacted layer. An inductive displacement 
transducer was placed inside the tubing and extended by a wire. 
A Bowden cable protected the wire inside the compacted layer. 
A second circular plate made of brass was installed on the 
surface of the compacted soil layer, where the wire was fixed. 
The top layers surface also represented the measurement level. 
When the upper plate moved in vertical direction (which can be 
expected during compaction work), the displacements were 
detected by the inductive displacement transducer inside the 
buried part of the displacement-measuring-device. A detailed 
description of the device is provided in (Adam 1996, Kopf 
1999). 

 

 
Figure 2. Test layout of the experimental field tests. 

 
Numerous tri-axial accelerometers were positioned along a 

line perpendicular to the direction of compaction in the centre of 
the test area on the highly compacted subgrade to measure the 
propagation of ambient vibrations. 

2.2 Compaction device 

A HAMM HD+90 VO tandem roller was used as compaction 
device. The roller comprises a total mass of 9380 kg and two 
drums of about 1900 kg vibrating mass each. The typical speed 
of the roller during compaction is 4 km/h.  

Depending on the rotational direction of the eccentric masses 
the vibratory drum on the front operates with a vertical 
amplitude of 0.34 mm or 0.62 mm respectively. For the smaller 
amplitude of 0.34 mm a frequency of 50 Hz was used, while 
40 Hz is the standard frequency for compaction with the large 
amplitude.  

The drum on the rear of the roller is an oscillatory drum that 
uses a tangential amplitude of 1.44 mm. The standard frequency 
of oscillation is 39 Hz. 

3 FIRST RESULTS OF THE EXPERIMENTAL FIELD 
TESTS  

Subsequently first results of the experimental field tests are 
presented, which primarily focus on the differences between the 
vibratory and the oscillatory drum. Unless otherwise noted, the 
parameters for the small vibration amplitude were used for the 
vibratory drum. Each test run comprised a forward motion with 
one dynamically excited drum (vibration or oscillation) and a 
static backward motion. 

3.1 Vertical earth pressure 

The vertical earth pressure was measured between the level of 
the highly compacted subgrade and the layer of loose sandy 
gravels and therefore in a depth of 0.5 m beneath the roller. 
Figure 4 shows the vertical earth pressure for two test runs. On 
the left hand side the measured pressure over time for a test run 

with an active vibratory drum is depicted. The vibrating drum is 
clearly visible as significant first peak, which is followed by a 
smaller peak caused by the inactive oscillatory drum. The roller 
stops at the end of the test lane (after around 32 seconds) and 
moves backwards without any excitation of the drums (two 
smaller peaks at 46 and 49 seconds in Figure 3). 

 

 
Figure 3. Vertical earth pressure: vibratory test run (left), oscillatory test 
run (right). 

 
The measured earth pressure curve is very similar for the 

oscillatory test run (Figure 3 right) with a significant second 
peak caused by the dynamically excited oscillatory drum.  

The differences between the two types of excitation become 
clearer in a comparison of the dynamic part of the vertical earth 
pressure (Figure 4). The static part of the vertical earth pressure 
is filtered for this comparison. Both curves oscillate around zero 
and show the frequency of excitation.  

 

 
Figure 4. Dynamic part of the vertical earth pressure: vibratory test run 
(left), oscillatory test run (right). 

 
The earth pressure over time of the vibratory test run 

increases as the vibratory drum approaches the pressure cell, has 
its maximum when the drum is situated exactly above the 
pressure cell and decreases after the drum has passed over 
(Figure 4 left).  

In contrast to the earth pressure progression of the vibratory 
test run with its maximum at the passing time of the drum, the 
curve of the oscillatory test shows a node at the same time. The 
maximum values were measured shortly before and after the 
node, while the phase changes in the node. The fast forward-
backward-rotation of the oscillatory excitation forces the drum 
to move forward and backward in its self-produced settlement 
depression. In each period of the oscillatory movement the drum 
rolls onto the bow wave in front of the drum and causes a 
vertical pressure component. This vertical component increases 
as the drum approaches the pressure cell, but decreases to a 
node in the pressure curve when the drum is situated exactly 
above the pressure cell. A similar behaviour as for the approach 
can be observed when the drum moves away from the pressure 
cell. However, with a phase change and caused by the rear 
wave.  

3.2 Deformation measurements 

The settlements or differential deformations of the compacted 
soil layer respectively were measured during the whole test runs 
with the deformation-measuring-device described in section 3.1. 
The measured settlement curves are depicted in Figure 5 for the 
vibratory drum (on the left) and the oscillatory drum (on the 
right). The plate made of brass on the surface of the compacted 
soil layer gets passed four times by one of the drums during 
each test run. The passing drums are noticeable as four negative 
peaks in the settlement curves. However, the peaks are almost 
elastic and therefore they denote reversible deformations. To 
evaluate the plastic part of the deformations, the values at the 
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beginning and the end of a test run are compared. The curve of 
the vibratory test run shows a ground-heave after the 
dynamically excited forward motion of the roller. Such a 
heaving may be caused by an inclination of the plate on the 
surface. However, especially vibratory compaction work may 
cause disaggregation close to the surface. Inclinations of the 
plate as well as disaggregation are usually compensated by the 
static pass during the backward motion of the roller.  

The measured curve of the oscillatory drum represents an 
ideal case. A primarily elastic deformation caused by the 
inactive vibratory drum is followed by a plastic deformation 
caused by the oscillating drum. The oscillatory test was 
performed well before the vibratory test run, resulting in higher 
values in case of the oscillatory test run. The actual compaction 
process of the test lane was largely finished when the vibratory 
test run was performed.  

 

 
Figure 5. Deformation measurements: vibratory test run (left), 
oscillatory test run (right). 

 
For both excitation types a pass of the drum starts with an 

elastic upheaval (the bow wave) which the drum pushes ahead 
of itself. The bow wave is followed by a significant depression 
caused by the drum. The soil is unloaded when the drum moves 
on and the elastic part of the deformation is released. In most 
cases a certain resilience and a small rear wave can be observed.  

3.3 Soil accelerations 

The soil accelerations were measured in three axes as described 
in section 3.1. The horizontal accelerations in Figure 6 
correspond to the accelerations measured in the direction of 
compaction (“x” in Figure 2). The horizontal accelerations 
perpendicular to the direction of compaction (“y” in Figure 2) 
are not depicted. The positive sign of the vertical accelerations 
is defined downwards.  
 

 
Figure 6. Soil accelerations: vibratory test run (left), oscillatory test run 
(right). 

 
The comparison of accelerations of both types of excitation 

in Figure 6 shows higher values in vertical direction for the 
vibratory drum. The reasons for that are the type of excitation 
and the periods when the tests were performed. The vibratory 
test run was performed subsequently when the layer of sandy 
gravel was already compacted and therefore showed a stiffer 
reaction. For the vibratory drum the direction of dynamic 
loading matches the direction of the measured vertical 
accelerations, resulting in larger values in vertical direction. The 
vertical acceleration has its maximum when the drum is exactly 
above the accelerometer, while the horizontal component of the 
soil acceleration shows a node and a phase change at the same 
time. The dominant frequency of both components is the 
frequency of excitation (50 Hz). 

The fast forward-backward-rotation of the oscillating drum 
causes mainly horizontal accelerations in the direction of 
compaction (Figure 6 right). The horizontal accelerations with 

an almost constant amplitude show the excitation frequency. 
The vertical accelerations show a different behaviour. A 
continuous phase change can be observed as the oscillatory 
drum passes the accelerometer. The curve of the horizontal 
acceleration shows the formation of a secondary vibration as the 
drum approaches the sensor, which increases until the frequency 
of the vertical acceleration is twice the frequency of the 
horizontal acceleration or the excitation acceleration 
respectively. The secondary vibration decreases and disappears 
after the drum pass and the vertical and horizontal accelerations 
show the same dominant frequency again, however, with a 
reversed phase of the vertical accelerations. The explanation for 
the observed phenomena is the settlement depression under the 
oscillatory drum and the formation of bow wave and rear wave. 
One forward-backward-rotation corresponds to one period of 
horizontal movement and acceleration. Because of the upward 
movement of the drum onto the bow wave during the forward 
motion and the upwards movement onto the rear wave during 
the backward motion, two periods in vertical direction occur 
during the same time of one period in horizontal direction. 
Hence, the vertical acceleration shows a double frequency of the 
horizontal acceleration.  

4 MODES OF OPERATION  

4.1 Vibrating rollers 

Different modes of vibratory roller operation were first 
discovered by (Adam 1996). The observed modes depend on the 
vibration amplitude, frequency, roller speed and soil stiffness 
(see Figure 7) and have a great influence on the compaction 
process itself but also on the machine’s lifetime.  

 

 
Figure 7. Modes of vibratory roller operation (Adam 1996). 

4.2 Oscillating rollers 

Depending on the friction coefficient between drum and soil, 
soil stiffness and roller parameters, (Kopf 1999) mentioned 
similar modes of operation for oscillatory rollers, namely 
adhesion, one-sided slip and asymmetric slip/symmetric slip, 
which also were observed during the field tests and visualized 
by high speed cameras. 

The static friction is not exceeded in the operation mode 
adhesion.  

Due to the superposition of oscillatory excitation and roller 
travel, the static friction might be exceeded one-sided, leading 
to one-sided slip. 

The operation mode changes from one-sided slip to 
asymmetric slip and finally symmetric slip with increasing soil 
stiffness.  

Depending on the soil conditions and compaction parameters 
a maximum compaction will be reached after a certain amount 
of roller passes. The amount of slipping during one oscillation 
period increases until the state of maximum compaction is 
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reached and remains about constant from that point on. If the 
roller’s operator doesn’t stop his work at this point the occurring 
slip between the roller’s drum and the soil increases the wear of 
the drum significantly, resulting in shorter lifetimes and higher 
costs. Therefore, the detection of slip and its ratio is of great 
interest for the optimization of the oscillatory compaction 
process and the minimization of the wear of the drum. An 
algorithm for monitoring and evaluating the oscillatory drum’s 
slip was developed and is presented in the following. 

5 SLIP INDICATOR FOR OSCILLATING ROLLERS 

5.1 Theory and basic principle 

The basic principle for the evaluation of the drum slip is the 
processing of the horizontal accelerations in the center of the 
oscillating drum.  

A pure oscillatory motion does not cause any vertical or 
horizontal forces or accelerations in the center of the drum (e.g. 
uplifted drum). The center of rotation does not match the center 
of the drum, as soon as the oscillating drum gets in contact with 
the soil; horizontal accelerations arise in the drum’s center. 

The measurements will show a sinusoidal curve with the  
frequency of the excitation in case of weak soils and a high 
friction coefficient between drum and soil. The Fast-Fourier-
Transformation (FFT) of an ideal measurement curve will have 
only one peak at the excitation frequency (Figure 8). 

 

 
Figure 8. Signal of a sine in time domain (left) and frequency domain 
(right). 

 
As the soil get’s stiffer during compaction, the static friction 

is exceeded and the drum slips periodically on the surface of the 
soil, intermitted by phases of adhesive contact. The horizontal 
accelerations do not increase any further as soon as the static 
friction is exceeded, but remain constant. The idealized 
measurement curve then shows a capped sine with peaks at the 
excitation frequency f and its odd multiples 3f, 5f, etc. in the 
FFT spectrum (Figure 9). The ratio of the FFT at the excitation 
frequency decreases the more the slip between drum and soil 
and the more the sine is capped, while the ratio of the higher 
frequencies increases.  

 

 
Figure 9. Signal of a symmetrically capped sine in time domain (left) 
and frequency domain (right). 

5.2 Measurement and signal processing 

The horizontal accelerations are measured on the bearing of the 
drum and recorded (Figure 10). The sampling rate of the 
recording is recommended to be at least ten times larger than 
the oscillation frequency.  

The recorded signal is evaluated piecewise. Due to the FFT 
in the signal processing a time frame of 2n samples is suggested. 
The ratios of the FFT at the excitation frequency f and the first 

odd multiple 3f are evaluated for each time frame. The slip 
indicator (SI) can then be written as: 

 

            (1) 
 
The evolution of the slip indicator is depicted in Figure 11. 

The ratio at f for a pure sine is 100%, while the ratio at 3f and 
the slip indicator are zero (right hand side in Figure 11). The 
slip indicator increases as the relation of capped and full 
amplitude decreases (from right to left in Figure 11).  

 

     
Figure 10. Measuring principle of the horizontal accelerations in the 
center of the oscillatory drum. 

 

 
Figure 11. Evolution of the slip indicator in dependence of the relation 
of capped and full amplitude. 

 
The presented slip indicator is a good measure to estimate 

the slip between the drum and the surface of the soil. However, 
it is noted that a measured slip does not necessarily cause an 
increased wear of the drum. The strains on the drum surface in 
the contact area have to be taken into account as well. Only 
shear stresses on the drum surface in combination with large 
slip values cause a significantly higher wear of the drum’s 
surface. 

6 CONCLUSION 

In the presented study two types of excitation for dynamic 
rollers were compared. First results of large-scale in-situ tests 
were provided to outline their differences in functioning, mode 
of operation and loading the soil. Moreover a new indicator for 
the evaluation of the slip between the surface of an oscillatory 
drum and soil was presented. 
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ABSTRACT: The bearing capacity of displacement piles in clay is usually seen to increase during the days following installation. 
This phenomenon is referred to as ‘set-up’ and occurs because during installation, the high strains imposed by the pile leave a mark on
the state of the soil surrounding the pile (pore pressures, a.o.). Once installation has ended, the pore pressures generated during driving
are free to dissipate, which allows the pile capacity to grow. 
This paper presents a numerical simulation of a plane strain soil disk adjacent to a pile which is being driven. Emphasis is placed on 
the simulation of the excess pore pressure during pile penetration and afterwards, during consolidation. The soil constitutive model 
used is hypoplasticity for clays coupled with intergranular strain, which allows capturing the soil small strain behaviour and dilatancy. 
The driving analysis is performed by using a dynamic integration scheme and the consolidation is coupled. 

 
KEYWORDS: pile driving, soil disk, numerical simulation, hypoplasticity, clay, plane strain, large strain, pore pressure. 
 

 

INTRODUCTION 

The driving of displacement piles brings violent distortions to 
the surrounding soil and, in the process, a change to the soil 
stress state. In consequence, as driving progresses, the effort 
needed to thrust the pile decreases. Once installation stops, a 
phenomenon referred to as ‘set-up’ occurs: the pile capacity 
grows with time. In clays, these two observations are seen to be 
essentially a function of the pore pressure build up and 
dissipation. 

The experimental research done in this field peaked at the 
end of the last century (Soares and Dias 1989; Roy et al. 1981; 
Lehane and Jardine 1993, a.o.) and has given birth to guidelines 
that take into account the soil history during and after 
penetration (ICP-05, Jardine et al. 2005, Fugro-10, Van Dijk 
and Kolk 2010).  

Nowadays, the rise of computer performance begins to allow 
the numerical study of the pile installation process, using 
Arbitrary Lagrangian-Eulerian methods (Andresen and Khoa 
2013; Jassim et al. 2013), Coupled Eulerian-Lagrangian 
methods (Pucker and Grabe 2012) or hybrid methods (Basu et 
al. 2014). 

In this paper, we present part of a hybrid method whose aim 
is to model the driving of a pile into clay: the numerical 
simulation of a plane strain disk of clayey soil lying around a 
pile (Holeyman and Legrand 1997; Figure 1) during and after a 
driving blow. The assumption is that during penetration and 
consolidation the soil can be considered as a stack of plane 
strain disks. The behaviour of one of these disks is investigated 
herein. The simulation is performed for two initial 0K  
consolidated states, one normally consolidated (NC) and one 
overconsolidated (OC). 

The paper is organised as follows. The first section offers an 
overview of the soil constitutive model and describes the two 
initial soil states considered. In the second section the numerical 
scheme used to model the driving blow and the consolidation is 
introduced. Finally, the simulation results are presented and 

discussed in the third section. Throughout the paper, 
compression is considered positive.  

1 CONSTITUTIVE MODEL 

The effective stress behaviour of the soil skeleton is modelled 
using hypoplasticity for clays (Mašín 2005) coupled with 
intergranular strain (Niemunis and Herle 1997). Based on the 
critical state theory, the hypoplastic model is three dimensional, 
isotropic, rate independent, and frictional with quasi-logarithmic 
compression. The model assumes that the soil is destructured 
(as defined by Leroueil et al. 1985), that the position of the 
critical state line (csl) is constant with regards to the normal 
compression line (ncl), that the lower limit for the void ratio 
is 0, and that the critical state surface is defined by the 
Matsuoka and Nakai (1974) surface. The intergranular strain 
takes into account the small strain stiffness degradation and the 
direction of loading, allowing the simulation of cyclic loading. 
One of the model strengths is that it allows for shear induced 
pore pressures. 

 

 
 
Figure 1. Spatial discretisation of the soil disk. 

 
The soil material parameters are those of London clay, 

defined in Table 1, with the radial permeability taken 
as m/s 10 8rk . The five first material parameters are similar 
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to the five Cam clay material parameters while the five latter 
ones control the intergranular strain (see Mašín 2005 for details 
on the hypoplastic material parameters). 

The two initial soil states chosen are defined in Table 2. 
These two initial states were obtained from an oedometric 
simulation using the hypoplastic model: first the soil was loaded 
to a vertical effective stress of 300 kPa, then unloaded until the 
overconsolidation ratio (OCR) reached 5. Starting from 0K  
conditions is equivalent to saying that the pile was wished in 
place next to the soil disk. 

 
Table 1. London clay hypoplastic material parameters (Mašín 2005).  

ϕ’cs [°] λ* κ* N rM  mR mT RM βr ξ 

22·56 0·11 0·016 1·375 0·4  2 2 10–4 0·2 6 

 
Table 2. Considered initial states and associated undrained shear 
strengths.  

 OCR σ’v0 [kPa] K0 e0 su0 [kPa] 

Normally 
consolidated (NC) 

1·1 300·00 0·68 1·14 58·5 

Overconsolidated (OC) 5 11·74 3·94 1·24 38·7 

 
It should be noted that according to the critical state theory, 

the position of the state with regards to the csl, i.e. the OCR, is 
key to the soil behaviour. In the hypoplastic model used herein, 
the OCR is defined as the ratio of the horizontal projection of 
the current mean effective stress on the isotropic normal 
compression line (Hvorslev’s equivalent pressure ep' ) to the 
current mean effective stress 0'p (Figure 2). This is not how the 
OCR is defined in Cam clay based models, nor is it how it is 
defined in geotechnical practice. Therefore, the OCR of the one 
dimensionally normally consolidated soil (Table 2) is higher 
than 1, as it would be in Cam clay but not in geotechnical 
practice. For the second state however, the Cam clay defined 
OCR would be slightly higher than 5 (depending on the slope of 
the unloading reloading line). 

Albeit the small differences in the definition of the OCR, the 
quintessence of the two states defined in Table 2 is that they are 
each on one side of the csl (Figure 2), the first one being on the 
‘wet’ side and the second on the ‘dry’ side (Schofield and 
Wroth 1968).  

 
 

 
 
Figure 2. Considered initial states in the compression plane. 

2 SOIL DISK MODEL 

The soil disk is modelled using a one dimensional constant 
internodal distance finite difference pattern representing a layer 
of axisymmetric plane strain soil surrounding a pile of 
radius m 50 R  (Figure 1). The two phases that constitute the 
soil are a compressible soil skeleton modelled using the 
aforementioned hypoplastic model and an incompressible liquid 

phase. The integration scheme and boundary conditions are 
quite different for the driving blow and the consolidation, and 
are therefore detailed in the two following subsections. 

2.1  Driving blow 

The driving blow is assumed to happen under undrained 
conditions, which is imposed by making the soil skeleton 
incompressible. 

In order to account for the finite strains, an Eulerian 
description is adopted wherein the kinematics of deformation 
are described in terms of velocity (rather than displacement) 
which are defined in the same way as for infinitesimal theory. 
This has the desirable feature that some aspects of the small 
strain theory are preserved (Malvern 1969). 

The pile velocity is imposed at the pile node (radial position: 
Rr  ) and results in the displacement depicted in Figure 3, 

which is similar to the pile displacement observed during an in 
situ driving blow (similar amplitude, similar period, and 
presence of a rebound). In order to minimise wave reflections, 
the outer boundary, located at Rr 8 , is an absorbing (silent) 
boundary (Deeks and Randolph 1994). The distance between 
the nodes is cm 2r . 

Because of the boundary conditions, of the incompressibility 
and of the plane strain state, the only non trivial strain in the 
entire soil disk is rz , meaning the soil disk behaves like a shear 
plate. 

The integration scheme is performed as follows. Between 
each node the strain rates and effective stresses are computed, 
from which the vertical equation of motion is integrated to 
obtain vertical acceleration and velocity at the nodes. The 
excess pore pressures are obtained by integrating the radial 
equilibrium equation. 

Therefore, although the constitutive model is rate 
independent, inertia effects of the driving blow are considered 
thanks to the soil disk integration scheme. In particular, the 
slippage between pile and soil is dependent on the pile velocity 
(Holeyman 1992). 

 

 
 
Figure 3. Vertical displacement of the pile during the driving blow. 

 
 

 
 

Figure 4. Pile and soil vertical displacement after one blow.  
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Figure 5. Distribution of pore water pressure after one blow. 

 
 

 
 
Figure 6. Normalised stress paths at pile-soil interface during a blow  
(○ and ● are respectively the initial and final states). 

 

2.2  Consolidation 

Unlike the driving blow, the consolidation analysis is assumed 
to happen under infinitesimal strains. The consolidation is 
modelled as a quasi-static coupled (pore pressure and radial 
displacement) process using the ‘incremental’ radial equilibrium 
(Carter et al. 1979). The internodal distance is cm 8r . The 
pile wall is considered impermeable and the flow of water is 
possible only in the radial direction. The outer boundary is 
located at Rr 6 . The initial conditions are those of the end of 
the driving blow simulation and the consolidation analysis is 
run for 10 000 minutes (approximately 167 hours or 7 days). 

3 RESULTS 

The results of the driving blow are depicted in Figure 4, Figure 
5, and Figure 6. 

Figure 4 shows the distribution of displacement of the pile 
(triangular marker) and of the soil after one blow. The pile final 
displacement is  in excess of  3 cm but  the soil,  due to the high 
pile velocity, has yielded at a significantly smaller displacement 
and rests, after the blow, at a maximum displacement of 
0·20 cm for the NC soil and 0·85 cm for the OC soil. 

The driving blow significantly alters the stress state near the 
pile wall, which results in the excess pore pressure plotted on 
Figure 5, even though the only strain that exists is shear strain. 
The rebound creates a pocket of negative excess pore pressure 
for the OC soil but not for the NC one. As for the displacement, 
the effect of the blow dies out with increasing radial position. 

The bump displayed by the NC soil at 3·5R is an aftermath 
of the imposed changes in velocity sign of the pile: at this 
radius, the second positive shear wave coming from the pile has 
been geometrically damped just enough to a create shear strain 

that implies a significant change in pore pressure, thanks to the 
degradation law of the soil shear modulus. 

Figure 6 shows the stress path of the pile-soil interface. The 
OC soil reaches critical state twice (i.e. when 0urz s ): once 
in compression and once in traction. The NC soil however 
reaches critical state only once and therefore attains a lower 
final effective radial stress than the OC soil. Both soils end up 
on the ‘dry’ side of the critical state line, effectively bringing up 
the OCR of the NC soil but lowering it for the OC soil. 

Starting from the state obtained at the end of the driving 
blow, the consolidation analysis is showed in the last four 
Figures: Figure 7 and Figure 8 for the NC soil, and Figure 9 and 
Figure 10 for the OC soil. 

Figure 7 shows a gentle dissipation of the excess pore 
pressure, while the water is flowing away from the pile.  At the 
pile-soil interface, shown in Figure 8, the effective radial stress 
increases as the pore pressure decreases. The total radial stress, 
however, decreases with the pore pressure dissipation. Also 
depicted on Figure 8 is the initial radial effective stress 

000 '' vr K   . 
The OC soil, with its non monotonous excess pore pressure 

distribution, displays a more complex history during 
consolidation (Figure 9) with parts of the soil undergoing both 
an increase and a decrease in pore pressure with time. At the 
pile-soil interface for instance (Figure 10) the excess pore 
pressure increases to a positive value and then decreases to 
reach the zero excess pore pressure.  

The NC and OC soils respectively showed a decrease and an 
increase in effective radial stress during the blow (Figure 6). 
During consolidation, the two soils exhibit the opposite 
behaviour: an increase in radial effective stress for the NC soil 
(Figure 8) and a decrease for the OC soil (Figure 10). 
Nonetheless both soils, at the end of consolidation, display a 
lower effective radial stress than the initial one, 0100 us  for the 
NC soil and a massive 0530 us  for the OC soil.  
 
 

 
 
Figure 7. Pore pressure isochrones for the NC soil. 

 
 

 
 
Figure 8. Variation in time of radial stress at the pile-soil interface for 
the NC soil. 
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Figure 9. Pore pressure isochrones for the OC soil. 

 
 

 
 
Figure 10. Variation in time of radial stress at the pile-soil interface for 
the OC soil. 

4 CONCLUSION 

A numerical approach has been presented that allows the 
determination of stress and pore pressure changes in a saturated 
plane strain soil disk of clay due to a driving blow and 
subsequent consolidation. The soil skeleton behaviour was 
modelled using hypoplasticity and water was considered 
incompressible. Two initial states, one normally consolidated 
(NC) and one overconsolidated (OC), were analysed. 

The overconsolidation ratio (OCR) has a significant 
influence on the driving blow simulation results and therefore 
on the stress state at the end of consolidation. 

During the blow, the pile-soil interface exhibits typical 
behaviour corresponding to its OCR with only positive excess 
pore pressure for the NC soil but a pocket of negative excess 
pore pressure for the OC soil. 

During consolidation, both soils show a decrease of total 
radial stress. Due to the sign of the excess pore pressure before 
consolidation, effective stress at the pile-soil interface rises for 
the NC soil but diminishes for the OC soil. Compared to their 
initial state, both soils end up with a lower effective radial stress 
at the pile-soil interface. 

Finally, it should be stated that starting from a 0K  state is 
unrealistic because in reality the soil has already been altered by 
the passage of the pile toe. Therefore, a simulation taking into 
account the influence of the pile toe during installation is 
needed and is being prepared for a future publication. 
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Vibration isolation in soil by thin vertical foam barriers 
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ABSTRACT: Vibration isolation plays an important role for structures near vibration sources, such as railway lines. Thin vertical 
foam barriers, injected into the soil, are a promising alternative to conventional isolation methods, e.g. spring elements or elastomer 
mats. The advantages of these thin foam barriers are savings in material and a simple installation procedure. However, the effectivity 
of those barriers has still to be proven by in situ measurements. Up to now there is no tool to predict its impact on vibrations. 

This paper will present a new numerical model as prediction tool, as well as the results obtained by a parametric study. 
Furthermore, first results from laboratory tests investigating the effectivity of foam barriers will be described. 

KEYWORDS: vibration isolation, thin vertical barriers, polyurethane (PU) foam, interface elements 

 

1 INTRODUCTION 

The growing quantity of rail traffic in the past years has led to a 
heavily used railway net. Since many of those railways are close 
to, or even located within urban areas, there are increasing 
complaints about vibrations caused by passing trains. These 
vibrations can affect the quality of living close by, and in 
extreme cases, may even lead to the loss of usability of a 
building. 

In order to reduce the disturbance caused by vibrations due 
to existing railroad traffic or e.g. machine foundations, several 
measures have been used in the past: (1) mass-spring-damper-
systems at the emission point of the vibrations, whose 
subsequent installation underneath the tracks constrains the 
daily operation of the railway, (2) decoupling of the foundation 
from the ground, what cannot be done subsequently and (3) 
isolation by trenches made of concrete, such as slurry walls, 
whose installation is very time-consuming and expensive. 

The installation of a vertical trench in the soil made of 
polyurethan foam (PU-foam) in the soil, placed in the so-called 
wave transmission zone, between the vibration source and the 
object to be protected, represents a new and innovative vibration 
isolation measure. It might be used on existing and yet-to-be-
planned vibration sources, without constraining the use of 
neither the vibration source nor the object to be protected. 

2 STATE OF THE ART 

The isolation of vibrations by vertical trenches in the 
transmission zone has been subject to research for many years. 
Haupt carried out extensive experimental and numerical studies 
on open and filled trenches to examine the isolation effects of 
different fillings (Haupt 1978). Best results were achieved by 
open trenches, as a high difference in density between soil and 
filling results in a high difference in the so-called impedance 
ratio IR: 

SS

MM

c

c
IR






 . (1) 

Here, M and S represent the density in kg/m³ of the trench 
material and the soil, respectively and cM and cS denote the 
shear wave velocity in m/s of the trench material and the soil, 
respectively. The impedance ratio is responsible for the 
reflection and transmission of wave energy and amplitude at a 
material boundary. 

The success of a vibration isolation measure is most 
commonly expressed by the amplitude reduction factor AR, 

which compares the vertical soil velocity v+ after installation of 
the trench to the vertical soil velocity v0 before the installation: 

0v

v
AR  . (2) 

Numerical calculations were carried out by Sadegh-Azar, in 
which the amplitude reduction was analysed with respect to the 
impedance ratio of various materials (Sadegh-Azar 2010). It 
became apparent that the impedance ratio between soil and 
trench filling has to be very high or low for satisfying 
attenuation of vibrations. A low IR (i.e. << 1.0) is achieved by 
using open trenches or a filling with low density. For high 
values of IR (i.e. >> 1.0), a satisfying attenuation is achieved 
only for very deep and wide trenches. Those results were 
confirmed in many experimental and numerical studies (e.g. 
Woods 1968, Adam, M. & von Estorff, O. 2005). 

Open trenches are not self-supporting, so in the past gas-
filled mats with very low density were used and placed into a 
previously excavated trench. The mats turned out to be very 
effective regarding vibration reduction, but susceptible to failure 
and difficult to install. However, massive concrete walls proved 
to be very costly and, especially in urban spaces, impossible to 
be installed because of crossing pipes and wires. Both systems 
have not been established until today. 

In the attempt to construct a self-supporting trench, filled 
with a material that has a high impedance ratio with the 
surrounding soil, research has been done on trenches filled with 
polyurethane foam. Alzawi & Hesham El Naggar carried out 
field tests with a 25 cm wide trench and achieved good isolation 
results (Alzawi & Hesham El Naggar 2011). 

A research project currently carried out at the institute of 
Geotechnical Engineering at RWTH Aachen University aims at 
adjusting the method for practical applications by using very 
thin trenches (2 – 5 cm) that are directly injected into the soil. 
Advantages of thin trenches are numerous, e.g. a notable saving 
of material and a significant simplification of the installation 
process, resulting in a minimal impact on the environment. 

3 LABORATORY TEST 

3.1 Test setup and materials 

In a first step, the general suitability of very thin trenches as a 
practical isolation measure was investigated. For this purpose a 
simple testing device was built, in which an uniformly graded 
and medium dry sand was subjected to a harmonic excitation on 
its upper surface. The soil velocities in front and behind an 
injected trench, in the following referred to as PU-foam barrier, 
were measured. 
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A wooden box was placed within a steel box with dimensions 
measuring 1 m x 5 m x 1 m (W x D x H) (see Fig. 1). By 
placing rubber cushions between the wooden and the steel box, 
they were dynamically separated to avoid the transmission of 
vibrations. In the following, this side of the box will be referred 
to as the ‘decoupled’ side. 

The box was filled with sand, before the installation of the 
foam barrier was carried out. Finally, a harmonic load generator 
was placed on top of the ‘decoupled’ side. 

 

 
Figure 1. Testing device. 

The generator induced vibrations of a defined frequency, 
which was 50 Hz in this case, and a defined force into the soil. 
To measure the impact of the PU-foam barrier, velocity sensors 
were placed in front (pos. 1) and behind (pos. 2) the barrier. 

3.2 Testing results 

The vertical soil velocities versus time are plotted in Figure 2 
for a time period of 60 seconds. For both positions an 
approximately constant maximum amplitude over time was 
measured. At position 1 the average maximum amplitude is 
about 1.2 mm/s, while at position 2 the average maximum 
amplitude is only about 0.7 mm/s, resulting in an amplitude 
reduction factor about 60 %. 

By applying the Fourier Transformation to the time-domain 
signals of Figure 2, the corresponding frequency spectrums are 
obtained. The resulting values, i.e. the vertical soil velocities 
versus frequency are plotted in Figure 3. 
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Figure 2. Soil velocity versus time at position 1 & 2. 
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Figure 3. Soil velocity versus frequency at position 1 & 2. 

Predominant frequencies at which high velocities occur are 
found at approx. 67 Hz and around 100 Hz. Those frequencies 
do not fit the applied frequency of 50 Hz, which is due to 
unavoidable reflections of the vibrations at the boundaries of the 
box. However, in Table 1 the resulting amplitude reduction 
factors are listed for the predominant frequencies. For the most 
significant frequency of 100.9 Hz, the amplitude reduction is 
about 64%, which is in agreement with the mean amplitude 
reduction factor calculated from the time-domain signals in 
Figure 2 directly. 

 
Table 1. Amplitude reduction factor AR for predominant frequencies.  

Frequency 
[Hz] 

AR 
[-] 

66.9 0.15 

96.9 0.37 

100.9 0.64 

104.9 0.21 

113.4 0.03 

 
Since actual soil velocity measurements close to railways 

show predominant frequencies in the range from 20 Hz to 
100 Hz, the results of the laboratory test are transferable to 
practical applications, even though just to some extent. Due to 
inevitable boundary conditions, e.g. reflection of vibrations at 
the wooden box because of incomplete decoupling from the 
steel box, the results must be regarded qualitatively not 
quantitatively. However, the laboratory test confirms the 
usability of very thin and vertical PU-foam barriers as vibration 
isolation measure. 

4 NUMERICAL MODEL 

A 2D numerical model was set up to study the influence of 
thin and vertical PU-foam barriers on vibrations in soil for a 
broad range of boundary conditions and parameters. The aim of 
the study was the development of a prediction tool for vibration 
attenuation, which can be used to estimate the effect of PU-
foam barriers in practical applications. For this purpose the 
dynamic module of the finite element software Plaxis was 
utilised. 

The model dimensions were 100 m x 30 m (width x height) 
and viscous boundaries were used to avoid reflection of waves 
at the model boundaries. A harmonic dynamic displacement of 
0.1 cm was applied with frequencies between 20 Hz and 80 Hz 
on the surface at a distance of 2 m from the barrier. 

For small dynamic strains, like those caused by trains, soil 
exhibits an approximately elastic behaviour (Richart et al 1970). 
The used elastic parameters of sand and foam are given in 
Table 2. 
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Table 2. Material parameters of sand and foam.  

 Parameter Value 

Sand 

Unit weight 17.8 kN/m³ 

Elastic modulus 200,000 kN/m² 

Poisson ratio 0.3 

Foam 

Unit weight 2.0 kN/m³ 

Elastic modulus 50,000 kN/m² 

Poisson ratio 0.01 

4.1 Verification of dynamic module 

At first the dynamic module of Plaxis had to be verified with 
respect to the problem of vibration isolation in soil. Plaxis itself 
provides a verification manual (Plaxis bv 2011), which proves 
the correct simulation of the Rayleigh wave movement. This is 
crucial for considering soil dynamics in an elastic half space. 

Another important aspect is the correct modelling of the 
behaviour of waves at material boundaries. The reflection and 
transmission of waves at material boundaries is expressed by 
the so-called transmission and reflection coefficients T and R 
respectively. Results of a preliminary study (due to the limited 
space not shown in this paper) have approved that the numerical 
approach matches the analytical solution almost exactly. 
Therefore the dynamic module of Plaxis is considered an 
appropriate tool for the numerical analysis of vibration isolation 
in soil. 

4.2 Interface elements 

The achieved vibration attenuation is significantly influenced by 
the characteristics of the interface elements between foam and 
sand. Hence, it is of upmost importance to understand the 
transfer mechanisms of stresses and strains at the material 
boundary. 

It is assumed that there is a defined interface area between 
foam and sand with the thickness ti. This interface behaves 
following Coulomb’s law of friction. That is, the interface 
elements are assigned a linear-elastic ideal-plastic constitutive 
law with Mohr-Coulomb yield condition. Plastic deformation 
will occur when the shear stress reaches the maximum shear 
stress max as defined by Eq. 3: 

 

iNic  tanmax  . (3) 

 
Here, N is the actual normal pressure in the interface 

element, ci is the cohesion and i is the angle of friction of the 
interface. 

The transfer mechanism at the foam-sand interface can be 
described by considering the behaviour of the interface in a 
direct shear test. In a direct shear test, the upper half filled with 
sand is sheared against the lower half filled with PU-foam (see 
Fig. 4, top). The shear stress  = T/A, with A being the 
specimen area, as well as the lateral movement s are obtained 
from measurements. 

Looking at the interface within a small element (see Fig. 4, 
bottom left), it is obvious that the shear stress i leads to a shear 
strain  = s / ti. The shear stiffness is expressed by the shear 
modulus Gi. The bottom right of Fig. 5 shows a typical shear-
displacement curve of a sand-foam interface obtained from the 
direct shear test. 

 
Figure 4. Scheme of direct shear test (top), interface element (bottom 
left) and -s-diagram from direct shear test between sand and foam 
(bottom right). 

The elastic behaviour is governed by the shear modulus Gi 
and can easily be calculated from the laboratory results 
according to Eq. 4: 
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Herein, the interface thickness has to be estimated depending 

on the soil particle size. Plastic deformation will occur as soon 
as max as defined by Eq. 3 is reached. Thus both elastic and 
plastic parameters of the interface elements can be derived from 
the direct shear test and can be used as input parameters in 
numerical calculations. 

Up to now, no direct shear tests between foam and sand have 
been carried out. Therefore, in the following chapter the general 
influence of the interface parameters will be specified. 

4.3 Results 

The results presented in this chapter refer to calculations carried 
out with a PU-foam barrier whose width was chosen to be 5 cm. 
In Figure 5 the amplitude reduction factor is plotted versus the 
depth of the trench t normalised with the wave length , T. With 
increasing normalised depth of the barrier, a lower and thereby 
improved amplitude reduction is achieved. 
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Figure 5. AR versus T for different frequencies from numerical 
calculations. 

Fig. 6 shows the distribution of the vertical soil velocity 
versus depth for a Rayleigh wave, which is a surface wave and 
transmits most of the wave energy in soil. With increasing depth 
the vertical soil velocity decreases rapidly. 70 % of the total 
energy of the wave is transmitted within a depth t equal to the 
wave length  (Richart et al 1970). Thus, the best results for a 
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vibration reduction are achieved for values of T being higher or 
equal to 1. That implies that very deep barriers are necessary for 
low frequencies, because low frequencies result in long wave 
lengths. Generally, the PU-foam barrier should be realised as 
deep as possible. 

 

 
Figure 6. Distribution of vertical soil velocity and wave energy versus 
depth for Rayleigh waves. 

In the following, the influence of the interface parameters on 
the amplitude reduction factor is investigated. Both, the elastic 
parameter (i.e. shear stiffness Gi) and the plastic parameters (i.e. 
cohesion ci and angle of friction i) were varied, while the 
frequency of the prescribed displacement was kept constant to 
50 Hz. 

In Figure 7 the amplitude reduction factor is plotted versus g, 
which is the shear stiffness of the interface Gi, normalised with 
the shear stiffness of the surrounding soil Gsoil, for different 
angles of interface friction i. 
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Figure 7. AR versus g for different angles of friction i. 

It is apparent that the normalised shear stiffness g has a 
major impact on the amplitude reduction. With g decreasing 
from 1.0 to 0.0005, the amplitude reduction improves from 
about 60 % down to about 20 %. However, a decreasing angle 
of friction results only in a slight improvement of the amplitude 
reduction. The same behaviour has been observed while 
reducing the cohesion of the interface ci. 

Due to the lower stiffness and strength of the interface, less 
stresses are transmitted at the material boundary, which results 
in lower soil velocities behind the barrier. That is, kinetic 
energy is transformed into friction energy at the material 
boundary. The results discussed above show a high sensitivity 
against the variation of the interface stiffness compared to the 
variation of the interface strength. Therefore, special care has to 
be taken in choosing the elastic parameters of the interface. 
Direct shear tests between sand and foam need to be carried out 

in the future in order to improve the fundamental understanding 
of the transfer mechanism between both materials. 

5 CONCLUSION 

In this paper, first results from laboratory tests investigating the 
effectivity of very thin and vertical PU-foam barriers for 
vibration isolation were described. Moreover, a numerical 
model as prediction tool and the results obtained by a 
parametric study were presented. 

The results from the laboratory test proved the usability of 
thin PU-foam barriers as an alternative vibration isolation 
measure. Frequencies that showed a significant reduction were 
in the range of those usually induced by trains (i.e. 20 Hz to 
100 Hz). The amplitude reduction factor (AR) varied between 
20 % for subsidiary and 60 % for predominant frequencies. 

In addition to the laboratory tests, the dynamic module of the 
finite element program Plaxis was used to develop and verify a 
numerical model. Purpose of the model was the analysis of the 
influence of PU-foam barriers on vibrations in soil for different 
settings. In the future, the model can be used as a prediction tool 
for vibration attenuation. 

Results of the numerical calculations showed a significant 
dependency of the achieved amplitude reduction on the 
characteristics of the interface elements. It became apparent that 
particularly the stiffness (i.e. shear modulus Gi) of the interface 
elements has a major impact. 

For a better understanding of the transfer mechanisms at the 
material boundary foam-sand, a series of direct shear tests will 
be carried out at the institute of Geotechnical Engineering at 
RWTH Aachen University. The obtained interface parameters 
will serve as input data for further numerical calculations. 
Furthermore, it is necessary to calibrate and validate the 
numerical model with large-scale field tests. 
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Advanced analyses of cone penetration tests in fine-grained soils 
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ABSTRACT: To investigate the subsoil different indirect field tests are common. One of these is the cone penetration test. Classically
the analysis and interpretation of the test results are performed by empirical approaches. This paper deals with a new semi-empirical 
approach. Cone penetration tests with a low plasticity clay were conducted at the geotechnical laboratory. There it is possible to 
maintain controlled boundary conditions such as drained or undrained behavior as well as cell pressure and penetration velocity. A 
miniature cone was pushed into an isotropically loaded soil while the sleeve friction, the cone resistance and the pore water pressure 
were measured.  Additionally calculations with a simplified FEM model were performed to simulate spherical cavity expansion. In 
the simulations the hypoplastic model for fine-grained soil (developed by Mašín) was used. From the comparison between the 
laboratory and numerical results a shape factor could be calculated. Furthermore an application using the model of spherical cavity 
expansion and the shape factors to interpret CPT-data in situ is shown. 

 

KEYWORDS: Cone penetration test, CPTU, hypoplastic soil model, spherical cavity expansion, shape factor, clay. 

 

1 INTRODUCTION 

The cone penetration test (CPT) is a commonly used method to 
investigate the subsoil. In a standard configuration the cone 
resistance and the sleeve friction (CPT) are measured. 
Additionally, the pore pressure can be measured with a 
piezocone (CPTU). The interpretation of the test results is 
usually carried out with empirical approaches. In this way for 
instance the soil type, its shear strength, stiffness or relative 
density (coarse-grained material) can be obtained (Mayne P.W. 
et. al, 2007, Robertson P.K. and Cabal K.L. 2012). To obtain 
reliable results from a CPT, experience is necessary in setting 
the calibration factors for calculation approaches.  

In the last years a rapid development of advanced 
constitutive soil models enabled a better approximation of the 
complex soil behavior. Today, new constitutive models can also 
be applied for the analysis of CPT results. Cudmani (Cudmani, 
2001) developed a method for coarse-grained soils using the 
cavity expansion and linking it with a hypoplastic soil model for 
sand. A shape factor was introduced in order to relate the cone 
resistance and the radial pressure from a simulation of the 
spherical cavity expansion.   
 Based on the idea of Cudmani a method for fine-grained 
soils has been developed using the hypoplastic constitutive soil 
model by Mašín (Mašín, 2005). First, the shape factor has to be 
determined from CPTU laboratory tests and simulations of the 
spherical cavity expansion. In the following the testing material 
and the cone penetration tests in the laboratory are presented. 
Furthermore the results of the numerical simulations and their 
comparison with the laboratory tests are shown and the shape 
factor is introduced. 

2 TESTING MATERIAL 

A low plasticity clay, classified according to German standard 
DIN 18196, was used for the cone penetration tests in the 
laboratory. The group name confirming to the classification 
system ATSM D2487-06 is lean clay (CL).  The liquid limit 
was determined to 31.6% and the plastic limit to 13.9%. The 
ignition loss ignition of the soil is 3%.  The grain size 
distribution shows 32% clay (<0.002 mm), 44% silt (0.002-0.06 
mm) and 24% fine sand (0.06-0.2 mm).  

On remolded soil, two one-dimensional compression tests as 
well as an isotropic compression test were performed to identify 
the compression properties. On this basis the coefficient of 
consolidation was determined to be in the range between 2∙10-09 
and 1∙10-08 m/s², increasing with higher (vertical or isotropic) 
stress. Moreover the coefficient of permeability could be 
calculated from the one-dimensional test results of 10-10 m/s. 
The parameters N (the specific volume at p’=1 kPa), λ* (loading) 
and κ* (unloading) were determined. The parameters λ* and κ* 
are defined as the slopes for loading and unloading in a double-
logarithmic diagram of a specific volume (1+e) and the 
effective mean pressure (p’=(σ1+2*σ3)/3). The results are 
shown in table 2. 

The critical friction angle φc was obtained from a direct shear 
box test. It was determined to 25.9° with cohesion c = 5.1 kPa. 
In addition, an undrained consolidated triaxial test was carried 
out. Here the friction angle corrosponend to 26.3° (c=0 kPa). 
The representive critical friction angle was thus set to 26.0°. 
This value was also used in the numerical model. The cohesion 
was set to zero because for all experiments the soil was 
remolded by sieving and mixing the material at a high water 
content. 
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3 CONE PENETRATION TEST IN LABORATORY 

3.1 Experimental setup 

The cone penetration test (CPTU-test) was performed in a 
triaxial cell. The sample (shown in figure 1 – no. 8) has a 
diameter of 15 cm and a height of approximately 25 cm to 32 
cm. The sample is surrounded by a membrane (7). On both 
sides of the sample porous filter stones (6) are placed. The top 
plate (9) completes the test setup. An internal load cell (4), 
fixing the top plate transfers the loading to an outer frame (not 
in figure 1). In the base plate (5) an opening is provided, where 
the cone penetrometer (3) and its rod are pushing through. The 
space between the plate and the rod is sealed against pore water 
with a rubber ring. The cell pressure is controlled by a pressure 
volume controller (1a). A second controller (1b) is used to 
manage the pore pressure. This pore pressure is also measured 
by a pressure transducer (2). 
 The mini-piezocone from FUGRO has an area of 1 cm² 
(diameter 1.13 cm) and cone apex angle of 54°. The cone 
penetrometer has two load cells for pressure measurements at 
the cone and at the sleeve. Behind the cone there is a porous 
filter stone and a pressure transducer. Hence the total cone 
resistance qc, the sleeve friction resistance fs and the pore water 
pressure u can be measured. Due to the geometry of the cone 
the cone resistance must be corrected: 

 
∙ 	       (1) 

 
where a is the net area ratio which can be calibrated in the 

cell filled with water  under different pressures. 

The load frame and the press, which push the cone into the 
soil, are not shown in figure 1. A displacement gauge measures
the penetration depth and a LABVIEW-routine records the data 
from all sensors and saves these into an ASCII-file. 
    

 
Figure 1. CPTU calibration cell. 

3.2 Sample preparation and penetration 

The first step to produce a sample was a preconsolidation at 
zero lateral displacement. The remolded material was filled into 
a 50 cm high steel tube (inner diameter 15 cm) with a water 
content of liquid limit times 1.5. Every day the load was 

increased up to the final vertical stress of 100 kPa (CPT-S-3 and 
CPT-S-6) or 200 kPa (CPT-S-4 and CPT-S-5). The fully 
consolidated soil was pressed out of the tube. The sample was 
cut to the required size and coated with two layers of a filter 
paper and two membranes. The filter paper improves the 
draining conditions for the next step: the isotropic 
consolidation. Afterwards the sample was consolidated to a 
required cell pressure. The consolidation pressures p are shown 
in table 1.  

After completing the second consolidation, the penetration 
could be started. The cone was pushed from the bottom into the 
soil with a constant velocity of 6 mm/min. The maximum 
penetration depth in one stage was 14 cm because this is the 
maximum piston stroke. Hence, the penetrations were done in 1 
or 2 further stages. These are presented by different gray 
shadings in figure 2. During the penetration the load cell 
measured the force F (see fig.1 (4)). This was to control the 
process. The highest forces were observed in the initial 
penetration and final penetration depths. The cell pressure was 
kept at a constant value during the whole penetration. The 
volume-pressure-controller was set to hold a constant volume. 
The outer system was undrained. 

After the penetration the sample was removed from the cell 
and its geometry was measured. The sample was then cut into 
halves. Out of the cut surface 15 samples for determination of 
water content were taken along three lines parallel to the 
penetration hole in the cross section. These three lines were 
situated in the center – around penetration hole, along the edge 
– at the outer part of sample and in between, at the quarter of 
the diameter (quarter line).  

 
Table 1. Cell pressure (mean pressure p) and void ratio e of laboratory 
CPTU-tests  

Test p [kPa] e [-] 

CPT-S-3 150 0.54 

CPT-S-4 500 0.45 

CPT-S-5 400 0.46 

CPT-S-6 200 0.52 

3.3 Test results and analysis 

For the numerical investigation the void ratio is needed. The 
void ratio was calculated from the dry density. The dry density 
was determined by the volume of the sample and the dry mass 
of sample. The dry mass was calculated from wet mass 
corrected by the average water content from the quarter line. 
The water contents of the quarter line were used because the 
water contents of center line were influenced by the penetration 
and the water contents of the edge line were approximately 
0.5% smaller than the water contents of quarter line. Hence it is 
assumed that the water contents of the quarter line represented 
the initial void ratio before penetration. The void ratio is 
provided in Table 1. 

During a CPTU-test, pore water pressure u, sleeve friction fs 
and the cone resistance qt were measured. This paper shows 
only the analysis for the cone resistance in detail. In figure 2 the 
graph of the corrected total cone resistance for the test CPT-S-3 
is shown. For every test a representative value of cone 
resistance has to be defined. Because of the isotropic boundary 
conditions all three penetration parameters should approach a 
constant value. Therefore, for every test a range of penetration 
depth was selected where u, qt and fs were approximately 
constant. For instance in test CPT-S-3 the representative cone 
resistance is calculated from the average of  qt in the range of 
penetration depth from 125 mm to 190 mm, see figure 2.  
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Figure 2. Test results of CPT_S_3. 

4 NUMERICAL ANALYSIS 

4.1 Constitutive  model 

The simulations were performed with help of a finite element 
analysis using the hypoplastic constitutive soil model for clay 
developed by Mašín (Mašín, 2005). The simulated soil behavior 
is nonlinear. Furthermore the model includes the influence of 
baratropy and pyknotropy. In standard configuration (without 
the intergranular strain) the model is characterized by five 
parameters: the critical friction angle φC , the parameters λ*, κ*, N 
to represent the compression behavior and the parameter r, 
controlling the stiffness in shear. The first four parameters were 
determined directly from standard laboratory tests discussed in 
section 2. Table 2 summarizes the results for the tested material. 
The parameter r was calibrated from stress-strain-curve in a 
parametric study. 

Moreover the soil model includes two state variables: void 
ratio and effective mean pressure.  
 
Table 2. Parameter set for the hypoplastic model of clay. 

φC [°] λ* [-] κ* [-] N [-] r [-] 

26.0 0.0507 0.0085 0.683 0.5 

 

4.2 Test analysis and results 

The simulations were done with a simplified model of the 
spherical cavity expansion. In figure 3 a part of the model is 
illustrated. The smaller sphere A is expanding. In the initial 
state it has the radius ra0, which increases with time (ra). The 
sphere B with an outer radius rb and inner radius ra represents 
the soil. The difference of the radii should be chosen large 
enough not to influence the simulation results. The outer radius 
rb is also increasing with time because undrained behavior of 
soil was simulated. On the outer surface of the sphere B a radial 
pressure pr,b is applied. On the inner surface of sphere B the 
radial pressure pr,a is directed outwards. 

 
Figure 3. Spherical cavity expansion  

For the cavity expansion the same conditions as in the 
laboratory test should be simulated. Therefore the initial void 
ratio is the calculated from the CPTU-tests (see table 1). The 
initial stress at all elements is the cell pressure from the 
particular test. The initial radial stresses pr,a and pr,b also 
correspond to this mean pressure. During the simulation pr,b is 
kept constant. The stress pr,a is increasing and achieves a 
maximum. The maximum total radial stress pr,a is defined as the 
limit pressure pLS. The results for the four simulations of the 
cavity expansion are shown in table 3. All simulations were 
done with the finite element software TOCHNOG 
(http://www.feat.nl). 
 
Table 3. Results of the laboratory CPTU-tests (corrected total cone 
resistance qt) and the simulations (limit pressure pLS) 

Test qt [kPa] pLS [kPa] 

CPT-S-3 559.8 399.3 

CPT-S-4 1685.0 1320.9 

CPT-S-5 1379.0 1108.2 

CPT-S-6 796.6 523.9 

5 SHAPE FACTOR 

The cavity expansion is a spherical symmetric problem, 
whereas the real soil deformation around the cone is not 
completely spherical. CPT tests using x-ray tomography show 
the shape of a three-quarter sphere (Paniagua et al. 2013). The 
different shapes illustrate that the simulation and the real 
CPTU-tests cannot give the same result. Therefore a calibration 
factor, here introduced as shape factor, relating the different 
shapes has to be defined.  
  The shape factor for the corrected total cone resistance is 
defined in Table 4 (row 1) according to Meier (Meier, 2007). 
The numerator (qt – p0) is called net cone resistance.  

The shape factor kq is determined from a net cone resistance 
(CPTU-test) or limit pressure (simulation) - mean pressure – 
diagram (see figure 4). From the diagram the linear regressions 
obtained with the least squares method were calculated using 
either the CPTU laboratory test or simulation results. The ratio 
of the slope of the CPTU-test (2.684) and the slope of the 
simulation (2.439) results in a shape factor value of 0.91.   

 

 
Figure 4. Comparison between the results from laboratory CPTU tests 
and the simulations 

Furthermore, the pore water pressure (uS) was obtained from 
the simulations enabling the calculation of the effective 
resistance. For instance the shape factor kq,eff is calculated using  
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effective cone resistance (qt - uL) and effective limit pressure 
(pLS - uS).  

The degree of saturation of the CPTU-test was between 94% 
and 100%. In addition, another shape factor ku was defined from 
the comparison of the pore water pressures from the laboratory 
tests and the simulations. 

 
Table 4. Resulting shape factors 

Definition Factor [-] 

0
 0.91 

,  2.51 

 0.76 

, ∙ tan
 0.30 

 
The shape factor ks,eff is calculated using the friction sleeve 

resistance fs and the effective limit pressure (pLS - uS) multiplied 
by the contact friction angle φKV between the clay and steel 
plate. To get this friction angle a direct shear box test was done. 
The lower box was filled with a steel plate and the upper box 
with the soil. Consolidating to different vertical stresses, a 
contact friction angle of 18.6° has been determined.  

All shape factors and their definitions are shown in table 4. 
The analyses to obtain the factors were always the same. The 
laboratory and simulation results were approximated by a linear 
regression. From the slopes of the regression lines the shape 
factors were calculated.  

 
Figure 5. Shape factors kq at different mean pressures. 

Shape factors kq determined at different cell pressures are 
shown in figure 5. The black line represents the shape factor 
obtained from the regression described before (see figure 4). It 
is unknown if the shape factor is a function of the mean 
pressure. From figure 5 it can be assumed that the shape factor 
is decreasing with increasing cell pressure (mean pressure). 
New laboratory tests with different cell pressures should 
confirm or disprove this statement.  

6 APPLICATION  

The presented semi-empirical method can be used to 
determine for instance the void ratio or consistency of fine 
grained soils. Of course the soil properties need to be 
determined on disturbed samples in order to get the parameters 
of the constitutive model. Thus, the method is interesting e.g. 
for the investigation of landfills where the soil was dumped and 
is well known.   

In the following the procedure to analyze the void ratio in 
situ is presented. The method is shown for the shape factor kq 
and the net cone resistance. But is also possible do to this with 
another shape factor and the penetration variable (qt, fs, u). 

With the depth of the penetration point and an assumed unit 
weight the vertical stress can be calculated. Using this stress and 
an earth pressure coefficient at rest the mean pressure can be 
calculated. The void ratio has to be set in a reasonable range to 
describe the state of the soil. So with the simulation the limit 
pressure can be obtained.  

The net cone resistance for the observed penetration point is 
divided by the shape factor and represents the left side of the 
equation: 

 

                                                              (2) 

 
In an inverse analysis the limit pressure must be found to 

satisfy the equation (2). Thus a void ratio has to be assumed and 
the simulation gives a limit pressure. A void ratio fulfilling the 
equation (2) has to be sought iteratively. 

7 CONCLUSION 

Based on laboratory CPTU-tests on one hand and 
simulations with the model of cavity expansion on the other 
hand the shape factors for cone resistance, sleeve friction 
resistance and pore pressure were obtained. Taking into account 
a wider range of mean pressures, it should be investigated 
whether the shape factors are stress dependent. For practical use 
the influence of cone size, penetration velocity and soil 
properties should also be studied.  
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Multichannel Analysis of Surface Waves for Estimation of Soils Stiffness Profiles 
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ABSTRACT: The Multichannel Analysis of Surface Waves (MASW) is a relatively new and advanced technique to estimate stiffness
profiles of soil sites. The method can be broken down into three steps; field measurements, dispersion analysis and inversion analysis. 
Here twenty-four geophones have been used to gather wave propagation records. A dispersion analysis has thereafter been carried out
using two approaches; a swept-frequency approach and the phase-shift method. Both methods reveal similar dispersions curves. 
Future steps in the project will include development of an inversion analysis model.  

 

KEYWORDS: Multichannel Analysis of Surface Waves (MASW), site exploration, dispersion, shear wave velocity, stiffness. 
 

 
1 INTRODUCTION 

For more than two decades, the seismic exploration method 
Spectral Analysis of Surface Waves (SASW) has been used to 
estimate shear wave velocity and stiffness properties of subsoil 
sites. The Multichannel Analysis of Surface Waves (MASW) is 
newer and more advanced technique but still under 
development. It is believed to be more accurate, more reliable 
and faster than SASW. 

Post glacial loose surface sediments deposits are common in 
Iceland. The country is further known for its seismicity where 
earthquakes of magnitude up to seven can be expected in 
inhabited areas. In addition to general geotechnical properties 
for design, it is therefore important to map site amplifications 
and liquefaction hazard at construction sites. The SASW 
method has been used in Iceland for many years (Bessason and 
Erlingsson, 2011). 

The objective of the study presented in this paper is to 
develop and customise the new MASW method. This includes 
development of a data processing program that extracts 
Rayleigh wave dispersion curves from multichannel surface 
wave registrations as well as an inversion data processing 
program to create the stiffness profile of a site. 

2 MULTICHANNEL ANALYSIS OF SURFACE WAVES  

In MASW, Rayleigh-type surface waves are generated and used 
to infer the shear wave velocity profile of the test site as a 
function of depth. The shear wave velocity is further directly 
proportional to their shear modulus. Compared to other 
available methods, surface wave methods are low-cost, as well 
as being non-invasive and environmental friendly since they 
neither require heavy machinery nor leave lasting marks on the 
surface of the test side. Moreover, the MASW method has been 
shown to provide consistently reliable results (Xia et al., 2002). 
The main advantages of the MASW method over the SASW 
method include a more efficient data acquisition routine in the 
field, faster and less labour consuming data processing 
procedures and improved identification and elimination of noise 
from recorded data (Park et al, 1999, Xia et al., 2002). 
Furthermore, observation of stiffness properties for a given site 

as a function of both depth and surface location (i.e. 2D or even 
3D presentation) becomes possible and economically feasible 
by using the MASW method (Xia et al., 2000). 

MASW surveys can be broken down into three steps; field 
measurements, dispersion analysis and inversion analysis (Park 
et al., 1999).  

For field measurements, geophones are lined up on the 
surface of the test site as shown in Fig. 1a. A wave is generated 
by an impulsive or a vibrating source at one end of the lineup 
and the geophones record the resulting wave motion as a 
function of time (see Fig. 1b). 

Figure 1: Field measurements. (a) Geophones are lined up with equal 
spacing on the surface of the test site. The receiver spacing is dx and the 
source offset is x1. (b) A wave is generated with an impact load at one 
end of the lineup and the wave propagation is recorded. 

 
In the dispersion analysis, dispersion curves are extracted 

from the measured surface wave data. Dispersion curves can be 
constructed in number of ways. Two methods will be presented 
here; a swept-frequency approach and the phase–shift method. 

2.1 Swept-frequency approach 

The basis of the method is the trace-to-trace coherency in 
amplitude and arrival time of surface waves that is observed on 
multichannel records. By displaying the multichannel record in 
a swept-frequency format, the Rayleigh wave phase velocity at 
different frequencies can be determined. Due to the linear 
separation of each Rayleigh wave frequency component 
(referred to as a linear event), the phase velocities are obtained 
by calculating the linear slope of each frequency component. 
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Noise sources, e.g. body waves and higher mode surface waves, 
are generally observed as breaks in the otherwise coherent 
surface wave motion (Park et al., 1999). 

A swept-frequency record ,  can either be obtained 
directly or indirectly. For indirect records, an impulsive record 
is transformed into a swept-frequency record by convolution 
with a simple stretch function (Park et al., 1999) as shown in 
Fig. 2. Direct records are obtained by using a vibrating seismic 
source with varying frequency. 

Figure 2: Example of convolution of a single trace from an impulsive 
shot gather with a stretch function. 

Figure 3: (a) Swept-frequency record obtained by convolution. Red 
markers identify the local maxima of each trace that are part of linear 
events used to determinate Rayleigh waves velocity as a function of 
frequency. (b) Dispersion curve obtained from the slope of each linear 
event. (Only 10 traces are shown in this example.) 

Linear events within the swept-frequency record are 
identified by examining the trace-to-trace coherency in 
amplitude and arrival time of the surface waves recorded by 
each of the 	receivers. The linear slope of each linear event is 
obtained by using the method of least squares and subsequently, 
the Rayleigh wave velocity at the frequency representative of 
each linear event is determined as one divided by the slope of 
the least squares regression line (Park et al., 1999) (see Fig. 3). 

2.2 Phase-shift method 

The phase-shift method is a wave transformation technique 
to obtain a dispersion image (a phase-velocity spectra) based on 
a multichannel impulsive shot gather (Park et al., 1998). 

Using the phase-shift method, the dispersion properties of 
all types of waves (body and surface waves) contained in the 
recorded data are visualized in the frequency - phase velocity 
domain. Different modes of surface waves are recognized by 
their frequency content and characterizing phase velocity at 
each frequency. Noise sources, e.g. body waves and reflected/ 
scattered waves, are likewise recognized by their frequency 
content and moveout across the receiver array. The required 
Rayleigh wave dispersion curves are extracted from the 
dispersion image for further analysis. Noise is usually 
automatically removed in this process (Park et al., 2007). Apart 
from automatic noise removal, it becomes possible to observe 
multi-modal surface wave dispersion characteristics, provided 
that higher modes were excited during data acquisition (Park et 
al., 1998).  

The phase-shift method can be divided into three steps; 
Fourier transformation and amplitude normalization, dispersion 
imaging and extraction of dispersion curves (Park et al., 1998). 
The most vital data processing steps are listed in Fig. 4, 
followed by a brief description of each step.  

Figure 4: An overview of the phase-shift method.  
 

A Fourier transform is applied to each trace of the recorded 
wavefield, 	 1, … , , to decompose the record into 
individual frequency components. The transformed record can 
be expressed as the product of amplitude and phase spectrum, 

. The phase term, , is determined by 
the characteristic phase velocity of each frequency component, 
,	while the amplitude term, , preservers information 
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regarding other properties such as the gradual loss in intensity 
of the signal and how its energy is spread out. As the phase term 
of the signal contains all information about its dispersion 
properties, the amplitude of each trace can be normalized 
without any significant information being lost (Park et al., 1998, 
Ryden et al., 2004). 

For a given testing phase velocity and a given frequency, 
the amount of phase shifts required to counterbalance the time 
delay corresponding to specific offsets are determined. The 
phase shifts (determined in step 4 in Fig. 4 for a given testing 
phase velocity) are applied to distinct traces of the transformed 
record, that are thereafter added to obtain the slant-stacked 
(summed) amplitude corresponding to each set of  and 

, 	(Park et al., 1998, Ryden et al., 2004). Steps 4 and 5 
(shown in Fig. 4) are repeated for all the different frequency 
components of the transformed record in a scanning manner, 
changing the phase velocity in small increments within a 
previously specified interval. The dispersion image is obtained 
by plotting the summed amplitude in the frequency – phase 
velocity domain. The high-amplitude bands observed will 
display the dispersion characteristics of the recorded surface 
waves (Fig. 5a and 5b) and are used to construct the dispersion 
curve for the site (Fig. 5c) (Park et al., 1998, Ryden et al., 
2004).  

 
  

Figure 5: The phase-shift method. (a) A dispersion image is obtained for 
the recorded surface wave data. (b) The high amplitude bands observed 
in the dispersion image display the dispersion characteristics of the 
recorded wavefield and are used to construct the dispersion curve for 
the site (c). 

3 THE MASW FIELD MEASUREMENTS 

The first two steps of the MASW method (field measurements 
and dispersion analysis) have been tested in Iceland on an 
alluvial deposit with the groundwater table at very shallow 
depth. The measurements were performed using twenty-four 4.5 
Hz geophones as receivers, spaced 0.5 m apart. A 7 kg sledge 
was used as an impact source. Data was gathered with varying 
source offset, i.e. 3 m, 5 m, 10 m and 20 m. Two profiles were 
measured and both the swept-frequency approach and the 
phase-shift method were used to analyze the data. For 
demonstration purposes, only dispersion curves obtained from 
one measurement are presented. Fig. 6 shows surface wave data 
obtained with source offset of 10 m. 

Figure 6: Multichannel surface wave data obtained at a test site in South 
Iceland. Data was gathered using twenty-four 4.5 Hz geophones. A 7 kg 
sledge was used as an impact source. The load was applied 10 m away 
from the left side of the geophone spread.  
 

A phase velocity spectra was obtained for the recorded 
surface wave data shown in Fig. 6 by using the phase-shift 
method. The resulting dispersion image is shown in Fig. 7 and 
Fig. 8 represented in two and three dimensions, respectively. 
The different slant-stacked amplitudes are shown using a color 
scale. The maximum value obtained in Figs. 7 and 8 is unity as 
the amplitude is normalized over the whole range of  and .  

The high-amplitude bands observed in the dispersion image 
correspond to the dominating fundamental mode of the recorded 
surface waves. The smaller crests (at higher phase velocities 
than the fundamental mode band) are due to the higher-mode 
content of the shot gather. The higher modes are visible at 
frequencies of 25 Hz and above. As the higher modes get 
substantially more energy, the fundamental mode peaks become 
less sharp. The marked points in Fig. 8 correspond to the 
extracted fundamental mode dispersion curve. The fundamental 
mode dispersion curve is presented as phase velocity vs. 
wavelength in Fig. 9. 

Figure 7: Dispersion image from data acquired at a test site in South 
Iceland. 
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Figure 8: Dispersion image from data acquired in South Iceland. The 
marked points correspond to the fundamental mode dispersion curve. 

 
A swept-frequency record was obtained by convolution of 

the impulsive record shown in Fig. 6 with a stretch function. 
The stretch function was chosen as a sinusoidal function with 
linearly varying frequency from 1 - 30 Hz and of length 10 s. 
By using the stretch function to linearly separate the frequencies 
contained in the recorded surface wave data, the phase velocity 
corresponding to each frequency component could be computed 
using the previously described method (Section 2.1).  

A comparison of fundamental mode dispersion curves 
obtained by the phase-shift method and the swept-frequency 
approach is provided in Fig 9. As indicated by the figure, the 
dispersion curves obtained by the two methods are strictly 
comparable.  

Figure 9: Comparison of dispersion curves obtained by the phase-shift 
method and the swept-frequency approach. 

4 INVERSION ANALYSIS 

The third and final step of the MASW method is to obtain a 
shear wave velocity profile by inversion of the experimental 
Rayleigh wave dispersion curve. Calculations are based on 
wave propagation theory, assuming a layered earth model where 
the last layer is assumed to be a half-space (Xia et al., 1999). 

A mathematical model for layered elastic materials is used to 
determine a theoretical dispersion curve based on an assumed 
number and thickness of soil layers, and assumed material 
properties, most importantly shear wave velocity, for each layer. 
Different sets of parameters are inserted into the model in an 
iterative way in search of the theoretical dispersion curve that is 
most consistent with the observed dispersion characteristics. 
The shear wave velocity profile and the layer structure that 
result in the theoretical dispersion curve that best fits the 
experimental one are taken as the result of the survey (Xia et al., 
1999).  Study on different inversion methods, utilization of 
chosen procedure and software development remains further 
work and are not the subject of this paper. 

5 CONCLUSIONS 

Multichannel Analysis of Surface Waves (MASW) is a 
seismic exploration method to estimate the shear wave velocity 
profile of near-surface materials. This method is now applied 
for the first time in Iceland. 

The first MASW measurements in Iceland were carried out 
in the fall of 2013 and the data obtained was used to develop 
and test a dispersion analysis program. Results of preliminary 
testing are promising and the dispersion curves obtained with 
the phase-shift method and the swept-frequency approach are 
comparable. However, the dispersion analysis program still 
requires further testing, using surface wave data from several 
different sites, where comparison with results obtained by other 
methods is possible. 

Future steps of the project include validation of the 
dispersion analysis program, study on different inversion 
methods and software development for inversion analysis. 
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Static load test analysis for 600 mm bored pile in stiff soil 

Tomislav Šiša 
Geotehnički studio Ltd., Nikole Pavića 11, 10000 Zagreb, CROATIA  

ABSTRACT: For piled foundation project, it is necessary to determine pile capacity and compare behavior of the pile with 
assumptions of the design. As most usual and most reliable method used for determining pile capacity is Static loading test. In this 
Paper, the ultimate capacity of the bored pile is analyzed. The pile is 24 m long with diameter of 600 mm. The test is performed 
within the project of strengthening of bridge pier ‘’Sava – Zeleni’’ in Zagreb. The test procedure was performed according to ASTM 
D1143-81 (Reapproved 1994): Standard Test Method for Piles Under Static Axial Compressive Load. The analysis of the Ultimate 
load capacity was performed according to eight different Methods: Terzaghy, Hansen Ultimate Load, Chin-Kondner Extrapolation, 
Decourt Extrapolation, Maximum Curvature Point, De Beer Yield Load, Davisson Offset Limit, The Creep Method. For first five 
methods the results fall around the ‘’Ultimate load’’, while for last three the result fall near the ‘’Yield load’’. Comparing the results 
to the Pile resistance calculated from the back analyzed soil parameters the Ultimate calculated load is close to ‘’Ultimate load’’ 
interpreted from static test, while the Ultimate shaft resistance is close to ‘’Yield load’’ interpreted from static test. 

 

 

KEYWORDS: bored pile, static loading test, stiff soil, ultimate load capacity 
 

 
1 INTRODUCTION 

The railway bridge ‘’Most Sava – Zeleni’’ lies on one of the 
most frequent railway excess of the City of Zagreb, to the main 
Croatian ports on the Adriatic coast. The bridge was constructed 
in the year 1939, and it was repaired after the Second World 
War. The arch steel bridge is 9.6 m wide and it is 306 m long. 
The maximum span over the river of Sava is 135.5 m long. The 
piers of the bridge are made of reinforced concrete with the 
facing of the stone blocks (Figure 1). One of the piers, that has 
the bearing support for both horizontal and vertical actions, is 
situated near the riverbank. 

 

  
Figure 1. Railway bridge ‘’Most Sava – Zeleni’’ during the construction 
of bored piles. 

Due to time degradation effects and demands for higher 
traffic loads, it was necessary to take the actions for 
strengthening the pear foundation. The strengthening system 
consists of bettered bored piles fully embedded into the pile cap 
and incorporated into the old pier by reinforced concrete 
coating.  

 
2 SOIL PROFILE  

The soil profile at the site was investigated in two stages. In the 
first stage, 20 m long borehole was performed to define the soil 
profile for the main design. As the total length of the designed 
piles was greater than the final investigation depth, it was 
necessary to perform 30 m long control investigation borehole 
prior to construction of the piles.  

Geotechnical investigation performed include in-situ 
penetration tests (NSPT), standard laboratory tests (seave 
analysis, Atterberg limits, moisture content, specific weight, 
uniaxial strength and compressibility modulus) and accessory 
‘in-situ’ tests (pocket penetrometer, pocket vain test). The 
characteristic soil profile with corresponding mechanical and 
physical properties of the soil is shown on Figure 2. 

The soil profile consists of four dominant layers and it is 
characteristic for alluvium of Sava River in the area of City of 
Zagreb. Surface layer consists of low to medium stiffness 
humus fill, low plasticity clay and sand, and extends to depths 
of ~3.5 m from the surface level. The second layer consists of 
alluvial deposits of dense to very dense gravel, partially mixed 
with silt, extending down to ~11.0 m from the bottom of the 
footing. The gravel contains less than 10% of small particles, 
the Nspt value is in the range 21 to 43 (average Nspt=26). The 
relative density is in the range 53 to 85 % (average ID=68%) 
The third layer is stiff Pliocene clay to the depth of 22 m. The 
bottom layer is clayey sand layer with the interlayers of low to 
intermediate plasticity silts.
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Figure 2. Characteristic soil profile with corresponding mechanical and physical properties of the soil (SPT – standard penetration test;  
qu – uniaxial compressive strength; PP - pocket penetrometer; PSV – pocket shear vane; Ic – index of consistency). 
 
Plasticity index Ip of the high plasticity clay layer is in the 

range 16 to 45 (average Ip = 30). Nspt value is in the range 22 to 
30 (average Nspt=27). The average value of undrained shear 
strength correlated to SPT test was used for the design (cu = 
120 kPa). 

 
3 STATIC PILE LOAD TEST  

One of the main design concern was to model as real as possible 
the performance of pile under the vertical loading (load 
settlement curve). Methodology proposed by Rees et al. 2006. 
was used for the design. The load-settlement curve,‘t-z curve’, 
was generated by Ensoft-GROUP software. The shape of the 
curve was also checked in Plaxis 3D numerical model (Sokolić 
et al., 2010). 

During the construction of piles one Static load test was 
performed for quality control, and to validate the calculation 
model. The test was performed on 600 mm bored pile, and 
results were extrapolated for the 1000 mm bored piles. Static 
pile load test was performed by using eight ‘contra weight’ 
anchors connected by load transformation cap at the top of the 
testing pile. (see Figure 3).   

 
Figure 3. Static pile load test installation for testing 600 mm bored pile 
to the maximum Load 4500 kPa. 

Anchors type BBR were used, with total length of 22 m, 
inclined by 30 deg. from vertical with total capacity of 960 kN.  

 
 

 
Load cell with capacity of 600 tone was used with the travel 

range of 10 cm. The displacement was measured by four 
radially displaced linear transducers mounted on the beam that 
was founded outside the influence area (concrete footings 
placed app. 4.0 m distance from the center of the pile). The 
measurements were taken continuously during the load test in 
the sequence of 20 seconds. The pressure in the load cell was 
maintained manually during the test.   

 
Figure 4. Results of Static Load Test on 600 mm bored pile compared to 
design load-settlement curve and generated by back calculation. 

The testing procedure was made according to code ASTM D 
1143-81 (Reapproved 1994): Standard Test Method for Piles 
under Static Axial Compressive Load; and corresponding 
reccomendations: SUGGESTED METHOD of ISSFE: Axial 
Pile Loading Test – Part 1: Static Loading. 
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Maximum load of 4500 kN was applied in 9 increments of 
500 kN. For primary compression, the load was maintained for 
1 hour, while for unloading and reloading it was maintained for 
10 minutes. The results of testing and the loading procedure are 
shown on Figure 4. 

The results of static load test are compared to design load-
settlement. The agreement between the curves is very good both 
for stiffness and for capacity of the pile. To match the results 
even better the back calculation of soil parameters was made. 
Best match of curves was achieved by reducing the shaft 
capacity of piles by app. 20% and increasing the base capacity 
by app. 40%. The results give grate confidence to the 
methodology used for generating load-settlement curve, so it 
was used for extrapolation of the results to the 1000 mm bored 
pile.  

 
4 ANALYSIS OF RESULTS FROM THE STATIC 

LOADING TEST   

The result of the test is load-displacement curve where often the 
ultimate capacity of the pile is not clearly defined. There is a 
need for mathematical rule to calculate the ultimate capacity 
that can generate a repeatable value that is independent of 
interpreter judgment. 

The analysis of the Ultimate load capacity was performed 
according to eight different Methods: Terzaghy, Hansen 
Ultimate Load, Chin-Kondner Extrapolation, Decourt 
Extrapolation, Maximum Curvature Point, De Beer Yield Load, 
Davisson Offset Limit, The Creep Method. All are detailed in 
the following. 

1.1 TERZAGHI´S DEFINITION 

Ultimate load capacity, according to this definition, is the load 
for which the pile head movement exceeds 10 % of the diameter 
of the pile, or the load at a given pile head movement, often 1.5 
inch (3.8 cm). 

1.2 HANSEN ULTIMATE LOAD  

Hansen proposed a definition for pile capacity as the load that 
gives four times the movement of the pile head as obtained for 
80 % of that load. This ‘80%- criterion’ can be estimated 
directly from the load-movement curve, but it is more 
accurately determined in a plot of the square root of each 
movement value divided by its load value and plotted against 
the movement. The following simple relations can be derived 
for computing the capacity or ultimate resistance, (Eq. 1 and 2).  
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Where:  
Qu= capacity or ultimate load 
δu= movement at the ultimate load 
C1= slope of the straight line 
C2= y-intercept of the straight line 

1.3 CHIN-KONDER EXTRAPOLATION 

To apply the Chin-Kondner method, divide each movement 
with its corresponding load and plot the resulting value against 
the movement. After some initial variation, the plotted values 
fall on straight line. The inverse slope of this line is the Chin-
Kondner Extrapolation of the ultimate load (see Eq. 3 and 4).  
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Where: 
Qu= capacity or ultimate load 
C1= slope of the straight line  
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Where: 
C1= slope of the straight line 
C2= y-intercept of the straight line 
Q= applied load 
δ= movement 

1.4 DECOURT EXTRAPOLATION 

To apply the method, divide each load with its corresponding 
movement and plot the resulting value against the applied load. 
Results from using the Decourt method are very similar to those 
of the Chin-Kondner method (see Eq. 5 and 6). The Decourt 
method has the advantage that a plot prepared while the static 
loading test is in progress will allow the User to ‘eyeball’ the 
projected capacity once a straight line plot starts to develop   

1

2

C

C
Qu 

            (5) 




1

2

1 C

C
Q


            (6) 

Where: 
Qu= capacity or ultimate load 
Q= applied load 
δ= movement 
C1= slope of the straight line 
C2= y-intercept of the straight line 

1.5 DAVISSON OFSSET LIMIT 

The Davisson limit load is defined as the load corresponding to 
the movement which exceeds the elastic compression of the pile 
by a value of 4 mm plus a factor equal to the diameter of the 
pile divided by 120 (see Eq. 12).  

120
4(mm) OFFSET

b
         (12) 

Where:  
b= pile diameter   
The results of Static load analysis according to Method 

proposed by Terzaghi, Hansen, Chin-Konder, Decourt, 
Davisson are shown on Figure 5.  

 
Figure 5. Results of Static Load analysis according to Method proposed 
by Terzaghi, Hansen, Chin-Konder, Decourt and Davisson. 

1.6 MAXIMUM CURVATURE POINT 

When applying increments of load to the pile head, the 
movement increases progressively with the increasing load until 
the ultimate resistance is reached, a state of continued 
movement for no increase of load. 

At loads smaller than the yield load, the curvature of the 
exponential load-movement curve increases progressively. 
Beyond the yield load, the curve becomes more of a straight line 
(Figure 6). Shen and Niu (1991) proposed to determine the 
curvature by its mathematical definition and to plot the 
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curvature of the load-movement curve against the applied load. 
Their mathematical treatment is quoted below (see Eq. 7, 8, 9, 
10, 11). 
Slope, K, of the load-movement curve is determined:  
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Figure 6. Result of Static Load analysis according to Maximum 
Curvature Point Method 

1.7 DE BEER YIELD LOAD 

If a trend is difficult to discern when analyzing data, a well-
known trick is to plot the data to logarithmic scale rather than to 
linear scale.  

DeBeer (1968) and DeBeer and Walays (1972) made use of 
the logarithmic linearity by plotting the load-movement data in 
a double-logarithmic diagram. If the load-movement log-log 
plots show different slopes of a line connecting the data before 
and after the ultimate load is reached (provided the number of 
points allow the linear trend to develop), two line 
approximations will appear and these lines will intersect, which 
intersection DeBeer called the yield load (Figure 7).  

 
Figure 7. Result of Static Load analysis according to De Beer Yield 
Load Method 

1.8 THE CREEP METHOD 

For loading tests using the method of constant increment of load 
applied at constant intervals of time, Housel (1956) proposed 
that the movement of the pile head during the latter part of each 
load duration be plotted against the applied total load. These 

“creep” movements would plot along two straight lines, which 
intersection is termed the “creep load” (Figure 8).  

 
Figure 8. Result of Static Load analysis according to the Creep Method 

Below are given the values of ultimate load capacity for bored 
pile according to eight above-mentioned methods (Table 1)  
Table 1. Values of ultimate load capacity according to eight above-
mentioned methods  

 
 

5 CONCLUSION 

The Static load test performed within the project of 
strengthening of bridge pier ‘’Sava – Zeleni’’ in Zagreb was 
successfully completed. The result of the test is load-
displacement curve where often the ultimate capacity of the pile 
is not clearly defined. 

Comparing the results to the Pile resistance calculated from 
the back analyzed soil parameters the Ultimate calculated load 
is close to ‘’Ultimate load’’ interpreted from static test, while 
the Ultimate shaft resistance is close to ‘’Yield load’’ 
interpreted from static test. 

The analysis of the Ultimate load capacity was performed 
according to eight different Methods: Terzaghy, Hansen 
Ultimate Load, Chin-Kondner Extrapolation, Decourt 
Extrapolation, Maximum Curvature Point, De Beer Yield Load, 
Davisson Offset Limit, The Creep Method. For first five 
methods the results fall around the ‘’Ultimate load’’, while for 
last three the result fall near the ‘’Yield load’’ 
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METHOD QULT [KN]

Terzaghi 4500
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Behaviour of single piles under axial loading 

J. Ribeiro 
Instituto Superior Técnico, Lisboa 

ABSTRACT: The purpose of this paper is to analyse the behaviour of single piles under axial loading, as far as settlement and load
transfer mechanisms are concerned. It includes an overview of two elastic theory-based methods, which were then modelled using a 
finite element program. It also includes two comparison studies which involve axisymmetric elastoplastic modelling: 1) a comparison
with previous finite element simulations, and 2) a case study in which a static load test is performed on a test pile. 

 

KEYWORDS: Poulos and Davis method, Randolph and Wroth method, axially loaded piles, soil-pile interaction 
 

 

1 INTRODUCTION  

The analysis of the load transfer mechanism in single piles 
under axial loading is an essential basis for deep foundation 
design. The settlement analysis is also fundamental, for the 
maximum allowable settlement of a foundation is often the 
critical criterion in its design.  

The methods for analysing the behaviour of single piles 
under axial loading can be divided into three main categories, 
according to Poulos and Davis (1980):  
- Load-transfer methods, which comprise a comparison between 
the pile resistance and the pile movement in several points along 
its length;  
- Elastic theory-based methods, which impose compatibility 
between the displacements of the pile and of the adjacent soil 
for each element of the pile;  
- Numerical methods, such as the finite element method.  

Elastic theory-based methods do not explain the behaviour 
of the pile near failure. In this paper, their results are used in 
comparison with the results of a finite element program, Plaxis 
2D. Numerical methods are powerful and very useful tools 
when used carefully and calibrated with the appropriate tests. 

This paper has two main objectives:  
- To compare solutions given by 2D finite element elastic 
modelling of piles with the results of the elastic methods and  
- To perform 2D finite element elastoplastic modelling of single 
piles under axial loading, validating its results with former 
simulations and comparing them with a real case study. 
 

2 ELASTIC THEORY-BASED METHODS FOR 
ANALYSIS OF SINGLE AXIALLY LOADED PILES 

In this paper, two elastic theory-based methods are considered: 
the Poulos and Davis (1980) method and the Randolph and 
Wroth (1978) method. Elastic theory-based methods usually 
consist of dividing the pile into uniformly-loaded elements. 
Shear stress, τ, acts along the shaft, whereas normal stress, σ, 
acts on the base of the pile; the resultant is equal to the total 

applied load, Pt. Equilibrium and compatibility between the 
displacements of the pile and of the soil adjacent to it are 
imposed for each element. A cylindrical pile is considered: 
length L, shaft diameter d, pile radius r0 and cross-section area 
A. The soil is considered to be an ideal isotropic elastic mass, 
being the shear modulus, G, the Young’s modulus, E, and the 
Poisson’s ratio, ν, its linear elastic parameters that are not 
influenced by the presence of the pile. The Young’s modulus of 
the pile, Ep, is constant. h is the total depth of the soil layer. It is 
assumed that both the pile and the soil are initially stress-free. 
The settlement and load results are due to the applied load only. 
The interface between the soil and the pile is rigid, i.e. there is 
no relative movement between them. The relevant parameters 
that influence the vertical displacement, w, of a floating pile 
under axial loading are stated in eq. (1): 

  (1) 

It is useful to have dimensionless solutions for the pile 
behaviour, so as to simplify and quicken their employment. 
Results from the methods subsequently presented are arranged 
in dimensionless units: the pile slenderness ratio, L/r0, the 
proportion of load transmitted to the pile base, Pb/Pt, and the 
load settlement ratio, Pt/(wtr0GL).  

1.1 Poulos and Davis Method 

This method allows a quick estimation of the proportion of load 
that reaches the pile base and the total settlement of the pile.  
The load settlement ratio is expressed in terms of a coefficient, 
I, as shown in eq. (2): 

 (2) 

The coefficient I is function of the pile compressibility, distance 
to a hard layer and Poisson’s ratio of the soil.  

The proportion of load transferred to the pile base for a 
floating pile may be calculated by eq. (3): 
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 (3) 

This expression accounts for the pile compressibility and the 
Poisson’s ratio of the soil. 

In order to account for the soil vertical inhomogeneity, an 
average Young’s modulus of the soil is used. A relevant form of 
soil non-homogeneity is one in which the shear modulus varies 
linearly with depth. A measure of this variation is the 
inhomogeneity factor, ρ, as in eq. (4): 

 (4) 

1.2 Randolph and Wroth Method 

This method considers the shaft and base behaviours separately. 
The deformation of the soil surrounding the pile is similar to 
shearing of concentric cylinders. Distinction is made between 
rigid and compressible piles; for rigid piles, the shaft settlement, 
ws, is independent of the depth, since there is no shortening. 
According to Fleming (1992), eq. (5) can be used as a general 
rule to determine if a pile is may be considered as rigid, in 
which λ is a soil-pile stiffness factor: 

 (5) 

 (6) 

This method may account for vertical inhomogeneity of the soil, 
using eq. (4). μL is a measure of the pile compressibility. 

 

3 ELASTIC COMPARISON BETWEEN ELASTIC 
THEORY-BASED METHODS AND THE FINITE 
ELEMENT METHOD IN THE ANALYSIS OF SINGLE 
AXIALLY LOADED PILES 

The finite element program Plaxis 2D is used to model single 
piles’ behaviour under axial loading. Its results are compared to 
the described elastic theory-based method, as shown in Fig. 1 to 
Fig. 4. The analysed piles are cylindrical and isolated, the 
analysis is axisymmetric, 15-node triangular elements are used 
and the simulation is performed under drained conditions. The 
distance between the surface and the rigid layer, h, is 2.5L and 
the soil-pile interface is rigid. The Poisson’s ratio of the soil is 
0.15, the pile’s 0.3 and Young’s modulus of the pile, Ep, is 
30GPa. The soil-pile stiffness ratio, λ, is constant. The division 
between rigid and flexible piles is made according to eq. (5), 

shown as a vertical black line in the following graphs. The soil 
stiffness at the base of the pile has the same value in all cases 
and the soil-pile stiffness factor, λ, is constant and equal to 975. 

 

 

 

2 NUMERICAL VALIDATION OF ELASTOPLASTIC 
MODELLING OF SINGLE AXIALLY LOADED PILE 

A calculation performed through the finite element method-
based program Plaxis is validated with a set of published results 
provided by GEFdyn in D’Aguiar (2008). The soil parameters 
are determined in Neves (2001). The analysed pile is 
cylindrical, isolated and subjected to axial loading. The 
simulation is axisymmetric and 15-node triangular elements are 
used. The model includes the pile, 10m long with 0.4m diameter 
(modelled as linear elastic), and four layers of granular soil 
(modelled as having a drained behaviour). The water table is 
located 0.4m above the pile base. Both the soil and the interface 
are modelled using the Mohr-Coulomb failure criterion. The 
interface strength factor, Rinter, is calculated based on the 
friction angle of the soil. These conditions are similar to the 
ones of the GEFdyn simulation, the most significant difference 
being the interface, whose Young’s modulus, shear modulus, 
friction angle and cohesion can all be manually entered in that 
software. Table 1 shows the material properties used in the 
Plaxis simulation. In the previous analysis, the simulation is 
carried out as if no stress is generated in the pile installation – 
the weight of the pile is completely transmitted to the base, no 
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shear stress being developed along the shaft. To replicate these 
conditions, the initial stress field is generated from the different 
layers of soil only. The soil-pile interface is considered 
completely smooth in the first step, i.e. the introduction of the 
pile with no loading. The displacement field is reset and the 
interface strength Rinter value is restored when loading is 
applied.  
 
Table 1. Material properties used in the Plaxis simulation. 

Material 
Concrete Soil Layer 

Pile (1) (2) (3) (4) 

L (m) 10.0 6.3 2.0 2.8 8.9 

γ 
(kN/m3) 

24.0 16.7 1.8 19.8 20.0 

c' 
(kN/m2) 

- 13.0 12.0 14.0 17.0 

φ' (º) - 26.0 23.0 23.0 23.0 

ν 0.3.0 0.12 0.12 0.07 0.05 

k0 0.56 0.61 0.61 0.61 0.61 
E 

(kN/m2) 
29×106 9150 13510 13570 19300 

Rinter 1.00 0.87 0.86 0.86 - 
 

In Fig. 5, the results of both simulations are plotted. Results 
provided by Plaxis indicate that a lower proportion of load is 
transmitted to the base, i. e. the base is not as mobilized as in 
the GEFdyn model.  

 

4 CASE STUDY OF A STATIC LOAD TEST 
PERFORMED ON A TEST PILE 

The finite element program Plaxis is used to simulate a static 
load test performed on a test pile. The static load test is part of 
the ground investigation which assists the design of the project 
Modernização da Linha do Norte, Sub Troço 14 – 
Azambuja/Vale de Santarém, Viaduto de Santana do Cartaxo”.  

The static load test was performed by Mota-Engil, 
Engenharia e Construção, S. A. and the results were analysed by 
the Instituto de Engenharia de Estruturas, Território e 
Construção do Instituto Superior Técnico (ICIST) (Santos, 
2005).  

Four layers are identified: superficial deposits, recent 
alluvial deposits, Pleistocene/Miocene and Miocene. The 
geological profile is displayed in Fig. 6. The static load test 
(SLT) was performed on a cylindrical concrete pile 40.6m long 

with a 800mm diameter. The pile cap was built 2.1m below the 
soil surface, and the shaft was extended to the hard layer. A 
retrievable casing tube was used to the depth of 32.0m. The test 
was performed incrementally, the loading and subsequent 
unloading taking place twice, first to service load (2800kN) and 
then to the maximum load (8000kN). 

The pile is modelled as linear elastic (see Table 4). The soil 
properties vary considerably from layer to layer and the 
information about each material is very limited. The values in 
Table 2 and Table 3 are based on indications given by Viaponte 
(2003) and on the commonly used ranges for each material type, 
when no information about the soil parameters is provided – 
iterative analyses were undertaken within these ranges, in order 
to obtain a general behaviour that is close to the one obtained by 
the instrumentation. The soil follows the Mohr-Coulomb 
criterion. The results of the program, monitoring and elastic 
methods are compared. Fig. 7 and Fig. 8 show the load-
settlement curves for the two loadings. Fig. 9 shows the 
mobilized shaft load for the bottom soil layers, and appears to 
indicate that, in the last layer, the mobilized shaft resistance has 
not reached its maximum for the maximum applied load. The 
analytical resistance of the shaft is 5161kN and of the base 
2714kN. 
 

 
 
Table 2. Material properties of the drained materials used in Plaxis.  
Soil Layer (1) Superficial Deposit (5) Gravel (7) Dense Sand 

L (m) 3.0 2.5 4.0 

γ (kN/m3) 18.0 20.5 21.5 

φ' (º) 30 45 40 

ν 03 0.35 0.25 

k0 0.50 0.29 0.36 

E (kN/m2) 25000 180000 200000 

Rinter 0.63 0.58 0.50 
 
Table 3. Material properties of the undrained materials used in Plaxis. 

Soil 
Layer 

(2) 
Soft 
Clay 

(3) 
Medium 

Clay 

(4) 
Firm 
Clay 

(6) 
Very 
Stiff 
Clay 

(8) 
Hard 
Clay 

L (m) 12.0 9.0 4.0 6.0 14.5 

γ (kN/m3) 16.0 18.0 20.0 21.5 21.5 

cu (kN/m2) 8 26 44 200 600 

cu/z 
(kN/m2/m) 

1.5 2.0 0 
0 0 

ν 0.35 0.35 0.35 0.25 0.25 

k0 0.55 1.00 1.00 1.00 1.00 

E (kN/m2) 59000 77700 176100 200000 200000 

Rinter 0.60 0.60 0.60 0.50 0.50 
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Table 4. Material properties of the pile used in Plaxis. 
L 

(m) 
d 

(m) 
Designation 

γ 
(kN/m3) 

ν E 
(kN/m2) 

Rinter 

40.6 0.8 Pile 25.0 0.3 33.5×106 1.00 

 

 

 

 

5 CONCLUSION 

The purpose of this paper is to study the load transfer 
mechanism and load-settlement relation in single piles under 
axial loading.  

In sections 2 and 3, the results lead to the conclusion that the 
Poulos and Davis method, the Randolph and Wroth method and 

Plaxis all provide a similar behaviour for both the proportion of 
load transmitted to the pile base and the load settlement ratio. 
The load settlement ratio increases with the pile slenderness 
ratio whereas the proportion of load transferred to the pile base 
decreases with it. The Poulos and Davis method is the simplest 
and the least sensitive to the soil inhomogeneity in the 
calculation of the proportion of load transferred to the base. Its 
results become less close to the other methods’ as the pile 
slenderness increases. In the Randolph and Wroth method for 
rigid piles, the load settlement ratio increases approximately 
linearly with the pile slenderness ratio. In spite of providing a 
good approximation for low values of pile slenderness, the 
solution for rigid piles has a very limited rage of use. The 
Randolph and Wroth method for compressible piles shows very 
good correspondence with Plaxis. For the same applied load, 
vertical displacements calculated through Plaxis are higher than 
those calculated by the other methods.   

In Section 4, although the total load-settlement curves given 
by the two programs show good correspondence, the difference 
regarding the proportion of load transferred to the pile base is 
not negligible. This may indicate that the algorithm used in 
Plaxis results in different pile behaviour, particularly after yield.  

The simulation performed in Section 5 lead to satisfactory 
results. The uncertainty due to lack of information regarding 
soil parameters was dealt by varying the relevant values within 
the commonly accepted ranges in iterative simulations, 
calibrating the model until an acceptable solution was 
determined. Fig. 9 shows that the last layer does not reach its 
maximum resistance. The elastic methods have limited 
relevance in this case, as their solution becomes more distant of 
the real behaviour of the pile as more load is applied and the 
soil starts to yield. The effect of the casing was not taken into 
account in the model, but it is likely to have influenced the 
stress distribution. 
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ABSTRACT: Analyzed field tests of Perm hard argillite clays. Calculated bearing capacity of driven piles based on this type of soil
differs from results of field measurements as CPT, static loading test of full-scale and reference piles. Measured pile resistances are 
compared with theoretical calculations utilizing five analytical approaches: K. Terzaghi`s method, B.J. Hansen`s method, A.S. Vesic`s 
method N. Janbu`s method and Berezantzev`s method.  

 

KEYWORDS: static loading test, hard soil, settlement, bearing capacity, driven pile. 
 

 
1 INTRODUCTION 

In the last 10 years heigh of the buildings in Perm grew 
constantly, as well as loads transmitted to foundations are 
increased. In this case alluvial deposits can not bear the 
loadings, so Lower Permian deposits such as sandstone and 
argililte are interact with high-loaded deep foundations. 

This type of soils classified as soft rocks or hard soils, and 
there is to less in-situ information about strengh and 
deformation properties of this hard soils. On the one hand 
according to recent studies (Ponomaryov et al. 2013, Sytchkina 
et al. 2011, 2013), becomes clear, that new methodologies of 
laboratory test and in-situ tests for this type of soils are needed. 
On the other hand – pile tip bearing capacity calculation 
methods existing in Russian building standards also needed to 
be adjusted. 

1.1 Initial information 

Experimental construction site located in one of the district of 
Perm. The surface of the site is covered in man-made ground 
partly with a soil-vegetative layer. Strength and deformation 
characteristics presented at the Table 1, geological profile, 
consist of four boreholes, is presented in Figure 1. 

 
Table 1. Soil characteristics.  

Soil 
layer 

Soil description 
γ, 

(kN/m3) 

Eoed, 

(MPa) 

с, 

(kPa) 
φ, (°) 

1 
Loam hard to 
plastic 

18.82 11.8 31.0 21 

2 
Sandy loam hard 
to plastic 

17.15 30.0 0.0 32 

3 Sand fine 17.52 28.0 0.0 32 

4 Hard clay  18.15 10.0 28.0 18 

5 Sandstone  19.11 12.8 11.0 33 

6 Argillite clays  19.31 11.6 30.0 26 

 

 
Figure 1. Geological profile of experimental construction site. 

Designed foundations are pile foundations with monolithic 
grillage. Piles are driven, reinforced concrete of solid square 
section 0.3x0.3 m. The length of piles is 10 m. The design load 
per pile accepted in the project is 826 kN. 

In this case pile foundations interact with upper layer of 
argillite clays and sandstones. This is the upper heavy 
weathered and weak layer between Lower Permian and alluvial 
deposits.  

2 ANALYTICAL APPROACH 

Analytical approach for bearing capacity calculating presented 
in Russian building standards SP 24.13330.2011 “Pile 
foundations’ using formula: 
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 )( iicfcRcd hfuRAF           (1) 
 
Where dF  is a bearing capacity of a pile; cfcRc  ,,  - are 

coefficients; A - is a square of pile tip, m2; u  - is a pile section 
perimeter, m; iihf  - pile skin friction, kN/m; R is a pile tip 
ultimate resistance. R value tabulated in standard and depends 
on cohesion or non-cohesion soil type, liquidity index IL and 
depth of pile tip bearing soil layer tabulated in standard. But, 
there are no values for weak soil types such as heavy weathered 
argillite clays and sandstones. 

Using different analytical approaches of K. Terzaghi 
(Terzaghi, 1943), B.J. Hansen`s method (Hansen, 1970), A.S. 
Vesic`s (Vesic, 1977), method N. Janbu`s (Janbu, 1976) method 
and V.G. Berezantzev`s (Berezantzev, 1970) method for pile tip 
bearing capacity ultq  to estimate the value of R for heavy 
weathered argillite clays and sandstones. 

Inspite of differences between approaches all of them use 
original equation proposed by Terzaghi: 

 

 sBNqNscNq qccu 5,0       (2) 
 
Where NNN qc ,, - are bearing capacity factors, c  - 

cohesion, q - is effective pressure at the pile tip, ssc ,  - are 
shape factors. 

The Hansen`s general bearing capacity equation contains 
shape, depth and other factors, that`s made wide application of 
this equation: 

 

 dsBNdsqNdscNq qqqcccu 5,0     (3) 
 
The Vesic likens the problem of failure at the pile tip to that 

of the expansion of cylindrical cavity immersed in an 
elastoplasic medium. So that even the compressibility of the 
medium is taken in account by reduced rigidity index 

rrI . 
Initial data for 

rrI  are taken from previous studies (Sytchkina et 
al. 2013). 

For Janbu`s method  90  angle is used. 
Berezantzev`s method using equation: 
 

cCqBdAq knkku  2/0        (4) 
 
Where kkk CBA ,,  - are coefficients, those depend on 

internal friction angle  . 
The results of the pile tip bearing capacity calculations were 

carried out for four boreholes and are presented in Table 2 (also 
see Figure 1). E. Sytchkina pointed to the similarity of heavy 
weathered argillite clays and hard consistency clays, so the R 
value for clays with a IL=0.1 from SP 24.13330.2011 also 
indicated in the table. 

 
Table 2. Pile tip bearig capacity calculated by different analytical 
approaches.  

Approach 
qu (kPa) 

Bh-1 Bh-2 Bh-3 Bh-4 

Terzaghi 3842 6757 3460 2400 

Hansen 3928 7926 3527 3338 

Vesic 5068 7905 4878 2405 

Janbu 3301 6313 2962 2797 

Berezantzev 3683 8190 3323 2271 

SP24.13330.2011 7033 7700 7300 6200 

 
As the table shows, the methods give close values, thus it is 

necessary to make some comments on each method. 

Terzaghi`s and Berezantzev`s methods quite simple and their 
use allows for the least initial data to estimate pile resistance at 
the tip of the pile. 

Hansen's method is most convenient to use because it gives 
the result in less than the required input data. Besides the 
considerable quantity of different factors allows using one 
equation in case of different types of pile foundations. 

To use the Vesic`s and Janbu`s methods specific data is 
required, that cannot be obtained by standard engineering-
geological surveys (Irr reduced stiffness index and the angle ψ).  

However, it is recommended to use the Vesic`s method in 
the case of pronounced anisotropy of soils. 

 

3 IN-SITU TESTS 

On the experimental construction site in addition of boreholes, 
cone penetration test (CPT), static loading test of full-scale piles 
and static loading test of reference piles were performed. 
Boreholes, points of CPT and static loading tests ranged from 
10-15 m apart. 

 

3.1 Cone penetration test 

On the site were carried out CPT by equipment named C-832 
with a mechanical penetration system of the cone. Used cone 
type II according to GOST 19912-2001 classification, i.e. the 
probe with the cone, and a friction clutch. 

Probe indentation was carried out with maximum force 
indentation 30 kN, and measurement of the resistance of the soil 
under the tip (cone) of the probe and the skin friction resistance 
of the probe. Cone penetration tests carried out in 33 points, 
penetration depth was 8,4-14,0 m. 

3.2 Static loading pile tests 

Static loading full-scale pile tests and static loading test of 
reference piles were carried out according to GOST 5686-94. 
Test points of full-scale and reference piles ranged from 15-20 
m apart. 

3.2.1 Static loading reference pile test  
On the site were carried out 4 static loading reference pile tests. 
The soil under the pile tip – argillite clays and sandstone (see 
Figure 1).  

Reference pile is a steel pipe with a diameter of 114 mm, and 
pile tip cone with an apex angle of 60 °. Reference pile huddled 
in a predrilled hole lead free drop hammer weight of 4 kN. 
Harvesting will be stopped at the number of strokes over the last 
50 to 0.1 m dive. 

A hydraulic thruster with the load-carrying capacity of 1000 
kN was used as a loading device. Each load step was registered 
by a manometer. 

Pile loading was done evenly by a pumping unit with load 
steps equal 20 kN. The rate of settlement 0.1 mm per hour was 
accepted as the criterion of conditional stabilization. The final 
criteria of the static loading reference pile test included 
condition: the general pile settlement could not be less than 0.02 
m. 

Thereafter, to assess the limit of resistance of the soil under 
the tip of the pile carried separately indentation cone of the 
reference pile, and then the indentation of reference pile shaft. 

3.2.2 Static loading full-scale pile test  
On the site were carried out 4 static loading full-scale pile tests. 
The soil under the pile tip – argillite clays and sandstone (see 
Figure 1). 
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Full-scale piles were driven, reinforced concrete of solid 
square section 0.3x0.3 m. The length of full-scale piles was 8-
10 m. 

A hydraulic thruster with the load-carrying capacity of 2000 
kN was used as a loading device at this time. Each load step was 
registered by a manometer. 

Pile loading was done evenly by a pumping unit with load 
steps equal 100 kN. 

The rate of settlement 0.1 mm per hour was accepted as the 
criterion of conditional stabilization. The final criteria of the 
static loading reference pile test included condition: the general 
load could not be less than design values 1100 kN and 1200 kN 
correspondingly. 

4 IN-SITU TESTS RESULTS 

According to test results were calculated values of ultimate pile 
tip resistance in accordance with the requirements of SP 
24.13330.2011. 

According to the results of CPT the ultimate pile tip 
resistance CPTR  was calculated using average value of 
measured tip resistances sq  of the cone according to the 
formula: 
 

sCPT qR 1            (5) 
 

Where 1  - is a correlation coefficient between sq and 

CPTR . 
According to the results of static loading reference pile tests 

the ultimate pile tip resistance RPR  was calculated using tip 
resistance measured value spR  of the reference pile according 
to the formula: 

 

spcRRP RR             (6) 
 
Where cR  is a correlation coefficient between spR  and 

RPR . 
According to the results of static loading full-scale pile tests 

the ultimate pile tip resistance FPR  was back-calculated using 
the equation (1), obtained bearing capacity of the full-scale pile 

dF  using formula: 
 

AhfuFR
cRiicfcd  /)/(        (7) 

 
Analysis of the calculation results is shown in Table 3 (also 

see Figure 1), as a comparison, the table shows the pile tip 
bearing capacity calculation according to Hansen`s method. 

 
Table 3. Pile tip bearing capacity calculation results based on in-situ 
tests.  

In-situ tests 
i

R  (kPa) 

Bh-1 Bh-2 Bh-3 Bh-4 

Full-scale pile 10170 10770 10170 10940 

Reference pile 5680 5680 5680 5680 

CPT 4200 4496 3145 4304 

Hansen 3928 7926 3527 3338 

 
As the table shows the ultimate pile tip resistance calculated 

from full-scale pile tests significantly higher than those obtained 
by reference pile tests and CPT.  

In front of this ultimate pile tip resistance calculated from 
reference pile tests and CPT give good agreement with the 
analytical methods, such as Hansen`s method. 

Comparing the results of static loading reference pile test 
and CPT it becomes clear that 1  correlation coefficient value 

between sq and CPTR  may be increased. However this 
correction requires more in-situ tests data. 

5 CONCLUSION 

The paper reviewed results of ultimate pile tip resistance 
calculations by different analytical approaches and in-situ tests 
data. Analysis of these results follows conclusions: 

1. For an initial assessment of the ultimate pile tip resistance 
can be used method of B.J. Hansen. 

2. If there are anisotropy of soils Vesic method, taking into 
account the horizontal deformation, can be used. 

3. Analytical approaches gives the closest R  values to the 
calculations results based on CPT data. 

4. Comparison between results of static loading reference 
pile test and CPT shows that correlation coefficient 1  value 
may be adjusted. 

5. Back-calculating of the ultimate pile tip resistance using 
bearing capacity formula from SP 24.13330.2011 shows 
significantly higher results than calculating results those 
obtained by reference pile tests and CPT. Therefore this 
approach shouldn’t be used even as initial assessment. 
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ABSTRACT: Foundation pile construction works of a high rise residential building project named as ‘Golden Tower’ located in the 
corniche of Jeddah, Saudi Arabia have became a major challenge for the piling works subcontractor due to the unexpected presence of 
a very weak coral limestone layer situated as a vertical cross sectional zone in the project site, which consisted of a high cavity 
percentage. This so called ‘weak zone’ layer have been verified by analyzing the effect of cavities on the overconsumption value of 
concrete during pile construction and generating lithological cross sections to be able to determine the most preferable cost-effective 
improvement methodology. The reaction of the substrata during the implementation of sand/cement grouting have revealed the effect 
of the improvement and the load carrying capacity is tested by pile load crown test after improvement. 

 

KEYWORDS: Coralline limestone, coral rock, rock cavity, coral pocket, sand/cement grout, pile load crown test 
 
1 INTRODUCTION 

A case study of a bored piling production of a high-rise building 
structure located in Jeddah is presented which has been 
constructed at very unfavorable ground conditions consisting of 
high groundwater level and weak coral rock with cavities.  

 
2 SOIL PROFILE 

The soil investigations have revealed of a variable range of load 
carrying capacity of the subsoil where in variable thicknesses 
cavities and loose pockets were observed in weathered coralline 
limestone. RQD values were ranged between 0% to 91%, 
indicating the inconsistent nature of the weak coral rock 
formation. The recorded loose pockets and cavities observed 
during drilling of boreholes are given below (see Figure 1). 
Figure 1. Loose pockets and cavities observed during soil investigation 

As seen from the figure; cavities are situated randomly and 
are inherent feature in coralline limestone so the exact locations 
are unpredictable until commencement of pile drilling ( Riyadh 
Geotechnique & Foundations Co., Soil Investigation Report, 
2012). 

3 DETERMINATION OF CAVITY LAYERS 

During the drilling process of the pile boreholes, 
approximately %40 of the piles have been collapsed at depths 
varying from the toe level up to 4 meters from the ground level. 
The project pile properties are given below (see Table 1). 
 
Table 1. Foundation Pile Schedule of the project 

Pile Type              Diameter 
Total    

Number 
Length 

          P1                       700 106 PILES 25 m. 

          P2                       900  42 PILES 30 m. 

          P3                      1200 119 PILES 50 m. 

          P4                      1200  28 PILES 55 m. 

 
As per the methodology set from the very beginning of the 

project, in case the collapse was at the level that could be 
managed by continuous drilling; the piles were drilled till to the 
toe level and cast successfully immediately after cleaning the 
borehole with bentonite to avoid any further collapse. However 
this method was not helpful for the piles located in a horizontal 
line at the tower area of the project called as the ‘weak zone’ 
where P3 type, 50 m. length piles were located (see Figure 2).  

The collapse did not allow for progressive drilling for the 
piles in this zone, therefore the borehole was cleaned by the 
drilling machine bucket to a level located beneath the collapsing 
zone and cast with sand cement grout with a proper mix to fill 
the cavities without causing any overconsumption of concrete. 

Within the QA/QC plan, increase of the grout level in the 
borehole with respect to concrete quantity pumped after each 
concrete mixer have been recorded continuously as a graph for 
all the piles located in the weak zone to determine the borehole 
profile (see Figure 3). The sand/cement consumption charts 
were helpful to determine the location of the cavity layer within 
each grout treated borehole. 
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Figure 2. Plan Showing the Weak Zone 

Figure 3. Sand Cement Consumption chart for P3-67  

 
 
A total of 18 piles were subject to sand/cement casting and 

cavities at %66 of this piles were filled up with grout enough to 
avoid any further collapse during the next drilling attempt, and 
were cast respectively. Whereas, for 1/3 of the piles the 
boreholes had to be treated with grout several times since at 
each drilling attempt the boreholes were re-collapsed at higher 
depths than the previous one. At the end, all the foundation piles 
were produced after grouting. Grouting and testing dates of the 
piles located in the weak zone area are given (see Table 2). 

 
Table 2. Sand cement and concrete pouring dates 

 From the slope of the sand cement consumption charts, 
the concrete consumed per unit depth were calculated. For the 
pile sections, the enlargement of the borehole diameter at the 
collapse locations were figured out by converting the concrete 
and grout consumption per unit depth into fictive diameters 
against the theoretical quantity at each depth and plotted to 
cross-section. Consequently, a lithological cross-section of the 
subsoil profile of the weak zone was determined (see Figure 4). 
 

Figure 4. Cross-section of the weak zone with the location of cavities 

 
According to the cross-section, sub-soil was classified in 3 

different zones (see Table 3). 

Pile ID  1St Sand 
Cement 
Date 

2nd Sand 
Cement 
Date 

3rd Sand 
Cement 
Date 

4th Sand 
Cement 
Date 

5th Sand 
Cement 
Date 

6th Sand 
Cement 
Date 

Concreting
Date 

P3‐43  27/02/2013 03/03/2013 23/03/2013  27/03/2013    25/04/2013

P3‐50  16/03/2013     28/04/2013

P3‐55  29/03/2013     23/04/2013

P3‐62  11/02/2013 14/02/2013 17/02/2013  18/02/2013  25/02/2013  07/03/2013

P3‐67  12/03/2013     02/05/2013

P3‐74 02/04/2013 22/04/2013     27/04/2013

P3‐79 01/03/2013  21/03/2013  06/05/2013        11/05/2013

P3‐90  31/03/2013     21/05/2013

P3‐95  31/01/2013 05/02/2013 09/02/2013  20/02/2013  06/03/2013  28/04/2013 15/05/2013

P3‐110  08/04/2013            22/05/2013

P3‐114  12/03/2013 31/03/2013 18/04/2013  24/04/2013  04/05/2013  07/05/2013 16/05/2013

P3‐2  23/03/2013 14/04/2013 16/04/2013      23/05/2013

P3‐19  20/02/2013 26/02/2013 03/03/2013  26/05/2013    30/05/2013

P3‐22  29/03/2013     12/05/2013

P3‐39  17/03/2013 29/04/2013     07/05/2013

P3‐42 19/03/2013     09/05/2013

P3‐51 11/03/2013            20/04/2013

P3‐66  23/03/2013 01/04/2013 10/04/2013      16/04/2013
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Table 3. Classified zones according to cross-section 

Zone 1 
+/- 0.00 to 
-10 B.G.L. 

Loose sand and silt with Coralline   
fragments 

Zone 2 
From -10 

to -25 B.G.L. 

Extremely weathered limestone with 
dark colored silt and sand. Cavities 
encountered very often 

Zone 3 From -28 
to -45 B.G.L. 

Extremely weathered to moderately 
weathered limestone 

 
The evaluated cross-section from the in-situ records showed 

that the cavities were mostly situated at Zone-2 (between 10 m. 
to 25 m. depths from the ground level) and the thickness where 
mostly more than 1 meters. Whereas in the geotechnical 
investigation report rather than cavities, loose coral pockets 
with small thicknesses were estimated to be situated randomly 
within the subsoil. Therefore, this study showed that in weak 
coral rock, due to the coralline formations it is very difficult to 
predict the locations of cavity zones so the geotechnical reports 
will obviously give unreliable results. 

 
4 TESTING THE PILE CAPACITY 

Following the production of all foundation piles, a working pile 
load test have been conducted to verify the load bearing 
capacity of the piles in the weak zone. Due to the time 
restrictions and limited working area, the pile is tested using the 
crown method, which the test set-up have been accomlished in 
two days only (see Figure 5). 

Figure 5. Crown load test setup 
 

The details of the tested pile is given below (see Table 4). 
 
Table 4. Test pile details  

Pile ID 
Dia. 

(mm) 

Length 

(m) 

Working 

Load 

(kN) 

Test   
Load   
(kN) 

P3-114 1200           50  13000 19500 

 
The displacement values for each loading stage have been 

recorded by four symmetrically installed dial gauges to the test 
pile. Test setup and loading cycle is conducted as per the 
standards (ASTM D 1143-81, 1994). The readings at each 
loading cycle are summerized below (see Table 5). 

 
 

Table 5. Displacement values per each loading cycle  

1st Cycle 2nd Cycle 

Load  
(mm) 

Settlement 
(mm) 

Load   
(mm) 

Settlement 
(mm) 

0.0 0.000 0.0 0.440 

3250 0.430 13000 1.160 

6500 0.600 16250 2.060 

9750 0.920 19500 4.580 

13000 1.960 16250 4.440 

9750 1.750 13000 4.020 

6500 1.280 9750 3.250 

3250 0.800 6500 2.460 

0.0 0.440 3250 1.570 

  0.0 0.570 

 
According to the results, the test pile has settled a a total of 

4.58 mm. At 1.50 times the working load. Based on the results, 
it has been concluded that the pile will carry a load of 1,5 times 
of its load capacity with tolerable settlement (Bowles, 
J.E.,1996). Load-settlement and time settlement graphs have 
been presented below respectively. 

Figure 6. Load-settlement graphs 
 

Figure 7. Time-settlement graphs 
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5 CONCLUSION 

In weak coral rock, due to the coralline formations it is very 
difficult to predict the locations of cavity zones with subsoil 
investigations. Unpredicted, large and thick cavity zones shall 
lead to high concrete overconsumption rates for any cast in-situ 
foundation system application on this type of rock formations, 
eventhough the load carrying capacities are adequate. 
Application of advance probing techniques and treating the rock 
cavities with sand-cement grout are economic solutions prior to 
commencement of bored pile production.  
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ABSTRACT: the basic approaches to the definition of negative friction forces on the pile lateral surface in accordance with European 
and Ukrainian Codes requirements are considered in paper. Numerical study is carried out and the method for determining the bearing
capacity of drilling piles is proposed taking into account the negative forces of friction on the results of analysis of the conducted field 
tests with application of complex software PLAXIS 3D Foundation. 

 

KEYWORDS: downdrag (negative skin friction) force, piles bearing capacity. 
 

 
1 INTRODUCTION. FORMULATION OF THE PROBLEM 

IN GENERAL 

The necessity to consider the additional actions on the piles 
(negative or downdrag friction force on the lateral surface of the 
pile) arising in case of  outrunning settlements of surrounding 
soil is the main feature of pile foundations designing in settling 
soil  because of its own weight when soaking or  additional 
overload. Prognosis of bearing capacity of piles should be made 
taking into account the possibilities of decreasing of weak soil 
resistance during soaking and arising of negative friction forces 
on the lateral surface. 

Engineering calculation methods are using generally the 
laboratory test data values of additional settlement of 
surrounding upper layers of the soil. But, as it seen from 
experience, it is not always sufficiently reliable because of 
varying characteristics of both on-site and out-site soils within 
the same layer. 

From experience we know that several factors (the type and 
location of possible sources of soaking the soil; value of 
settlement thickness and level of soil settlement because of  
their own weight; physical and mechanical characteristics of the 
underlying soil; permissible uneven of base deformation; 
vertical nature of  section; depth of laying of ground beam and 
other) should be taken into account additionally in the design of 
foundations. 

There are three most typical design cases for taking into 
account of soaking influence: 

1) Soaking source is located directly within the pile 
foundation when the surrounding soil in contact area of the pile 
with soil under settlement is in water-saturated state (see Figure 
1, a); 

2) The source is located at some distance from the pile 
foundation, therefore a soil has a natural or prescribed humidity 
in the upper part along all contact and it has humidity close to 
full water saturation in  bottom part (see Figure 1, b); 

3) The gradual rise of the groundwater level, which leads to 
increasing of  soil moisture up to full water saturation,  therefore 
the pile interaction with soil at the top is determined by natural 
or prescribed humidity, and by complete water saturation of the 
soil at the bottom (see Figure 1, c). 

 

 
Figure 1. Cases of pile foundation soaking: 1 – piles; 2 – soaking 
source; 3 – curve of distribution of water to the sides of soaking source; 
4 – rise of the groundwater level; 5 – impermeable soil layer. 

The third case is the most unfavorable in terms of additional 
action on pile of the negative forces of friction. Downdrag of 
pile occurs at the site of natural loess soil moisture, where these 
forces are maximal. When designing of the pile foundations 
there is necessary to proceed from possible one-sided wetting 
(case 2), as there are most uneven deformations of foundations. 
The first case can be taken for designing of settlement only in 
case of inevitable complete wetting of soil on top, just as often 
occurs in hydraulic engineering. 

1.1 Particular requirements for the calculation of piles to 
meet the International and Ukrainian standards 

EN 1997-1 does not consider the pile in loess subsidence soils, 
which are very common in Ukraine, but there are approaches 
and requirements for designing of piles for foundations in loose 
soils. In this regard, let we consider briefly  the features of 
recommendations for taking into account of negative friction on 
the lateral surface of the pile in accordance with  European 
Codes and compare them with the requirements of Ukrainian 
standards (DBN B.2.1-10-2009. Change number 1, DBN B.1.1-
5-2000 Part II). 

ENs require to consider all possible design situations and 
combinations of actions for safety of bearing capacity 
calculation. Thus, the calculation model may have a different 
interpretation depends on nature of downdrag actions. The is 
The usage of partial coefficients for geotechnical calculations 
(analog of safety factor in Ukrainian standards) is the second 
feature. The number of these coefficients in European Codes is 
significant therefore it allows examining practically all possible 
combinations of loads on foundations and soil base. These 
combinations are prescribed according to the design situations. 
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These situations for foundation in general and for piles in 
particular are characterized by usage of three additional 
approaches for geotechnical actions and parameters of soil 
resistance (see Annex A1 in Eurocode 7: EN 1997-1:2004). 

Also, we need keep in mind the fact that the principles of EN 
is stable, while the design rules may be accepted as alternatives, 
and their usage in practice depends greatly on the designer skill. 
This makes possible calculations of bearing capacity of piles 
multivariate. Let we consider the position of the EN process on 
forming of downdrag forces on the lateral surface. 

In addition to loads arising under the structure action, the 
pile may be subject to actions arising under the additional 
movement of the soil in which it is installed. This phenomenon 
is known as Europe's term "negative friction on the lateral 
surface of the pile" when we say about further consolidation of 
soil around the pile. This consolidation leads to additional 
forces of friction on pile lateral surface directed down along pile 
and it reduces the pile bearing capacity in general. The soil 
moving relative to the pile in other areas (e.g., upward or 
horizontally) can cause lifting, stretching or lateral displacement 
of the pile. Standard EN 1997-1 requires using one of the two 
listed below ways for neutralization of movements: 1) to 
analyze the interaction of piles with the soil when taking into 
account the actions of the "soil-upper structure"; 2) bearing 
capacity of the pile should be considered as the upper limit of its 
value when taking into account the resistance of the soil as an 
equivalent of direct action, which is defined separately. The 
direct methods are absent in these Norms for such detailing.  
Therefore, let we use the explanations that were made at an 
early stage of development of standards for geotechnical design 
(Eurocode 7: EN 1997-1:2004). 

To do this, let we consider the pile coming through the 
surface layer of loose soil, as it is shown in Figure 2. Soil 
consolidation of top layer of base (e.g., due bedding course to 
surface or its additional dawndrag) will occur after piling. It can 
lead to dawndrag of pile by subsiding soil. Analysis of the 
interaction of the "soil-upper structure" permits to determine 
(albeit approximately) the  "neutral" depth (where settlement of 
consolidated layer is equal to the pile settlement when work 
loading). Note, that in practice, the efforts that spent for this 
analysis are exceeding the uncertainty in obtaining of reliable 
parameters of the soil used in this analysis. It's better than usual 
consideration of dawndrag surface friction by removing of the 
corresponding upper values of this activity. 
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Figure 2. The forces are applied to the pile in the case of additional 
compression of the loose soil and causing the negative friction on the 
lateral pile surface. 

However, you must keep careful when using this solution 
when selecting the characteristic value for the non-drained 
cohesion because of this value can exceed the permissible limit 
when identified. This is due to the fact that incorrect selected 
upper value of characteristic value can go beyond of limits of 
dispersion field of experimental values when determining  of 
the design value. 

From our view point, there is more reasonable to choice the 
design value of the upper  characteristic value of cohesion (as it 
is prescribed in EN) than calculate it from its own value by 
multiplying by partial factor. The resultant effect of the 
additional surface friction for additional settlement of pile shall 
not exceed the overall settlement limit determined for the 
structure. 

In some cases where piles have lack of ultimate bearing 
capacity, the additional surface friction can lead to excessive 
compression loads on the pile, leading ultimately to failure in 
carrying capacity and even to destruction of the pile. 

1.2 Analysis of recent publications and achievements 

Previous studies (Kornienko et al. 2007, Karpenko 2008) for 
drilling piles in loess settlement soil have confirmed that this 
particular case can be gotten when constructing of their 
expansion. It was found that allowable load on pile in 
conditions of downdrag friction is increasing significantly when 
increasing of overall diameter of pile extension. 

The values of the negative forces of friction on the lateral 
surface of the pile with diameter 320 ... 820 mm cutting the 
highly compressible soils with  thickness h1 and transferring the 
load to the soil below were calculated in earlier publication 
(Karpenko 2006). The analysis has shown that the European 
Codes requirements for consideration of downdrag friction 
forces on the lateral surface of the piles are more differentiated 
in comparison with Ukrainian standards. Downdrag friction 
forces thus are determining only by using of the maximum 
value of the specific cohesion that takes into account the 
relevant factors that provide the guaranteed pile bearing 
capacity.  

Quantitative evaluation of computational methods of EN has 
shown that these methods do not take into account differentially 
the geometrical sizes of piles, and therefore the overestimation 
of bearing capacity of drilling piles is possible. It is obvious that 
similar limitation may occur when using other types of piles. 
This means that the analysis confirms the need to clarify the 
method of incorporation of a negative friction forces on the 
lateral surface of the pile. 

The study of negative friction forces and, in particular, the 
stress-strain state around the pile soil in situ generates a 
difficulty due to complex geological conditions and usually 
large thickness of settlement layers. Model studies are impaired 
significantly because of lack of reliable similarity criteria. 

Everyone knows that the most reliable data on the bearing 
capacity of drilling piles can be obtained only when they are 
tested in static compressing load. Test of the piles are generally 
carrying out for the natural state of the soils. The negative 
friction is taking into account when possible flood of territory 
and when the piles are testing for withdraw load. Such tests are 
difficult (time consuming, long time and expensive) if loess 
thickness is 25 ... 30 m, and the design results are approximate. 
Especially since the gotten data are the result of the 
instantaneous load of piles, and they do not permit to analyze 
the change of the stress-strain state of a weak base in time or 
they are characterizing a specific area or engineering-geological 
section only. It complicates the formulation of the general laws 
of pile behavior. 

1.3 Methods of solving this problem by means of numerical 
studies 

In practice, it is possible to solve the problem of calculation of 
pile foundations on base of experimental data if we use well-
developed numerical methods. In this regard, it is important to 
study the behavior of piles under load by mathematical 
modeling using the finite element method and the latest 
achievements in the field of nonlinear soil mechanics, which 
enables to implement a larger number of numerical experiments 
with high accuracy in the shortest possible time. This allows to 
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identify the most important phenomenological laws without a 
time-consuming and often just impossible experiments in 
combination with experimental data. These solutions also allow 
to estimate the stress-strain state corresponding to a given 
physical conditions at each point, as well as to investigate the 
change of deformation base in time. 

The best known modern software systems (3D Z-soil 
(Switzerland) ASND VESNA, VSEM, PRIZ-Pile, Lira-9.6, 
SCAD 11.3 (Ukraine), ANSYS, SAGE CRISP, NASTRAN 
(USA), SivilFEM (Spain, USA), Plaxis (Netherlands), GGU-
Allpile (Germany), MicroFe, STARK (Russia), Diana 
(Netherlands) and others are well-known in the field of 
geotechnics in present moment. They give possible to analyze 
the work around pile foundations for various linear and 
nonlinear models of soil environment. They are differing by 
interface, functionality, finite element libraries and orientation 
on a specific class of tasks. 

One of the construction sites in the city of Zaporozhe 
(Karpenko 2006) with loose soils (sandy loess and settling 
loams)  crossing the drilling piles with high bearing capacity - 
extension at the bottom end of the pile were considered to 
ascertain the adequacy of the numerical simulation of pile work 
under influence of negative forces of friction. Many studies 
were performed according to the arrangement of the early 
experimental piles at the construction site. Piles dimensions 
were  taken on the recommendations of the simulation. 

The settling soils in the construction site occur to a depth of 
20.5 m from the surface of daily levelling. The loess soils are 
underlaid by solid clays. The groundwaters were absent for 
period of survey and pilling within the loess strata. Embarking 
of a pile foundation on geologic section area is shown in Figure 
3. The soils of layers EGE - 4.....8 have the settlement 
properties due to own weight and external loads when soaking. 
The total value of settlement under own weight is 41.8 cm 
according to laboratory assessment. 

 
1-1

Filled soil - 

Loessial loams, silty, firm,
subsiding - 

Loessial loamy sands silty, firm,
subsiding - 

Light loessial loams, silty, firm,
subsiding - 

Loessial loamy sands silty,
subsiding - 

Loessial loams silty,
subsiding - 

Loessial loamy sands silty,
firm to half-firm, subsiding -

Loessial loams heavy, silty,
subsiding- 

Clays  silty, firm - 

Sands of middle size, containing low
humidity, compact - 

Clays  firm, with sand and loamy
sand layers - 

Legends Lytological types
of soil

 

Figure 3. Embarking of a pile foundation on geologic section. 
The test piles were made by "dry" method with the following 

parameters: P-1 and P-2 with core diameter of 500 mm and 
1600 mm diameter of extension; P3 and P-4 with core diameter 
of 500 mm. The bottom of expansion of piles P-1 and P-2 is 
made at a depth of 22.8 m (located in the sands of EGE-10) and 

the bottom of piles P-3 and P-4 is on depth 16.5 m (EGE-8) of 
the day ground surface that meets the estimated depth of action 
of negative friction of soil. A more detailed description of the 
methodology and results of tests of piles are given in 
publication (Karpenko 2008). 

The tests of the experimental piles P-3 and P-4 on withdraw 
were carried out  to determine the value of the negative forces 
of friction Pn. The maximum resistance to withdraw a pile is 
accepted for a load when beginning a "slippage" of the pile, i.e. 
a growth of deformation in the last degree of load was by 5 
times greater than in the previous stage. 

Numerical studies to determine the negative friction forces 
are carried out using software complex PLAXIS 3D 
Foundation. This complex enables to specify almost any pattern 
of wetting front of soil base for calculations (distribution of the 
stress because of own water weight, soaking time and speed, the 
use of different coefficients of filtration and etc.), as most of the 
other above-mentioned software complexes allow to simulate 
the influence of groundwater only with replacing of physical 
and mechanical properties of soil under natural condition by 
saturated condition (indexes Esat, csat, φsat, ρsat, vsat). It does not 
allow to predict the change in the stress-strain state when a 
gradual water saturation of the soil. 

The value of the negative forces of friction Pn was simulated 
as follows. The withdraw load was applied to top of single pile 
without extension. This pile was installed between a day ground 
surface and mark corresponding to the calculated depth of 
action of negative friction of soil (soil in natural moisture and 
water saturation of settling soil). The withdraw load was 
gradually increased up to time when software complex PLAXIS 
gives message "about development of plastic deformation of the 
soil". This moment will correspond to the maximum axial 
withdraw load (the amount of negative friction). 

 

 
Figure 4. Finite-element 3D model 
"pile foundations-settling base".    

Figure 5. Generation of water 
pressure, kN/m2. 

 
Figure 6. Iso-fields of soil 
displacement in vertically direction 
of pile pier foundation with 
extension Uy, m. 

Figure 7. Iso-fields of soil 
displacement in vertical direction   
Uy, m (section 1-1). 

Figure 8. Iso-fields of soil 
displacement in vertical direction 
Uy, m (section 2-2) 

Figure 9. Iso-fields of soil 
displacement in vertical direction Uy, 
m (section 3-3). 
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1.4 Analysis of the results of calculations 

Modeling of single located pile cluster from 4 piles was carried 
out (as it was foreseen in design) in order to approximate the 
initial evaluation of the work of single pile  taking into account 
predefined negative friction forces on the lateral surface of the 
pile. The most characteristic results in displacement of soil 
around the pile foundation space are shown in Figures 4-9. 

Comparison of the values of the bearing capacity of the pile 
cluster of bored piles with enhanced abutment  determined by 
numerical simulations and field tests under static piles at the 
experimental area of settling soil due to own weight is presented 
in Table. 

According to the calculations of numerical simulations, the 
bearing capacity of the pile cluster, taking into account the 
forces of negative friction on the lateral surface of the pile is 
4468 kN, provided that the working design is 4000 kN under 
prescribed conditions. 
Table. Comparison of field tests of piles with expansion according to 
numerical studies.  

Number 
of piles 
and its 

parameter
s 

The forces of friction on the lateral surface 
of the pile in loess soil, kN/m  

 

The bearing 
capacity of a pile 

Fd, kN 

Calculated 
permissible load to 

pile taking into 
account the 

negative forces of 
friction, kN 

data of numerical 
studies 

data of test of piles  
P-3 and P-4 by 
withdrawing 

numeri
cal 

modeli
ng 

 
accord
ing to 

the 
static 

tests at 
S=16 
mm, 

Fd, kN 
 

accord
ing to 

the 
numeri

cal 
simula

tion 

accord
ing to 

the 
static  
 test natural 

state 

wetted 
conditi

on 
Pn 

Pn*  
(resear

ch 
piles 

steepe
d in 

soils) 
1 2 3 4 5 6 7 8 9 

P–1 
l = 23m 
d=0.5m 
D=1.6m 

1759 1295 1617 1117 4367 3970 1299 
 

1190 
 

P–2 
l = 23m 
d=0.5m 
D=1.6m 

1759 1295 1617 1117 4367 3883 1256 1117 

 
In the numerical simulation there was also found that the 

process of gradual infiltration of water into the soil and its 
watering operates on a pile in two ways. From the first side, the 
water saturation has place for increased soil volume and most 
part of the pile cluster is under overhanging soil action as the 
flow of water is action on loess soil. From the second side, the 
cohesion forces on contact of pile with soil are decreased when 
the water content is reduced. I.e., the specific cohesion and 
angle of internal friction is reduced by more than 10...15%. 
when soaking the loose (loess) soil The value of the bearing 
capacity of piles is under influence of changes in soil under 
expansion due to soil compaction. Thus the values of strength 
and deformability can be increased by 10% or more. 

2     CONCLUSIONS 

The adopted method of numerical simulation has some features 
that may affect to the value of the calculated settlement:  

 - The nature of wetting (bottom, top, local, or plane along 
diffusion or depth), which adjusts the weight of the soil within 
the conventional foundation;  

 - negative friction force on the lateral surface of the pile are 
transmitted to pile; stress under expansion is increasing, i.e, the 
redistribution of stresses will occur at the base of the foot; the 
character of base deformation is changing in favor of the 
increase; 

- The nature of deformation over time can cause a change in 
the rheological interaction of pile with the surrounding soil, so 
the nature of settlement can be adjusted; 

- Local soaking on the edge of the lateral surfaces of 
conventional foundation can cause settlement of the adjacent 
array under its own weight, the arising of negative friction 
forces (such cases are confirmed by practice), and the increased 
pressure on certain areas, causing deformation, respectively; 

- The distance between the piles will influence to the value 
of negative friction on the lateral surface. Also it affects on 
number of ground beam piles (pile foundation). 

Taking into account these factors when modeling the stress-
strain state shows that despite of their possible effects, these 
factors further increase the pressure on the foundation, they are 
compensated by changes in the stress-strain state in other areas. 
They cannot affect more than 10 ... 15% to increase of 
settlement rate.  

The following conclusions may be done on the basis of 
detailed analysis of the interaction of the pile with surrounding 
settlement of loess massif and the earlier studies (Kornienko et 
al. 2007): 

1) Comparison of the calculated values of the obtained 
negative friction forces on the lateral surface of the pile with the 
experimental data shows that the difference of these values is 8 
... 13% ( in terms of the construction site ); 

2) The negative friction force depends on the case of base 
soaking, depth of soaked layer, the properties of settling soil of 
base and other factors. The soaking by parallel layers of settling 
loose base below is more dangerous for the drilling piles 
(including the piles with extension) then top soaking, as it is 
confirmed by studies (Grigoryan et al. 1975); 

3) The proposed simplified method allows to research 
preliminary the drilling piles work (including piles with 
extension) in structure of clusters) in loose settling soil due to 
its own weight in view of the negative forces of friction for 
different cases of soaking with necessary accuracy to select the 
structural measures for design. This method has a strict 
definition, i.e. it provides the reliable estimates in determining 
the allowable load on pile foundations of the specified type 
under construction architectural designs of the project; 

4) The results of these studies were used in the construction 
of the shopping center wholesale and retail trade in Zaporozhe, 
which confirmed the reliability of the calculations. 
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ABSTRACT: The problematic question of determining  the value of  bearing capacity of large diameter piles in Ukraine is  identified. 
Testing of these piles using  the  Osterberg test  method is considered. The advantages and disadvantages of this method are 
described. 
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1. RELEVANCE OF THE DETERMINATION OF THE 

BEARING CAPACITY OF LARGE DIAMETER PILES 
IN UKRAINE 

The construction industry in Ukraine grows and gains 
momentum rapidly  due to the urbanization in big cities. In the 
world practice and in Kiev  now it has come  to the use of 
barrettes. Thge barretes  are very reliable and have a high 
bearing capacity. 

Barrettes with various cross-section  have been  used since 
2000 in the  construction of high-rise buildings for example,  
the "Parus” shopping center, the “Solomenka" business park, 
mixed use  complexes like  Mirax Plaza, Sky Tower and others. 

Today, the issue  of determining bearing capacity of the 
large diameter piles requires considerable material expenses. 
Most construction companies do not have special equipment for  
such tests. 
In addition  modern Ukrainian normative documents do not 
provide  valid assessment of  the determination of the load 
bearing capacity of pile  being  more than 40 m long (DBN 
2.02.01-2009, DBN 2.1-10-2011, DSTU B. V 2.1-27: 2010). 

Usually the testing of  large diameter piles takes 
considerable time and requires a high power loading structure. 
For  the loading  4-6 anchor piles are used. The total applied 
load of  jacks is 58860 kN (Osterberg 1998). 

The use of hydraulic jacks without additional anchor devices 
is desirable and it may even be more economical for the use of  
high loads for  the  test of piles with  the diameter being more 
than 1000 mm and the barrette foundations (DBN 2.02.01-
2009). 

In the filed conditions the deformation behavior of soil  is 
studied  by means of sequential load of hard punches. The load 
of each stage is  measured. Then we get the value of the specific 
resistance R which is used in the calculation  of bearing 
capacity of pile, drilling base or base-shelter (Lіchev 1971). In 
this approach, the accuracy of joint work of core and lateral 
surface remains  an open question  (Pinto 2009, Zavarzìna et al 
2013). 

 In practice,  one determines the soil resistance in  three 
cases, i.e. under the lower end of pile, along the  lateral surface 

of  pile and  along the  lateral surface  and  under the lower end 
of pile. 

Soil stress zones around these piles  have a certain difference 
under these conditions. This may affect the  bearing capacity of 
piles, which is defined as: Fd = Fdf + FdR. However, the effect 
of the interaction of these stress zones may significantly change 
the actual value Fd  (Zavarzina et al 2012). 

It is possible to  test  large diameter piles upon availability  
of  a massive  anchor structure and using hydraulic jacks and 
separating the piles. It is possible  to determine the bearing 
capacity of the bottom-end and  the lateral surface  of piles at 
that (DSTU B. V 2.1-27: 2010). 

A french company Soletanche Bachy has also experience in 
testing long length barrett  (up to 120 m). Barrets for the tower 
of the “OHTA” center have been tested by  experts  in St. 
Petersburg using the Ostenberg technology. 

One of the leading companies LOADTEST identifies the 
bearing capacity of large diameter piles almost throughout the 
whole world for example, America, Europe, Australia, etc. Such 
tests are also conducted in Ukraine today. 

The “Osnova-Solsif” company produces large diameter and 
deep laid piles  in Kiev for many years. Besides a new  “Boren-
A” company has  recently appeared and also has a powerful  
equipment for producing piles of different configurations. 

In Ukraine large-scale trials are carried out often. Models of 
piles used in Europe make possible to estimate the bearing 
capacity if the diameter of a production pile is no more than 2 
times greater than the diameter of the model (Eurocode 7: EN 
1997-1: 2004). Such restrictions of   piles with regard to their  
large diameter may be unfounded but it is absolutely impossible 
in Ukraine (DBN 2.02.01-2009, Zavarzina et al 2013). 

Sensing data are  used to determine the forecast value of  
bearing capacity in the world practice also. Calculations are 
based on   correlation ratios that are set  by parallel testing of 
pile using static load.  Due to our data, these ratios should  be 
corrected with regard to the pile diameter and the  behavior and 
kind of soil. That’s why it is quite difficult to solve practical 
problems related to the identification of Fd  in case of  the  
diameter growth using the mentioned procedure. Therefore, 
let’s view a more accurate method for the  determination of  



Proceedings of the 23rd European Young Geotechnical Engineers Conference, Barcelona 2014 

72 

bearing capacity of large diameter piles using  the Osterberg 
method. 

1.1 Aspects of the Osterberg load test method  

Pile foundations can be classified according to various 
characteristics: by way of design, by  nature of  load,  material,  
way of laying, form of longitudinal and transverse cross-section, 
way of reinforcement, etc. But in my opinion, the foundations 
should be classified  by the bearing capacity with regard to  the 
prescribed  norms. In Ukraine large diameter piles are piles with 
the diameter of 600 mm and more (DBN 2.02.01-2009, 
Eurocode 7: EN 1997-1: 2004). They can be produced by 
different methods: such as cast-in-place pile  is produced 
directly on the construction site for example auger pile, bored 
support, vibrostamped pile. There are also barrettes or factory –
supplied piles for example screw pile, driven pile and driven 
cast-in-situ pile. 

In order to receive an image of real interaction of pile and 
the surrounding soil tensopiles were often used in Ukraine in 
recent years (Lіchev 1971). 

In 70th it came to the use of  standard piles. In this pile a 
loading lack was located at the bottom of the tubular piles with 
a diameter of 127 mm. So it was possible to determine the 
resistance at the lower end and  along the lateral surface of the 
so-called coupling. However, the testing  depth of the  pile was 
limited along with  the possibility of applying large loads. 
Although the reliability of these tests was very high (within the 
range of 5-10 %) (pile foundations). It was similar to the 
Osterberg cell.  

There were other proposals that envisaged the use of the pile 
top  as an anchor. But the most successful was the Osterberg 
proposal. 

There are some difficulties with tests of large diameter piles.  
Dr. George O. Osterberg was the first in the world who invented 
a hydraulic device with bidirectional cells for determination of 
total bearing capacity of piles. In 1987, this  device  was 
patented. 

Osterberg conducted testing of small diameter steel piles 
using  o-cells initially. There were  bridge piles in 
Massachusetts, the USA. Then he  began the test piles with the  
diameter of 900-1300 mm and the  length up to 30 meters with  
application of   3.14 MN load. 

A new procedure for determining the bearing capacity was 
used for bored piles and barrettes (Katzenbach et al 2012), and 
also for  monolithic and abutting driven piles with the length up 
to  90 m and the diameter up to 3 m. Nowadays it has been 
carried out  about 300 tests in ten countries around the world, 
such as Florida, Georgia, Kentucky, North Carolina, South 
Carolina, Virginia, Mexico, Hong Kong (Brown et al 2001). 

The Osterberg tests allow to determine the bearing capacity 
of piles in whole  and the influence of some soil layers on the 
bearing capacity. 

The final values of carrying capacity is identified with regard 
to  the value  of an applied load N. The test stops in the 
following cases: 

1) there is a never-ending rising movement of  pile down 
without rise of  the load, i.e. the value of resistance 
characterizes exhaustion of the bearing capacity of soil under 
the pile lower end (Pedro Seco e Pinto, Zavarzina at al 2013]; 2) 
the o-cell maximum power is exhausted ; 3) the limit value of 
resistance is  reached along  the lateral surface for the  top of  
pile. A diagram of the test device is shown in Fig. 1. 

After completion of the test the lower device with o-cells 
may be filled with fine aggregate  concrete or cement grout.  A 
pile tested  may be used as a working one on the construction 
site  with regard to the estimation of its condition. 

Test piles of different configurations used on  Kiev  
construction sites   are shown in Fig. 2. 

 

 
Fig. 1. – Layout of  the  Ostenberg  test device . 

A set of sensors:1-measures movement upward, 2-measures  movement 
down; 3-supporting beam; 4-control tube; 5- pressure source; 6-

concrete; 7- o-cell. 
 

 
Fig. 2. – Options  of barrett sections on Kiev construction sites  

1. Barettes of  the Sky Tower office and hotel complex. 
2. Barettes of the Parus shopping center. 

3. Baretttes of  the Mirax plaza mixed use project. 
Piles are supported by a reliable  base such as fine and dense  

sand  in schemes  1 and 3, and Kiev marl in scheme  2. 
Deformation module of  buchatskiy sands is pretty high and 
reaches more than 40 MPa at that. 

1.2 Approaches to the O-cell  location  

Tests that had started with small diameter  piles   began to use  
large diameter piles later. For example, the most famous static 
load test for piles that  satisfies  the requirements of ASTM 
D1143 for  "o-cell" device  is described  by the  load of 670 kN  
to 27 MN for  piles with  diameter of 870 mm and more. 
Besides ABAQUS  code was used for the proper analysis of  
studies  (Brown et al 2001). 

It was conducted many loading cycles for large diameter 
piles in Japan. It was proved that if the load higher than 27 MN 
was needed, two or more "o-cells" were required. 

Today tests involving the load of 135MN are carried out.  In 
this case three "o-cells" are used in the device. There are several 
options for placing cells, see figure 3. 

 

 
Figure 3. Options for placing O-cells in bored piles and barrettes 

In fig. 3-1 o-cell is  located at the bottom of the pile. So there 
are two options for completing the test: a) lateral resistance is 
equal to  the resistance at the lower end of pile; b) resistance at 
the lower end of pile is greater  than the resistance along the 
lateral surface. 

If it is  necessary to determine the total load of pile, O-cell  is 
placed  at a certain distance from the bottom (fig. 3-2). If the 
distance from the bottom is defined correctly, then the final 
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failure of pile will be achieved at the defined value of pile 
lateral resistance. The load under the bottom end reaches its 
greatest value at that.  Although it is impossible  to determine an 
exact location of the O- cell along the height of pile with regard 
to the existing procedure, experience shows if the load reaches 
its critical value, i.e. exhaustion of bearing capacity of pile, the 
design load  of pile may be identified approximately. 

Diagrams in Fig. 3-3; 4 are actual  in cases when there is a 
need to apply load being greater than 27 MN and to determine  
bearing capacity of the  upper, middle and bottom parts of a 
pile. Two or three O-cells are used and they are located at a 
certain distance from the bottom. The greater  movement is seen 
in  the upper O-cell. 

The top O-cell is  loaded for identification of the lateral 
resistance of pile on top of the shaft. Then the next O-cell  is 
loaded for identification of the sliding resistance on the surface 
of the shaft between two O- cells  and  then the third one is 
loaded according to the accepted  procedure. When the O-cell 
valves are closed the whole pile works as an anchor device and 
one has an ability to determine pressure at the lower end. This 
case is valid when  pressure at the lower end is lower than the 
total resistance along the lateral surface of the pile. 

1.3 The test results of  barrettes 

For confirmation of the described test procedure for barrettes 
see table. 1. There are results of some tests with piles like these 
using   the Osterberg method and the large-scale trials. 

All projects are high-rise office and residential buildings 
with  no more than 47 floors, located in Ukraine, the city of 
Kiev. The barrette length is more than 40m in some cases and it 
is not envisaged by the norms existing in Ukraine (DBN 
2.02.01-2009, DBN 2.1-10-2011, DSTU B. V 2.1-27: 2010). 
 
Table 1. Results of the static pressure test for piles on the experimental 
sites of Kiev.  
№ Name 

of the 
project, 
length 
Lp m, 
cross-
section 
of the 

barrette 
mm 

 

Bearin
g 

capacit
y due 
to the 
test 

results 
Fd1, 
MN 

Bearing 
capacit
y due 
to EN 
Fd2, 
MN 

Bearing 
capacity 
due to  
DBN, 

Fd3, MN 

Difference,%
3-4 3-5 4-5 

1 2 3 4 5 6 7 8
1 Sky 

tower  
l=63.3; 
В23-

1.2×2.8 

84  
(by the 
Osterb

erg 
method

) 

90.83 87.65 5.7 3.07 3.65 

2 Parus 
l=28,6; 

B1- 
2.8×1.0 
B2, B3- 
2.8×2.8 

Accord
ing to 

the  
test 

results 
of  root 

piles 

19.899 
31.433 
31.433 

19.649 
30.734 
30.734 

 
- 

 
- 

1.27 
2.27 
2.27 

3 Mirax 
plaza,  
l=32.7

3 
Е1-

2.8×0.8 
 

Accord
ing to  

the test 
results 

of  
auger 
piles 

46.73 44.5  
- 

 
- 

 
5.01 

Note: barrett B1 is rectangular, barrett B2 is tee-section, barrett B3 
is cross-sectional. 

 
In order to forecast the bearing capacity of enlarged piles,    
tables of resistance r -for the lower end and f - for the lateral 

surface were developed (Zavarzina et al 2013) for regional soils 
within the depth of 40-80 m.   

Due to the complexity of testing Parus and Mirax plaza 
projects   using the Osterberg method,   the barrette tests are 
based on the results of static tests of large diameter bored piles 
with the diameter of 620 mm and root piles with the diameter of 
820 mm and the length of 28.6 m. When identifying the value of 
the bearing capacity of these piles, the influence of scale factors 
is important (Katzenbach et al 2012). 

According to the comparison results  the bearing capacity of 
barrettes from construction site No.1 the maximum difference is 
5.57 percent and the minimum one is 3.07 per cent in relation to 
the Osterberd test. Such a phenomenon can occur due to 
insufficient treatment of  base under the bottom end or defects 
during the trial. 

Besides barrettes have a pretty  big margin of bearing 
capacity related  to both material and soil and the margin is 
often not used in the field  trials. So important is the problem 
related to the definition of stress-strain state for  barrettes and 
large diameter piles despite of their production technique 
(Zavarzina et al 2013). 

Bearing capacity of piles is higher in calculations according 
to European norms  than  Ukrainian ones. It is connected with 
coefficients of permanent and temporary actions and the mass 
of  test  pile. 

1.4 Determination of the pile settlement due to the test results 

One O-cell was used in the barrette test using the Osterberg 
method on construction site No.1. The test device was installed 
at the distance of 2.16 m above the lower end of pile and 
consisted of three O-cells with the diameter of 670 mm. The cell 
included six jet sensors for linear moves. The sensors were 
located between the upper and lower plate. 

The test of barrettes was carried out step-wise until the   total 
load of 44.81 MN was reached (see graph on figure 1). The load 
was  applied to the O-sell in two opposite directions. The 
average value of the displacement of the lower end was 35.5 
mm under the load like this, see figure 4-curve 2. 

Besides the bearing capacity along the lateral surface of the 
barrette section was calculated below the O-cell. The value of 
the lateral displacement was to 5,9 mm , see  fig. 4-curve 1. 

The maximum of barrette settlement was 37,8 mm  under the 
maximum load. 

The moves of the barrette above the O-cell and the bottom 
end   were controlled the using strain gauges and system of two 
sensors. 
 

 
 

Figure 4. S = f (N) - Curve of pile test using the  Osterberg method, key: 
1- is a curve for the top anchor  load, 2-is a curve for the bottom load 

For the calculation of the stress-strain state and strength 
characteristics of the foundation at Mirax plaza a model of pile 
slab foundation with barrettes was modeled in Lira software, 
version 9.4. We received the settlement value of 19.2 cm and 15 
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cm for single and double value of soil deformation module. The 
bearing layer is fine, dense, saturated with water sand. 

Settlement of two test piles at Parus project was  11, 8 mm 
and 15,1 mm under the load of 4750 kN and 5200 kN 
respectively.  The settlement of barrettes was not calculated but 
it would be received as a result of further research of the work 
of large diameter piles. 

1.5 Advantages and disadvantages of the Osterberg method 

Testing of large diameter piles using the Osterberg method is a 
very complicated task. For drilling boreholes a device by Bauer, 
Germany is used. The device is able to drill boreholes being 100 
m and more deep and having the diameter of 600-3000 mm and 
size of sections of 600-3500 mm. 

In practice, the bearing capacity of piles is 40 to135 MN. 
Having studied the documents containing information about 

tests conducted in Kiev, one can select the following advantages 
of the Osterberg test method: 

– Resource saving. 
The Osterberg test method using O-cells is cheaper than 

static tests of large diameter piles. The difference is 
approximately 1/3 or 2/3 of the cost.  In addition, the execution 
of the Osterberg test takes less time. 

– application of high loads to the piles. 
– Safety testing for the executors of the work. 
The O- cell is located inside the pile and there is no threat of 

the accidental crash of anchor structures.  
– less workspace for the  implementation of the  test. 
There is no large-sized equipment. There is more free space 

on the construction site.    
– possible to  consider changes  in soil properties what  is 

important in practice. 
– no difficulties when testing piles in different levels of 

groundwater. 
The disadvantages of the Osterberg test method include: 
–  S = f(N) curve  is approximate  for the whole  pile. 
– A stress-strain zone of a large diameter pile tested using 

the Osterberg method is different than a zone of stresses 
generated by static pile test. 

To improve the quality of field testing where the theory and 
experience do not provide the accuracy of calculation, piles 
equipped with special measuring devices should be applied 
(Grutman 1969).  

The Osterberg test method requires a high level mechanical 
aids and operation technique. 

2. CONCLUSION 

The Osterberg test method determines the carrying capacity of 
individual layers of soil and piles of different cross sections, 
excepting the H-sections. 

The technique needs to define the number and position of the 
O- cells along the length of pile in order to receive a S=f(N) 
curve that resembles actual conditions  most closely. However, 
in order to receive an exact value of the bearing capacity an 
integrated approach should be developed  taking into account 
the differentiated evaluation of the  pile resistance  and  safe 
value of settlement  for an appropriate type of building. 
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ABSTRACT: Within the last 30 years the use of finite element modelling (FEM) in the field of geotechnical engineering has 
increased even on small-scale projects. Traditionally FEM calculations have been done using either assumptions of 2D plane strain or
axi-symmetry to model a specific geometrical problem. The geometrical simplifications have made it possible to execute calculations 
without an extensive calculation-time. The results achieved using 2D models or axi-symmetry are generally accepted among 
geotechnical engineers. Over the past few years an increasing amount of computational power has made it possible to execute 3D 
FEM models, making a lot of the geometrical simplifications avoidable. In this paper the results of a number of FEM models done 
both in Plaxis 2D and 3D are compared and discussed. The models are from the strengthening project of the Little Belt Bridge of 1935
in Denmark, which was done in collaboration between leading geotechnical companies in Denmark. The use of 3D models in this
project was done partly to validate 2D models and partly to estimate the deformations more accurately. 
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1 INTRODUCTION 

Finite Element Modelling (FEM) is used more and more in 
everyday geotechnical design work. This is no longer restricted 
to only 2D plane strain or axisymmetric 3D analyses, as the 
necessary computational power needed to perform full 3D 
calculations are easily available in most desktop computer 
systems today. 

 This paper deals with the use of both 2D and 3D FEM 
analyses used in the strengthening project of the Little Belt 
Bridge of 1935 in Denmark. The two different calculation 
approaches were used as a method of validation, while at the 
same time revealing some of the differences of the two 
approaches. In the design process of the strengthening of the 
foundation of the bridge, the applicability of 2D and 3D FEM 
analyses were discussed by the design team, and based on this 
further research work is proposed. 

1.1 The Little Belt Bridge of 1935 

The Little Belt Bridge is a Danish railway and car bridge, which 
is the only link on the Danish railway system between Jutland 
and Funen. It is therefore a critical part of the Danish 
infrastructure. The bridge was constructed over a period of 10 
years and was completed in 1935. It has a total length of 1.178 
m and a maximum span of 220 m. The superstructure is a steel 
girder bridge resting on four offshore piers. The bottoms of the 
piers were built onshore as floating caissons that were floated 
out to the designated position turned and lowered onto the 
seabed. The skirts of the caisson are penetrated approximately 
10 m into the seabed. The caissons are approximately 44 m long 
and 24 m wide. 
 

1.2 The Strengthening of Little Belt Bridge of 1935 

In 2012 the Danish Railway Association, Banedanmark, 
decided to gather a geotechnical expert panel in order to 

evaluate the foundation of the Little Belt Bridge. The panel was 
gathered as a response to two different aspects. The first was the 
ongoing geotechnical investigations involved in the Femern 
Belt Link between Denmark and Germany. In this project a 
large number of field and laboratory tests were conducted on the 
clay material found both in the Little Belt and at the position of 
the planned Femern Belt Link known as Little Belt Clay. In 
these investigations it was found that the strength parameters for 
the clay in some cases could be lower than what was expected 
and used in the original design of the bridge piers. 

The second aspect was the fact that the bridge has undergone 
quite large settlements since the construction in the 1930’s. It 
was expected that the clay would cause settlements, however 
the fact that the settlements are still ongoing and not reducing in 
rate has caused concern. The vertical settlements of pier 3, cf. 
figure 1, have reached around 0.65 m, which was significantly 
more than expected. 

The conclusion of the expert panel in late 2013 was to 
reinforce the foundations of the bridge by placing a large 
amount of stones around the piers in order to stabilize them. 
After this decision was reached, the companies involved in the 
expert panel were instructed to carry out the design of the stone 
reinforcement. 

The embedded part of the four offshore piers mainly consists 
of a skirt made from 1.5 m steel tubes that were driven into the 
seabed and filled with concrete. The base plate of the pier is in-
situ cast roughly 8 meters above the tip of the skirt. The 
geometry of all four piers is different, as they are constructed to 
fit the slope of the seabed. The level of the seabed varies from 
19 m to 29 meters below sea level. 

In Figure 1 a 3D model of the bridge, the seabed and the 
stone reinforcement is shown.  
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Figure 1. The four piers of the bridge placed on the seabed, the 
superstructure of the bridge and the planed reinforcement around the 
piers. 

1.3 Geology of the Little Belt 

The geology of the Little Belt is quite simple from a 
geotechnical point of view, as the main deposit in the top 100 
metres below seabed is Little Belt Clay. The Little Belt Clay is 
a tertiary clay deposit of high plasticity. 

The discussion regarding the Little Belt Clay mainly consists 
of estimating the strength and deformation parameters of the 
clay. This issue is not further discussed in this paper. 

1.4 Geometry of the piers and the seabed 

Before the actual design work could commence a lot of work 
was put in to examining the original drawings of the bridge in 
order to estimate the actual geometry that was constructed in the 
1930s. This process revealed a number of unknowns, such as 
length of skirts and elevation of concrete bottom plate, which 
were estimated and determined. The geometry was used both 
for the geotechnical calculations and the estimations of self-
weight of the piers. 

The seabed of the Little Belt was scanned and converted to a 
digital terrain model (DTM). This DTM was used in Figure 1 as 
well as in the 3D modelling in Plaxis 3D. 

1.5 Loads on the piers 

As the piers are heavy concrete structures the dominating loads 
on the foundations are self-weight from the piers and the 
superstructure. The load duration is thus mainly long term, 
meaning both drained and undrained conditions in the clay can 
occur. 

2 THE USE OF NUMERICAL MODELS IN THE DESIGN 

In the design process it was decided to carry out both the 
bearing capacity calculations and the deformation calculations 
using numerical modelling in Plaxis, which is a commercial 
FEM software package especially suited for geotechnical 
calculations. An important part of the emphasis for using 
numerical modelling was to be able to estimate the settlements 
of the piers, as the large amount of stones are placed on the 
seabed. 
  The main design tool was chosen as Plaxis 2D models with 
the assumption of plane strain. As using 2D plane strain 
involves using several geometrical simplifications, a Plaxis 3D 
model was created for Pier 3 in order to both validate the 
findings of the 2D model and furthermore to investigate 
directionality of rupture figures. The directionality was used to 
validate the needed section cuts for the 2D models. 

In all models a Mohr-Coulomb material model was used for 
the soil, however with changing parameters according to e.g. 
depth below sea level. The use of more advanced material 
models was discussed, however not implemented due to 
significant uncertainties on the deformation parameters. 

2.1 Plaxis 2D models 

A 2D plane strain model is usually a good approximation for 
geometry with a large extent out of the plane, such as a quay 
wall or a long strip foundation. A cross section of pier 3 is 
shown in Figure 2. 

 

 
Figure 2. The cross section of pier 3 with measurements shown. 
 

The 2D model is done using a section cut in the longitudinal 
direction of the bridge. As the cross section of the pier is not 
rectangular, the equivalent rectangle is used to find the effective 
length of the foundation from the cross section area divided by 
the width. This thus gives an effective length of 39.7 m. The 
ratio of L/B, where L is the length and B is the width of the 
foundation, is thus approximately 1.65 for the bridge pier. A 
plane strain case represents the limit value of L/B → ∞. The 
normalised bearing capacity, defined as p/γB, where p is the 
pressure at foundation level and γ is the unit weight of the soil, 
is known to decrease as L/B increases for a cohesional soil, cf. 
(J.S. Shiau and J.F. Watson, 2008). With a low L/B ratio the 
bearing capacity found using plane strain is thus 
underestimated. The underestimation occurs as the slip planes 
generated in the longitudinal direction of the foundation has an 
increasing influence as L decreases. 

It is important to note that a 2D model is not always a 
conservative approach, as the geometrical simplification can 
have the opposite effect, an example of this can be seen in (P. C. 
Dauncey, B. Simpson, R. Sturt, 2002). 

To cope with the known limitations in the 2D plane strain 
model, the shape factors in the widely used bearing capacity 
formula have been applied to the material strength parameters. 
A simplified version of the bearing capacity formula is seen in 
(eq. 1): 

        (1) 

where Rd is the bearing capacity, A is the foundation area, γ 
is the unit weight of the soil, b is the width of the foundation, Nγ 
and Nc are bearing capacity factors and sγ and sc are shape 
factors. As the shape factors are multiplied with respectively the 
unit weight and the cohesion of the soil, the shape factors can be 
implemented in the Plaxis 2D model, by modifying the material 
parameters entered. 

The shape factors are used to take into account the 
geometrical shape of the foundation, and are empirical factors. 
The widely used factors are seen in (eq. 2 and eq. 3), cf. (J. 
Brinch Hansen, 1970): 

1 0.4             (2) 

1 0.2             (3) 

Using these factors the unit weight of the soil is reduced by 
approximately 24 % and the cohesion is increased by 12 %.  
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For each of the 4 piers a 2D model was created and analysed 
under all relevant load combinations and drainage conditions. 
This was thus the main tool used to verify the design of the 
reinforcement of the piers. 

The 2D models are documented in (Niels Mortensen, 2014a; 
Niels Mortensen, 2014b). 

2.2 Plaxis 3D models 

The 3D model was intended to be as close as possible to the 
actual geometry of both the foundation and the seabed. As the 
geometry of the seabed was scanned and converted into a DTM 
this model could be used to create a similar albeit simplified 
version of the scanned seabed. This allowed the model to be 
used for both estimating 3D effects and directionality of the 
rupture figures. 

The geometry of the seabed in Plaxis 3D was created by 
manually selecting 213 points from the digital 3D model, and 
then using a CAD program to tessellate a surface using triangles 
in three dimensions. The tessellated 3D surface was then 
imported into Plaxis 3D, the result of which can be seen in 
figure 3. 

 
 
Figure 3. Tessellated 3D surface made from 213 selected points. 
 

The foundation was created with a slightly modified version 
of the correct geometry below seabed, where the interaction 
with the soil takes place. The skirt on the real pier consists of a 
number of overlapping tubes, while the skirt in the model has a 
constant width. The influence of this simplification on the 
overall behaviour of the model is assumed to be small. 

The geometry above the seabed was highly simplified, as 
this is not important for the model. A 3D model of the 
foundation is seen in figure 4 from below to illustrate the skirts. 
The colour change indicate the boundary on the between the 
submerged part and the part above sea level. 

 

 
 

Figure 4. 3D model of the pier with the skirts seen from below. 
 

3 RESULTS AND COMPARISON 

In the following the main results for pier 3 will be presented and 
compared between the 2D and 3D models. 

3.1 Bearing capacity 

As the material strength parameters of the Little Belt Clay is an 
issue which is object to great discussion, the bearing capacities 
found is mainly to be considered as relative capacities before 
and after strengthening of the foundation. 

In the ultimate limit state (ULS) calculation the safety 
calculation feature of Plaxis is used. In this calculation the 
material strength parameters are reduced until a total failure 
occurs in the soil. The final reduction factor possible after the 
safety calculation is thus a measure of the safety factor of the 
geotechnical design. As the material strength properties are not 
exactly known, a safety factor below 1.0 is not equivalent of an 
actual failure in real life. A safety factor below 1.0 does 
however imply additional safety against failure compared to the 
used input parameters. The bearing capacity found from Plaxis 
2D and 3D can be seen in table 1. 
 
Table 1. Safety factors found from the Plaxis 2D and 3D calculation 
both before and after the strengthening of the foundations.  

Safety factors [-] 2D 3D 

Before strengthening 0.95 1.26 

After strengthening 1.22 1.63 

 
As seen in table 1 the bearing capacity found in the 3D models 
is 33% higher in 3D than in 2D. This is despite the fact that the 
shape factors have been used as presented earlier. The effect of 
the strengthening is however very similar in both the 2D and the 
3D models at approximately 30% increase. 

3.2 Settlements during strengthening 

One of the main concerns for the strengthening project was the 
consequences for the piers and superstructure as the stone berms 
were placed on the seabed. This was one of the largest 
incentives for using 3D modelling in the project. An illustration 
of the deformations calculated in the model after strengthening 
and full consolidation can be seen in figure 5. The figure shows 
that the main part of the deformations take place in the areas 
below the stone berms, i.e. where the colour is yellow-red, and 
only a small part of the deformations cause actual displacement 
of the pier, i.e. the blue colour. 

 

 
 
Figure 5. The calculated displacements in the 3D model after placement 
of stone berms on the seabed around pier 3. 
 
As the 3D model yielded higher capacities, it was expected that 
the displacements found here would similarly be smaller. 
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Mainly deformations in the longitudinal direction of the bridge 
are critical, cf. figure 1.  

A total displacement of 14 mm in the longitudinal direction 
of the bridge was found for pier 3 in the 3D model, while the 
result of the 2D model was 15 mm. The similar results served as 
a validation of each other. 

3.3 Rupture figures 

The rupture figures in the 2D models are naturally an expression 
of a 2D rupture in a chosen cross section of the actual geometry. 
The directionality of the cross section was investigated with the 
3D models to ensure the critical cross section to be chosen. 

An illustration of the rupture figure of the pier 3 in the ULS 
calculation can be seen in figure 6, where the incremental 
displacements for a horizontal cross section at approximately 
10-15 m below the seabed are seen. 

 

 
Figure 6. Incremental displacements at a cross section 10-15 m below 
seabed. An illustration of the calculated rupture figure. The outline of 
the pier and the bridge alignment is shown. 
 
As seen in figure 6, the rupture figure is close to symmetric 
around the centreline of the figure, which is the longitudinal 
direction of the bridge. The critical cross section is therefore 
seen to be along the centreline of the bridge. 

4 CONCLUSION 

The numerical calculations carried out as a part of the 
strengthening project of the Little Belt Bridge of 1935 has 
shown that there is a difference between the bearing capacity 
found in 2D and 3D of around 30 %. This difference is possibly 
an expression of the 3D effects not taken into account by a 2D 
plane strain calculation. 

The calculation showed an increase in bearing capacity after 
strengthening of 30 % in both the 2D and 3D model. This was 
rather surprising, given the fact that the initial capacity in 3D 
was higher due to 3D effects. Further research is needed to fully 
understand this phenomenon. 

The results proves that even though 3D modelling is more 
time consuming and more complex than 2D modelling, there 
can be very large beneficial economic effects by applying 3D 
numerical calculations, as the calculated capacity of a 
geotechnical structure might increase significantly even though 
the same parameters are used. The applicability of 3D 
calculations are however still discussed as a geotechnical design 
tool, as the difference from previous well known and well tested 
methods can be quite large. 

5 FURTHER WORK 

The results of the comparison of the 2D and 3D models have 
proved that there is quite a large difference between them, and 
this issue should be further investigated in the future. It is as 
such of great importance for the overall incorporated safety in a 
design project under which conditions the calculations are 
carried out. Further work will therefore include methodically 
investigating 3D effects on the bearing capacity of foundations 
using FEM calculations and comparing it to already known and 
accepted calculation procedures. 
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ABSTRACT: Permeable reactive barriers (PRBs) represent a consolidated in situ technology for groundwater decontamination. This 
paper examines the results of an investigation into PRB constituted by zero valent iron (ZVI) /pumice granular mixtures by using 
column tests. In particular, the aspects investigated are the effects of flow velocities on ZVI and a granular mixture of ZVI/pumice for 
nickel removal, the effects of nickel concentration, and the simultaneous removal of nickel, copper and zinc on the two reactive 
media. Moreover the most critical aspects related to PRB performance in term of geotechnical, chemical, and hydraulic aspects are
discussed. In particular the aspects investigated are as follow: i) the choice of the grain size distribution of the reactive medium ii) the 
possible causes of hydraulic conductivity reduction and iii) the reliability of accelerated column tests (with groundwater velocities 
and/or metal concentrations higher than those usually observed on-site) for determining PRB design parameters.  
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1 INTRODUCTION 

A permeable reactive barrier (PRB) is a consolidated  in situ 
technology for  groundwater remediation. A PRB consists of a 
diaphragm wall filled with a permeable reactive material and 
installed perpendicular to the groundwater flow. When 
contaminated water flows through the barrier, under its natural 
hydraulic gradient, the reactive medium degrade or trap the 
contaminants within.  

Zero valent iron (ZVI or Fe0) is the most common reactive 
medium used in PRBs. However, the main problem with a ZVI-
PRB is the assessment of its lifespan; namely the period during 
which the barrier is able to intercept contaminated groundwater 
and trap the contaminants within, without changing the 
characteristics of groundwater flow. This feature is mainly 
controlled by reactivity and hydraulic conductivity reduction. In 
particular, PRB clogging may results in preferential flow, 
through more permeable zone, or blockage of flow.  

The possible causes of ZVI barrier hydraulic efficiency 
reduction are the expansive nature of iron corrosion products 
(Carè et al. 2008, Zhao et al. 2011), the formation gas 
(Henderson and Demond 2011) and biofilm (Gu et al. 1999), 
secondary minerals precipitation (Phillips et al. 2003, Liang et 
al. 2003, Henderson and Demond 2011, Jeen et al. 2011, 
Indraratna et al. 2014), and the retention of fine particles 
derived from upstream soil in the pores. 

The removal mechanisms activated by ZVI are the 
oxidation-reduction reactions and the adsorption and 
coprecipitation processes, activated by iron corrosion products. 

The possible causes of iron reactivity reduction are the i) 
reduction of reactive surface area due to the macroscopic 
dissolution of the metal over time ii) formation of biofilms or 
oxide layers on the ZVI surface, which can cover active redox 
sites and thus reduce the reactive surface area or cause a 
declining rate of electron transfer (Gu et al. 2002, Komnitsas et 
al. 2007, Bilardi et al. 2013a), iii) reduction of the iron ability to 
generate fresh iron (hydr)oxide corrosion products as a 
continuous source of adsorption sites and coprecipitation agents 
(Kohn et al. 2005). 

In order to extend the lifespan of ZVI, especially in terms of 
its hydraulic conductivity, it can be mixed with an inert and/or 
porous material such as sand, gravel, or pumice (Komnitsas et 
al. 2007, Moraci and Calabrò 2010, Noubactep 2010, Ruhl et al. 
2012, Bilardi et al. 2013b). 

This paper examines the results of an investigation into PRB 
constituted by ZVI/pumice granular mixtures by using column 
tests. In particular the aspects investigated are the effects of 
flow velocities on ZVI and a granular mixture of ZVI/pumice 
for nickel removal, the effects of nickel concentration and the 
simultaneous removal of nickel, copper and zinc on the two 
reactive media. 

1.1 Selection of the reactive medium 

The choice of the most suitable reactive medium is strictly 
linked to the type of contamination, whereas the main 
geotechnical characteristics of the medium (i.e. grain size curve, 
porosity, permeability) result from the proprieties of the aquifer. 
The choice of the grain size distribution of the reactive medium 
should be based on the filter design criteria (Table 1), to avoid 
altering the natural groundwater flow and the erosion of the 
base medium and of the filter (Moraci et al. 2012). 
 
Table 1. Filter design criteria 

Internal stability 
criteria 

It is important that the filter does not suffer 
appreciable variations in its particle size 
distribution and permeability owing to dragging 
exerted by the fluid. 

Retention 
criteria 

the filter must should be fine to prevent the 
escape of particles from the base soil. 

Permeability 
criteria 

the filter should be coarse (or permeable) enough 
to allow seepage flow and to avoid the 
development of high internal pore pressure.  

 
The factors that affect filtration between the base soil and 
granular filter can be summarized in terms of geometric, 
physical, hydraulic, chemical, and biological factors (Carè et al., 
2013) as shown in Table 2. 



Proceedings of the 23rd European Young Geotechnical Engineers Conference, Barcelona 2014 

82 

Table 2. Factors that affect filtration between the base soil and filter 
Factors  Comments 
geometric shape of particles and the particle size distribution, of the 

base soil and granular filter. Of particular importance is 
the structure of the filter medium i.e. pore constriction 
size (smallest connections between pores) and 
distribution 

physical particle surface roughness, filter density, and particle 
specific density 

hydraulic applied total head, hydraulic gradient, and mass flow rate 
chemical change in the porosity of the filter due to water and soil 

chemistry 
biological change in the porosity of the filter due to bacterial 

growth 

2 MATERIALS AND METHODS 

The experiments were carried out by using polymethyl 
methacrylate (PMMA—Plexiglas™) columns with an internal 
diameter of 5 ± 0.1 cm and a height of 50 cm, equipped with 
sampling ports located at different distances from the inlet. The 
influent solution was pumped upwards from a single PE bottle 
by using a precision peristaltic pump (Ismatec, ISM930). 

The used ZVI is of the type FERBLAST RI 850/3.5, 
distributed by Pometon S.p.A., Mestre, Italy. The used pumice 
originates from Lipari (Aeolian Islands, Sicily, Italy). The two 
materials are characterized by a uniform grain size distribution 
(Figure 1). The coefficient of uniformity U= d60/d10 is 2 and 1.4 
for ZVI and pumice respectively. The mean grain size (d50) is 
approximately 0.5 mm and 0.3 mm respectively.  

The ZVI/pumice mixture was mixed at a weight ratio of 
30:70. The solutions used to feed the columns were obtained by 
dissolving, individually or in combination, copper nitrate, nickel 
nitrate and zinc nitrate in distilled water. The aqueous 
concentrations of contaminants were measured by using atomic 
absorption spectrophotometry (Shimadzu AA – 6701F). During 
the column tests, hydraulic conductivity was determined by 
using the falling-head or constant-head permeability methods 
(Head and Keeton, 2008). The initial porosity of the 
ZVI/pumice mixture was estimated to be approximately 45 %, 
neglecting the internal porosity of the pumice. The initial 
porosity of the ZVI medium was approximately 48 %.  

 

 
Figure 1. Grain size distribution of  Fe0 and pumice. 

3 RESULTS AND DISCUSSION 

3.1 Effect of flow velocity 

Figure 2 illustrates the influence of flow velocity on the 
contaminant removal showing the nickel mass discharged from 
the outlet of the columns as a function of the nickel mass in 
input. Three flow rates (i.e. 0.1, 0.5, and 2.5 ml/min) and a 
solution contaminated by Nickel, at initial contaminant 
concentration equal to 40 mg/l, were used in the column 
experiments. The flow rates correspond to a Darcy velocity of 
0.07, 0.38, and 1.9 m/day respectively. 

The output for column tests carried out with the granular 
mixture ZVI/pumice is considered at 50 cm from column inlet, 
whereas for the columns contained ZVI the output is considered 
at 3 cm (which corresponds to a mass of 240 gr) in order to 
consider the same amount of ZVI present in the columns filled 
with the granular mixture. The best performance in term of 
removal capacity for both reactive media, is registered by the 
column tests carried out with the lowest flow rate. For all values 
of flow rates used the ZVI/pumice mixture shows a better 
performance than ZVI only. These results clearly confirm that 
using the ZVI/pumice mixture is beneficial, since increased 
residence time enhances the sorption process and promotes 
contaminant removal (Moraci and Calabrò, 2010). 

Figure 3 shows the hydraulic conductivity profile respect to 
contaminant mass in input into the columns. It can be observed 
the ability of the mixture to maintain the permeability for a 
period longer than ZVI and the occurrence of a greater 
reduction of hydraulic conductivity for column test showing the 
highest removal efficiency. Therefore an increase of flow 
velocity lead to a slower permeability reduction (Bilardi et al., 
2013c). 

 

 
Figure 2. Nickel mass discharge from the outlet of columns vs. nickel 
mass in input 

 
Figure 3. Hydraulic conductivity vs. cumulative contaminant mass in 
input for column tests using nickel contaminant solution (C0=40 mg/l) 

3.2 Effect of nickel concentration 

Three nickel concentrations (8, 40, and 95 mg/l) were used in 
the column experiments in order to test the effect of nickel 
concentration. The flow velocity used was 1.9 m/day. Figure 4 
shows the nickel mass discharged from the outlet of the 
columns as a function of the nickel mass in input for the entire 
experimental duration. The output for column tests carried out 
with ZVI only is considered at 3 cm from column inlet (which 
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corresponds to a mass of 240 gr) in order to consider the same 
amount of ZVI present in the columns filled with the granular 
mixture. The highest removal efficiency is registered for the 
lowest initial nickel concentration. The tests carried out using an 
initial nickel concentration of respectively 95 mg/l and 40 mg/l 
show almost equal results. This could indicate that, for 
extremely high nickel concentrations, (the value of 40 mg/l is 
2000 times higher than the maximum value allowed in Italy and 
95 mg/l is 4750 times higher), the performance of the reactive 
medium is influenced by the concentration only in a very 
limited extent due to the rapid breakthrough caused by the 
exhaustion of the reactive sites. A comparison between the 
mixture ZVI/Pumice and ZVI shows the better performance of 
the mixture. This has been explained considering that nickel 
removal is positively influenced by higher residence time that, 
for the same amount of ZVI used, is better guaranteed by the 
granular mixture. 

Figure 5 shows the profile of the hydraulic conductivity plot 
against the contaminant mass flowed into the column. 
 

 
Figure 4. Nickel mass discharge from the outlet of columns vs. nickel 
mass in input for column test carried out using a flow velocity of 1.9 
m/day 

 

Figure 5. Hydraulic conductivity vs. cumulative contaminant mass input 
for column tests using a flow velocity of 1.9 m/day 

The hydraulic conductivity profiles emphasize the ability of 
the mixture ZVI/pumice to maintain an adequate permeability 
for a time longer than ZVI alone. According to the test results 
the permeability reduction increases with decreasing of initial 
nickel concentration or equivalently with increasing of removal 
capacity of the medium, as previously observed. This behaviour 
is probably due to the different iron corrosion products whose 
generation can be influenced by the different nitrate and nickel 
concentrations present in the three contaminated solutions used 
(Bilardi et al., 2013c).   

3.3 Simultaneous removal of nickel, copper and zinc 

The column tests were also performed using individual and 
combined solutions of copper (Cu), Nickel (Ni) and zinc (Zn) in 
order to study possible phenomena of mutual interaction and/or 
competition among contaminants (Bilardi et al., 2014).  

Three individual solutions of Cu, Ni and Zn (at concentration 
of 500 mg/l for Cu and 50 mg/l for Ni and Zn) and two 
pluricontaminant solutions containing the three contaminants 
and using two different Cu concentration (500 and 50 mg/l) 
were tested with the two reactive media (ZVI and a granular 
mixture of ZVI and pumice 30:70 w.r). 

In mono-contaminant systems, in both reactive media, the 
removal sequence observed is Cu>Zn>Ni. In pluricontaminant 
solutions, Cu removal is unaffected by the presence of the other 
metals while the removal efficiencies of Ni and Zn decrease in 
respect to mono contaminant tests. 

In order of directly comparing the contaminants’ removal for 
all the experiments carried out (monocontaminant and three- 
contaminant solutions), Figures 6 and 7 show Ni and Zn 
concentrations versus time measured at the outlet of the column 
for the granular mixture ZVI/pumice. Cu data have not been 
reported since this metal is practically always removed below 
instrument’s detection limit. In the mixture ZVI/pumice, the 
long-term removal efficiency reduction is higher for Zn (about 
58% in respect to the experiment carried out with the solution 
containing Zn only) than for Ni (reduction of about 33%), 
leading to the removal sequence Cu>Ni>Zn for the test with the 
highest Cu concentration. This behaviour has been explained, 
hypothesising the possible spontaneous formation of a 
bimetallic system between ZVI and Cu capable of enhancing Ni 
removal especially in the short term. 
 

 
Figure 6. Time-dependant evolution of Ni concentration in the column 
effluent for three contaminant solutions  

 

 
Figure 7. Time-dependant evolution of Ni concentration in the column 
effluent for three contaminant solutions  
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Fugure 8 shows the hydraulic conductivity profile over time 
for all column tests. With the exception of test carried out with a 
solution of Ni 50 mg/l, all the experiments carried out on 
column systems containing only ZVI were forcedly interrupted 
because of tygon tube disconnection due to the excessive 
pressure caused by the clogging of the reactive medium. the 
granular mixture between ZVI and pumice is far more effective 
than ZVI alone in maintaining unvaried hydraulic conductivity 
in the long term. It is also evident that the use of the 
multicontaminant solution significantly accelerates the 
hydraulic conductivity reduction in the columns filled with only 
ZVI (Bilardi et al., 2014). 

 

 
Figure 8. Hydraulic conductivity vs. time 

4 CONCLUSIONS 

This paper examines the long term behaviour of ZVI PRBs and 
describes the main geotechnical characteristics required for the 
reactive medium in order to design the barrier correctly. The 
results of an investigation into PRB constituted by ZVI/pumice 
granular mixtures by using column tests are also presented. In 
particular, the aspects investigated are the effects of flow 
velocity on ZVI and a granular mixture of ZVI/pumice for 
nickel removal, the effects of nickel concentration and the 
simultaneous removal of nickel, copper and zinc on the two 
reactive media.  

The column tests results showed that an increase in flow 
velocities or contaminant concentration reduces the removal 
capacity of the reactive medium. In terms of hydraulic 
behaviour, it can be stated that the occurrence of a greater 
reduction in hydraulic conductivity is observed for column tests 
that show the highest removal efficiency. As shown by these 
column test results, the long term efficiency of the reactive 
medium is strictly dependent on the groundwater chemistry, 
contaminant concentration, and flow velocity. Therefore, the 
long term behaviour of the reactive medium, especially in terms 
of hydraulic conductivity, cannot be predicted through 
accelerated column tests carried out by using higher 
contaminant concentrations or flow velocities with respect to 
the in situ conditions. In pluricontaminant solutions it was 
observed that i) the removal efficiency of copper is unaffected 
by the presence of the other metals, ii) zinc removal 
significantly decreases from single metal solutions to three-
contaminant solutions and iii) nickel removal increases in three 
of the four experiments carried out with the three contaminants 
solutions. Therefore contaminants seem to be removed not by 
individual reactions but during a complex processes of 
interaction with other contaminants. 
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ABSTRACT: Shallow geothermal systems are being increasingly employed as an efficient and ecologic way to provide
heating/cooling to buildings. While standard borehole heat exchangers in the last decades have been the subject of extensive research, 
there still is a certain need for improved design criteria dedicated to energy piles, which are bound to behave differently due to their 
different aspect ratio and double (mechanical and thermal) function. In this work an innovative, three-dimensional modelling 
approach is presented, aimed at accurately capturing the main aspects of convective and diffusive transient heat transfer with special 
focus on energy piles and other geothermal structures. The numerical model is implemented based on a commercial finite element 
software, complemented by creating dedicated user subroutines to properly account for the presence of heat exchanger pipes. The 
capabilities of the proposed modelling approach are demonstrated (i) by reproducing both fluid and concrete temperature 
measurements during a thermal response test carried out on a test pile in London clay; and (ii) by comparing its predictive capabilities 
with those of a simplified steady-state analytical solution. The model’s applications to improve the design of ground heat exchanger 
systems are finally described. 

 

KEYWORDS: foundation piles, geothermal energy, numerical modelling, energy efficiency. 
 

 
1 INTRODUCTION 

Ground source heat pump systems, consisting of a series of 
ground heat exchangers forming a primary circuit and a 
building heating system forming the secondary circuit, have 
been developed in the last decades as an efficient and ecologic 
way to provide heating/cooling to buildings, exploiting the 
soil’s natural capability to maintain a constant temperature (at 
any depth below about 8-10 m) throughout the year. Traditional 
borehole heat exchangers (BHEs), constituted by U-pipes 
embedded in small diameter boreholes extending to several tens 
of meters of depth in the ground, have long been the subject of 
extensive studies (e.g. Spitler, 2005), both experimental and 
theoretical/numerical, aimed at improving their efficiency. More 
recently geothermal plied foundations, also known as energy 
piles (EPs), have been proposed as a convenient alternative to 
BHEs, as they remove the requirement to make expensive 
special purpose excavations. Furthermore, their comparatively 
larger diameter means they can be expected to have a greater 
energy capacity per drilled metre. In addition, the double 
function (mechanical and thermal, i.e. transmitting the building 
loads to the ground whilst controlling settlements, and serving 
as a means of heat exchange) of EPs demands particular 
attention to thermo-mechanical couplings in the design of safe 
and efficient systems. 

As EPs are only now becoming common in Europe, the bulk 
of EP design still tends to be carried out using methods 
developed for borehole ground heat exchangers, based on the 
analytical infinite linear heat source solution (Carlslaw and 
Jaeger, 1959). Even if mechanical couplings are ignored, 
important differences exist between the two types of geothermal 
systems. For example, EPs typically have a different aspect 
ratio (they are much less slender) than BHEs, hence the infinite 
linear source scheme becomes a rather strong assumption for 
EPs. Further, large diameter EPs take much longer than BHEs 
to reach steady–state, so that different tools are needed to 

account for their early thermal behaviour. In addition, several 
U-pipes can be accommodated per pile, implying a different 
heat flux behaviour in transversal 2-D planes compared to 
BHEs. Only a few studies (e.g. Amis and Loveridge, 2014) have 
recently focused on the optimization of EP design, mostly using 
(semi) empirical methods. 

In this work, an innovative finite element numerical model is 
described (Section 2), able to accurately capture the different 
aspects of transient heat transfer for EPs and other geothermal 
structures of any shape and configuration installed in fine-
grained saturated, or dry, soils. The model is then validated 
(Section 3) against both field data and by comparison with a 
closed-form solution. Applications of the proposed model in 
improving the design of EPs are finally discussed in Section 4. 

2 MODEL DESCRIPTION 

The model hereby proposed aims at capturing the main features 
of the heat transfer phenomenon taking place in geothermal 
applications, namely (i) convective heat transfer between the 
fluid and the exchanger pipe wall, (ii) thermal conduction 
within the grout/concrete and (iii) thermal conduction in the 
ground. Since the effect of convection due to flowing 
groundwater is not considered here, the model is realistically 
applicable only to cases of EPs installed in low-permeability or 
dry soils. 

Convection is modelled via the following simplified 
equation: 

pfmc T h T     (1) 

where m  the mass flow rate, pfc the fluid’s specific heat 

capacity, T the temperature gradient within the fluid, h the 
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convective heat transfer coefficient and T the temperature 
difference between the solid interface (pipe wall) and the fluid. 
Eq. (1) was obtained by assuming that (i) friction heat 
dissipated by viscous shear is negligible, (ii) transient 
convection is negligible, and (iii) conductive heat transfer in the 
fluid along the flow direction can be neglectd compared to the 
radial heat transfer between the fluid and the pipe wall. 

Heat transfer through the pipe wall, concrete/grout and the 
ground is governed by standard transient heat conduction: 

 s ps sc T T      (2) 

where s , psc  and s  are respectively the density, specific 

heat capacity and thermal conductivity of the considered solid 
material. 

The above outlined transient heat convection-diffusion 
problem was solved by resorting to the finite element method. 
The model was implemented following a similar procedure to 
that outlined by Choi et al. (2011), employing software 
ABAQUS to integrate 3D transient conduction through the 
solids (Eq. (2)), complemented by writing ad-hoc user 
subroutines to model the convective heat transfer at the 
fluid/solid interface and the temperature changes in the fluid 
along the pipe (Eq. (1)). 

To minimise computational time, yet controlling the element 
aspect ratio and node spacing at key locations to warrant 
accuracy of heat exchange calculations, the 3D FE mesh was 
created via manual input in an axisymmetric fashion, consisting 
of 6-node linear triangular prism and 8-node linear brick 
diffusive heat transfer elements (Figure 1). The spacing of the 
nodes representing the ground was progressively increased 
towards the outer boundary, while the mesh was refined in the 
exchanger pipe and surrounding pile areas. The size of the 
domain was chosen by numerical experimentation to be much 
larger than the area actually affected by heat transfer, for the 
time range explored in this study. 
 

 
Figure 1. Mesh of the numerical model, with sample temperature 
contour lines relevant to a 5-day TRT heating phase simulation. 

3 MODEL VALIDATION 

The proposed 3D model was first tested by reproducing the 
outcomes of a multi-stage thermal response test (TRT) carried 
out in London on a 300mm diameter, 27m length test pile 
(Loveridge et al. 2014). The pile was equipped with a single U-
loop and was installed through water-saturated London Clay. 
The fluid flow rate, inlet and outlet temperature, and concrete 
temperature at regularly spaced points along the pile, were 
measured throughout the test. The test comprised different 
stages where a heat injection test (stage 2) and recovery period 
(stage 3) were followed by a heat extraction test (stage 4) and 
recovery period (stage 5). The TRT geometry was reproduced in 
detail in the numerical model, referring to half of the domain for 
symmetry reasons. The physical properties of the materials 
involved were taken, wherever possible, from published data 

(Loveridge et al. 2014, Choi et al. 2011). In Table 1 a complete 
list of parameters adopted is reported. 

As initial condition for our numerical calculations, the 
measured initial ground and fluid temperature of 17.4 °C was 
adopted. As boundary condition, the measured inlet fluid 
temperature history was prescribed throughout the simulation at 
the first node of the U-pipe. 

The outlet fluid temperature history and the concrete and 
ground temperature histories everywhere in the domain were 
simulated, throughout the TRT duration. As an example, the 
predicted outlet fluid temperature for TRT stages 2 and 3, 
compared to the corresponding measured values, are presented 
in Figure 3. It can be observed that the numerical simulation 
effectively reproduce the field measurements for all stages of 
the TRT. 

 
Figure 2. Schematic of test energy pile cross-section (Loveridge et al. 
2014). 
 
Table 1. Parameters adopted in the simulation of London TRT. 

Materials Parameters 

Valu

es Units 

Water/ 

circulating fluid 

Density 1000 Kg/m3 

Kinematic viscosity 
1.00

E-06 
m2/s 

Specific heat capacity 4200 J/(kg K) 

Mass flowrate 0.108 Kg/s 

Thermal conductivity 0.6 W/mK 

Prandtl number 7   

Concrete 

Density 2210 Kg/m3 

Specific heat capacity 1050 J/(kg K) 

Thermal conductivity 2.8 W/mK 

PVC (pipe material) Thermal conductivity 0.385 W/mK 

Soil 

Density 1900 Kg/m3 

Specific heat capacity 1820 J/(kg K) 

Thermal conductivity 2.3 W/mK 

 
To further explore the predictive capacity of the numerical 
model, simulated temperature history data from the concrete 
area were also extracted at selected points along the pile, for 
direct comparison with available vibrating wire strain gauge 
(VWSG) temperature measurements taken during the TRT. In 
fact, couples of VWSG sensors had been placed at four depth 
locations, immersed in the concrete and positioned in a 
symmetric fashion with respect to the pile axis (at a distance 
r=30 mm from the pile centre). A comparison of simulated 
versus measured concrete temperature at the sample location of 
13.8m of depth, during test stage 4, is shown in Figure 4. It can 
be observed that also in this case, numerical predictions can 
adequately reproduce field measurements. 

As an additional validation step, the performance of the 3D 
numerical model was compared to calculations obtained using 
the line heat source analytical solution (Carlslaw and Jaeger, 
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1959), which assumes an infinite linear heat source of constant 
power per unit depth q in steady-state conditions. 
 

 
Figure 3. Comparison between measured (dashed line) and simulated 
(solid line) outlet fluid temperature history, for stages 2 and 3 of 
London TRT test. 

 
Figure 4. Comparison between simulated (solid line) and measured 
(dashed line) temperature history in the pile concrete at 13.8m depth. 
 
The numerical code was modified to accommodate the 
simplifications of the analytical approach, (i) by adjusting the 
inlet fluid temperature boundary condition (a synthetic inlet 
temperature history was dynamically generated to keep q=85.9 
W/m, corresponding to the actual average power applied during 
stage 2 of the TRT); (ii) by setting the same values of density, 
thermal conductivity and specific heat capacity in the numerical 
code for both concrete and the ground; (iii) by computing at any 
given radial distance r from the pile axis the average 
temperature both around the circumference and along the depth 
of the domain. 

 
Figure 5. Comparison between average numerical simulations (lines) 
and analytical calculations (markers) for the ground temperature change 
at radial distances of r=15 cm and r=30 cm from pile axis. 
 
As an example, in Figure 5 the simulated ground temperature vs 
time (in log scale) at r=0.3 m (corresponding to the pile wall) 
and r=0.45 m (corresponding to the ground) is reported for both 
the numerical and analytical models. Good agreement between 

the two types of curves can be observed at both locations. It can 
be inferred that the two types of simulations are most similar in 
the early-mid range of time, while they tend to diverge at both 
very early and late times. This is probably due to the inability of 
the analytical solution to capture on the one hand initial 
transient effects, on the other hand three-dimensional effects, 
causing some underestimation of the initial temperature change 
and overestimation of the long-term temperature change. 

4 APPLICATIONS TO DESIGN OF GEOTHERMAL 
SYSTEMS 

The 3D numerical model presented above was shown to provide 
realistic interpretation of the key aspects related to heat transfer 
in EPs. While the significant computational expense (some tens 
of minutes to a few hours with an ordinary laptop) makes the 
model unsuitable for quick practical design, it can be fruitfully 
employed to investigate the design aspects that are generally 
disregarded by standard analyses. 

First, the model can be employed to aid thermal parameter 
estimation during TRT tests. Usually, the temperature change of 
the fluid during heat injection is used to calculate soil’s thermal 
properties resorting to the line source analytical model or to 
empirical methods (e.g. Loveridge et al. 2014). This typically 
leads to determining the two main parameters used for routine 
geothermal design, namely soil’s thermal conductivity and 
steady-state thermal resistance. While the former can be 
obtained by calibrating our model to match field measurements, 
the latter does not feature among our parameters, as it derives 
from the steady-state approximation. Further insight can be 
gained using the 3D model on the role of transient heat transfer 
in the EP performance, which is expected to depend on the 
pile’s geometry and thermal properties that are usually 
disregarded in standard design. The larger EP’s diameter, the 
more significant is expected to be the role of concrete 
properties. The numerical model can be thus used to estimate 
both soil’s and concrete’s thermal properties, to aid developing 
empirical design tools that can more accurately account for 
transient conduction effects and 3D effects due to the length of 
pipe circuit and to pipe interactions. 

Moreover, our model can be employed to carry out 
parametric analyses to produce practical recommendations 
aimed at improving EP design; identifying, among design 
factors that can be easily engineered, the most important ones to 
enhance energy efficiency, yet complying with geotechnical 
design. As an example, In Figure 6 temperature contours on two 
pile cross-sections are shown, for a 0.5 m diameter pile (a) and a 
1 m diameter pile (b), each equipped with three U-loops 
installed in series. The contours were obtained, for both 
configurations, at the same time instant during a heat injection 
simulation with constant input temperature. For the smaller 
diameter pile, quicker heating of the pile core occurs possibly 
leading to quicker pipe-to-pipe heat transfer, leading to smaller 
energy efficiency. This suggests that for a given number of U-
loops installed, larger diameter piles are more effective, as they 
achieve a larger overall exchanged energy between the fluid and 
the soil per unit time. 

In addition, the numerical model can be easily employed to 
assess thermo-mechanical interactions, i.e. to explore any 
effects of the induced temperature variations in the pile’s 
mechanical behaviour. As an example, in the frame of linear 
elasticity, the effect of differential thermal dilation between 
concrete and soil, possibly inducing significant increase of axial 
load in the pile, can be readily assessed for single EPs or pile 
groups. Further, an appropriate thermo-mechanical elasto-
plastic constitutive law can be implemented via dedicated user-
subroutines, to assess any irreversible differential deformations 
occurring upon temperature cycling, that may lead to changes in 
the pile’s settlements and bearing capacity. 
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It is finally worth remarking that despite the focus of this 
work being on EPs, the above presented numerical model is 
extremely flexible and can be promptly applied, upon 
modifying the mesh and the material properties, to the study of 
diverse geothermal systems, such as diaphragm walls and tunnel 
linings (e.g. see Brandl, 2006). 

5 CONCLUSION 

In this article, an innovative modelling approach for ground heat 
exchangers is presented with emphasis on energy piles, which 
have been less extensively studied in the literature compared to 
traditional borehole heat exchangers. The model aims at 
capturing the main features of heat transfer in geothermal 
systems, namely convective transfer in the fluid and conductive 
transfer in the concrete/grout and soil. The 3D numerical 
implementation is based on the finite element software 
ABAQUS, complemented by ad-hoc written user subroutines to 
adequately account for the presence of heat exchanger pipes. 

The 3D numerical model was employed to reproduce the 
outcome of a thermal response test carried out in London Clay, 
both in terms of fluid temperature change and in terms of 
temperature profile within the pile concrete. In both cases, 
comparison with field measurements demonstrated the model’s 
good predictive capabilities. Further, the model’s outcome in 
terms of predicted temperature history in the ground was 
compared to calculations obtained using the steady-state line 
heat source analytical solution, showing a good level of 
agreement in the most significant time range. 

After the necessary validation steps, the proposed model can 
be used to gain further insight into thermal and thermo-
mechanical aspects of geothermal systems, leading to improved 
design criteria. The main applications include (i) improved 
estimation of thermal properties during thermal response tests, 
(ii) identification of the most important design parameters in 
enhancing energy efficiency, (iii) assessing thermo-mechanical 
couplings that could interfere with the structural/geotechnical 
behaviour of the system. 
 

 
Figure 6. Temperature contours on a 0.5 m diameter pile (a) and a 1 m 
diameter pile (b) with three U-loops installed in series, at the same time 
instant during a simulation with constant input temperature. 
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The effect of freeze-thaw action on the mechanical properties of the active Bahlui 
clay stabilized with lime and/or cement 

Anca Hotineanu 
“Gheorghe Asachi” Technical University of Iași, Faculty of Civil Engineering and Building Services 

ABSTRACT: It is common knowledge that freeze-thaw action can cause degradations directly to the road surface course or via
phenomena that take place at the basis of a flexible road structure. From the geotechnical point of view, these degradations can be the 
consequences of the freeze-thaw effects on the parameters of the soils that form the subbase or the subgrade of the road structure. 
These soils may have common or special behavior, the latter including active clays as well. The use of such soils in a road structure 
may be possible if, on a particular way, their durability is priorly ensured when subjected to freeze-thaw action (repeated freeze-thaw 
cycles), and if a certain resistance to ice lenses formation is achieved. Practice has proven that such solution is chemical stabilization 
of active clays with mineral binders. In the paper, the behavior of Bahlui active clay (where the predominant minerals are smectites) is 
comparatively analyzed for its use in road construction, when stabilized with quicklime and/or cement and subjected to freeze-thaw 
action (in order to have a comparison between the results regarding the activity reduction as well as strength and durability increases).

KEYWORDS: active clay, lime stabilization, cement stabilization, lime and cement stabilization, freeze-thaw action. 
 

 
1 INTRODUCTION 

In some regions, the weathering conditions (like freeze-thaw 
cycles) influence the mechanical properties of soils with effects 
on durability of earthworks such as enbamkments and road 
infrastructures. Freeze-thaw damages in the form of road course 
cracking and spalling (Aldaood et al. 2014, Yarbasi et al. 2007) 
are a result of ice lens formation during the cold season and thus 
frost heave and also because of thaw weakening during spring 
(Andersland and Ladanyi 2003). As a consequence of these 
damages, the freeze-thaw action effect becomes a concern 
regarding the structure stability and durability which can be 
improved through chemical stabilization with mineral binders 
such as lime, cement, fly ash etc. (Ingles and Metcalf 1972).  

Lime stabilization is known to take place based on short-
term reactions (lime hydration in the case of quicklime, cation 
exchange and flocculation) and a long-term reaction 
(pozzolanic), the formers being responsible for plasticity 
decreases and the latter being the prerequisite of higher 
strengths and improved durability (Al-Mukhtar et al. 2010, Bell 
1996, Yildiz and Soganci 2012). Cement stabilization is also 
based on two types of reactions: the short-term one - cement 
hydration and the long term pozzolanic reaction (Yildiz and 
Soganci 2012). Calcium silicates and aluminates resulted from 
the interaction between clay minerals and lime form, in a new 
alkaline environment, the bonds between particles (Bell 1996, 
Yildiz and Soganci 2012). In the case of cement, however, the 
pozzolanic reaction is independent of the clay mineralogy 
(Yildiz and Soganci 2012), the calcium silicates and aluminates 
resulting only from the cement hydration, yet in a lower amount 
than in the case of lime-active soil interaction (McKeen 1976), 
this leading to the necessity of larger cement amounts (and thus 
uneconomical). 

Thus, reactive minerals such as smectites require a large 
amount of calcium ions freed by the stabilization agent, a more 
suitable treatment being lime-stabilization instead of cement-
stabilization; a pre-treatment with a minimum quantity of lime 
before cement addition would also ensure the necessary alkaline 
environment (according to Eades and Grim, 1966 – a pH of 
min. 12.4) for a proper stabilization, in order to obtain 

satisfactory mechanical properties and improved durability (Al-
Rawas and Goosen 2006). 

The durability of the natural and stabilized materials is 
altered when these are subjected to freeze-thaw cycles (Liu et 
al. 2010), their indicators of mechanical properties (unconfined 
compressive strength, CBR ratio etc.) tending to decrease as the 
number of cycles increases (Hotineanu et al. 2012, Kamei et al. 
2012, Yildiz and Soganci 2012, Wang et al. 2007). Compared to 
untreated materials, however, the durability of the stabilized 
ones is considerably higher (Liu et al. 2010). 

Bahlui clay (active, smectitic clay – Hotineanu et al. 2014) 
which is used in this study is frequently subjected to freeze-
thaw cycles when placed above 0°C isotherm. Firstly, the soil is 
to be stabilized in order to inhibit its active behavior and 
improve its workability and mechanical characteristics. It is 
afterwards necessary to analyze its behavior under freeze-thaw 
action in order to use it in road construction. The research 
objectives of this paper aim to conclude which stabilization 
agent is more suitable for the treatment of this type of soil (by 
analyzing the physical, swelling and compressibility 
characteristics) and to what extent the stabilization influences 
the durability (through a series of repeated freeze-thaw cycles 
on the stabilized soil followed by unconfined compression 
tests). 

1 MATERIALS AND METHODS 

1.1 Materials and sample preparation 

The soil used in the study is the highly plastic Bahlui clay - AB 
(active clay with predominant montmorillonitic content – 
Hotineanu et al. 2014) found along the Bahlui River, Iaşi, 
Romania. According to the Unified Soil Classification System 
(USCS), this soil can be classified as fat clay (CH). The 
quicklime (L) used for stabilization contains 95% CaO and the 
Portland cement (C) is one with a high initial resistance but a 
reduced heat of hydration (that favors a better compaction of the 
mixture) and frost susceptibility, CEM II/A-LL 42.5R. 
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The oven dried soil was crushed and mixed with the binder 
in dry conditions until the color of the mixture became uniform 
and then water was added. The mixing was done manually and 
after 1h mellowing time in a plastic bag it was passed through a 
2 mm sieve and then statically compacted. After the compaction 
the samples were wrapped in plastic foil (in order to prevent 
moisture loss) and set to cure at 20-22°C. The samples were 
prepared at a 15.6 g/cm3 maximum dry density and 24.8% 
optimum water content. After pH measurements (Eades and 
Grim 1966 method) it was established that a minimum of 2.5% 
lime will change the pH of the soil to 12.35 and by adding 5% 
lime the pH will be 12.4, so the latter value was chosen for 
workability improvements as well as providing higher strengths 
in the case of quicklime stabilization only. Other values of 
added binder were chosen to be 7.5% and 10%. In the case of 
cement stabilization, the same binder percentages were used. 
Regarding the LC stabilization, a pretreatment with 2.5% L was 
made then 2.5%, 5% and 7.5% C, respectively was added. The 
amount of binder was reported to the dry soil mass. 

The mixtures were compacted at 1 mm/min in stainless steel 
cylindrical molds of 40 mm diameter and 80 mm height for 
freeze-thaw and unconfined compression tests and of 71.4 mm 
diameter and 20 mm height for compressibility and swelling 
tests. In order to complete the experimental program, 2 
samples/binder percentages/curing time/number of freeze-thaw 
cycles were made resulting a total of 190 samples for UCS 
determination, respectively. Compressibility characteristics and 
swelling pressure were determined using the data resulted from 
the oedometric test, using 2 samples/binder percentages/curing 
time – a total number of 38 samples. 

1.2 Experimental methods 

The texture modifications due to stabilization were observed 
through the grain size distribution (C2µ) and workability (PI) 
changes – ASTM D421-85(2007) and ASTM D4318-10e1. The 
unconfined compressive strength – UCS (ASTM D2166-00 and 
ASTM 5102-09) on the natural and stabilized samples and 
subjected to repeated freeze-thaw cycles was obtained using a 
triaxial apparatus, the load being applied at 0.5 mm/min 
velocity. The effect of freeze-thaw (FT) action (ASTM D560-
03) was studied in a climatic chamber for 0, 1, 2, 5 and 10 FT 
cycles (1 cycle being a succession of 3 time intervals: the first 
24h at -23°C, the second was 1h pass from the freezing 
temperature to the 21°C thawing one and the last - 23h at 
thawing temperature). During the cycled freeze-thaw test, the 
samples were kept wrapped in plastic in order to simulate a 
closed system. Swelling pressures (ps) were measured according 
to ASTM 4546-08, Method A and the compressibility 
characteristics (oedometer modulus Eoed and coefficient of 
compressibility av for 200÷300 kPa pressure range) were 
calculated based on the oedometer test results (ASTM D2435-
11). The swelling, compressibility and unconfined compression 
tests were conducted on samples in natural state and stabilized 
with different binder percentages, cured during different periods 
of time (7 and 28 days). 

2 RESULTS AND DISCUSSION 

1.3 Grain size distribution and Atterberg consistency limits 

In Table 1 the values of the colloidal clay content, liquid limit 
(LL), plastic limit (PL) and plasticity index (PI), respectively, 
are presented for the untreated soil in comparison with those 
resulted for all types of mixtures studied in this experimental 
program. As it can be noticed, Bahlui clay has high clay content 
and plasticity characteristics, enclosing it in the CH (fat clays) 
category. As different percentages of binder are added (L, C or 
LC), a decrease of its colloidal fraction (as increasing of the 

sand fraction) and a modification of its plastic behavior is 
observed, the PI decreasing down to even 28.5% from the initial 
value and the C2µ down to 5.6% from its initial value. A 
consequence of these modifications is a decreasing trend 
regarding the clay activity until its annulment, as it can be seen 
in the graphic representations of the swelling potential of 
Casagrande (Figure 1) and van der Merwe (Figure 2).  
Table 1.Colloidal clay content and Atterberg consistency limits  

Material C2µ [%] LL [%] PL [%] PI [%] 

ABnat 67.3 69.6 24 45.6 

AB 5% L 8.4 50.3 35.8 14.5 

AB 7.5% L 7.6 50.1 35 15.1 

AB 10% L 5.2 49.7 36.7 13 

AB 5% C 9.6 61.6 27.1 34.5 

AB 7.5% C 5.4 59.5 29.7 31.8 

AB 10% C 5.1 56.3 30.3 26 

AB 5% LC 8.7 51.6 33.1 18.5 

AB 7.5% LC 7 50.1 33.2 16.9 

AB 10% LC 3.8 49.2 34.6 14.6 
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Figure 1. The modification of the swelling potential of the stabilized AB 
according to Casagrande. 
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Figure 2. The modification of the swelling potential of the stabilized AB 
according to. Van der Merwe. 

As presented in the figures above, Casagrande’s criterion is 
more restrictive than van der Merwe’s one, the L and LC 
stabilized AB changing from the high swelling potential 
category to medium. This is not the case of cement treated soil 
that remains in the high activity area. On the other hand, 
considering the van den Merwe’s characterization, all stabilized 
samples of Bahlui clay changes from very high (untreated soil) 
to low swelling potential. Disregarding Casagrande’s 
characterization chart and observing only the high decreases of 
plasticity and colloidal content, it can be said that the 
stabilization (whatever binder was used) is successful from the 
swelling potential reduction point of view. 
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1.4 Swelling pressure and compressibility characteristics 

As a consequence of the textural changes of AB after 
stabilization, the swelling pressures of the new materials are 
analyzed in comparison to the initial one of the untreated soil. 
Figure 3 shows the results obtained regarding the modification 
of the swelling pressure by binder content and curing time. The 
swelling pressure values of the lime-stabilized clay confirm the 
theory of Eades and Grim 1966 which states that with the 
increasing percentage of lime the swelling pressure decreases. 
The less effective treatment from this point of view can be 
noticed in the case of cement only and the more effective one in 
the case of lime when the material is 28 days cured (when ps 
becomes 0).  
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Figure 3. The influence of binder content on the selling pressure. 

After testing the samples in the oedoemetric cell, for the 
200÷300 kPa pressure range, the coefficient of compressibility 
– av and the oedometric modulus – Eoed were calculated. In its 
natural state, Bahlui clay developed an av200÷300=0.00031 kPa-1 
and an Eoed200÷300=5302 kPa, corresponding to highly 
compressible plastic clays. After stabilization, the values of 
these indicators increased significantly, reaching: in the case of 
lime stabilization: av200÷300= (4÷6)10-5 kPa-1 and Eoed200÷300= 
(27816÷42373) kPa; in the case of cement stabilization: 
av200÷300= (4.13÷4.42)·10-5 kPa-1 and Eoed200÷300= (38535÷47058) 
kPa; in the case of lime and cement stabilization: av200÷300= 
(3.8÷4.125)·10-5 kPa-1 and Eoed200÷300= (38461÷40404) kPa. The 
values obtained after testing the stabilized materials indicate 
that, in terms of compressibility, the materials have no longer 
the behavior of plastic clays but the equivalent of medium dense 
sands of low compressibility. 

1.5 Unconfined compressive strength 

The variation of the binder content and freeze-thaw cycles has 
important effects on the unconfined compressive strength 
(UCS). The natural Bahlui clay develops an initial UCS of 
134.8 kPa; when subjected to freeze-thaw action it decreases as 
the number of freeze-thaw cycles increases (reaching, at the end 
of the 10th cycle, a value of 30 kPa). 

From Figures 4 and 5, the detrimental influence of the 
freeze-thaw action on the pozzolanic reaction can be observed. 
The strength gains of the stabilized soil depend on the curing 
conditions (time and temperature), the freezing temperature 
inhibiting this reaction and the thawing one reactivating it.  

The UCS is significantly increased by extending the curing 
time and using higher binder percentage, showing that lime 
and/or cement addition improves the mechanical properties of 
the clayey soil. The highest UCS improvements are observed in 
the case of lime-clay mixtures; after 28 days of curing, the UCS 
reaches values up to 5.3 times higher (for 10% added lime) than 
the initial one. The lowest UCS values for 28 days cured and 
10% added binder samples were recorded after testing the 
cement treated ones, its values being only 3.7 times higher than 
the initial one. These strength gains are attributed to the 
pozzolanic reaction which leads to the formation of cementation 
bonds between particles. After subjecting the samples to 
uniaxial compression, it was also observed their brittle failure, 

the cracks developing vertically (compared to the plastic failure 
of the untreated soil). 

When subjected to freeze-thaw cycles, the untreated soil 
UCS decreases progressively until it reaches a value 4.6 times 
lower (30 kPa) than the initial one (134.8 kPa). This strength 
reduction proves that ice lenses were created, dispersing the 
particles and forming micro-cracks, hence leading to a weaker 
material. 

A similar behavior is observed in the case of the treated 
samples but only during the first 2-3 cycles when the UCS 
decreases. After these first freeze-thaw cycles the UCS of the 
treated samples increases again. This trend can be observed in 
all mixtures (active soil/Bahlui clay stabilized with lime, cement 
or lime-cement) and it proves the fact that the pozzolanic 
reaction was not completed, at first being inhibited by frost and 
afterwards being resumed during thaw (when the cementation 
bonds are strengthened). 
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Figure 4. The influence of the number of freeze-thaw cycles on the UCS 
variation of the 7 days cured samples. 
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Figure 5. The influence of the number of freeze-thaw cycles on the UCS 
variation of the 28 days cured samples. 

In order to highlight the effects of freeze-thaw cycling on the 
durability of the mixtures, according to the number of freeze-
thaw cycles, a stabilization rate/indicator of durability- ID (see 
Eq. 1) was defined. The ID values were obtained by dividing 
the value of UCS for a certain mixture to the UCS 
corresponding to the untreated/natural soil sample, UCSs/UCSn, 
calculated for each step in the analysis of durability/number of 
freeze-thaw cycles (i). The evolution of ID was represented in 
Figure 6 and Figure 7. 

i
i

i

UCSs
ID

UCSn
            (1) 

Analyzing the graphic representations of ID, one can notice 
that lime-addition induces (compared to the cement or lime-
cement addition) the highest values of this indicator; this makes 
it, therefore, the most efficient solution to chemically stabilize 
an active clay (and, implicitly, Bahlui clay) in order to obtain a 
much more resistant and durable material compared to the 
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natural one and to avoid the degradations formation on road 
surface course at the same time. 
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Figure 6. The influence of freeze-thaw cycles on the ID values for the 7 
days cured samples. 
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Figure 7. The influence of freeze-thaw cycles on the ID values for the 
28 days cured samples. 

3 CONCLUSIONS 

In this paper, the effect of lime and/or cement addition to the 
montmorillonitic Bahlui clay during the freeze-thaw action on 
its mechanical properties was studied. The following 
conclusions can be drawn based on the experimental program: 

(1) The colloidal content in the clayey soil decreased 
significantly after adding binders to Bahlui clay. The material 
was transformed from highly plastic fat clay in the equivalent of 
a sandy soil. As well as the grain size distribution, the plasticity 
properties changed, significantly in the case of L- and LC-
stabilization, less in the case of C-stabilization. These higher 
improvements of the L- and LC-stabilized soil are due to the 
first stage of the treatment (cationic exchange and flocculation 
in the presence of calcium ions), whereas in the case of cement 
stabilization there is no ion exchange but only cement-water 
interaction. 

(2) Based on empirical characterization (Casagrande’s and 
van der Merwe’s), Bahlui clay changed from the very active 
soils group to the medium or low activity one. This statement is 
sustained by the decreased values of the swelling pressure 
obtained in the laboratory, the most effective treatment with 
respect to this matter being the lime addition. 

(3) As well as in the case of swelling pressure losses through 
stabilization, the improved texture and workability improve as 
well the compressibility properties, the natural material being a 
highly compressible plastic clay. After treatment, the results 
indicate that the new materials are the equivalent of medium 
dense sands of low compressibility. 

(4) Chemical stabilization improves the UCS of Bahlui clay 
(AB), leading to values up to 5.3 times higher than in the case 
of the untreated AB. This value is reached when AB was 

stabilized with 10% L and set to cure for 28 days. Lower values 
are obtained in the case LC stabilized mixtures but not as low as 
in the case of C stabilization only. 

(5) Freeze-thaw action affects the strength of the stabilized 
samples only during the first 2-3 cycles, compared to the natural 
samples, in which case the UCS decreases almost linearly. This 
is indicating the pozzolanic reaction interruption during frost 
and also the early curing time. Better behavior is expected at 
longer curing periods. 

(6) All types of mixtures are proven to be effective in terms 
of durability when comparing the UCS results of the stabilized 
samples with the ones obtained after testing the untreated AB. 
The indicator of durability ID proves that lime induces the 
highest values in terms of strength and durability. The second 
most effective mixture is the LC one. 

On the basis of these conclusions, one can deduct that L-
stabilization is the most effective when treating Bahlui clay. 
Being a montmorillonitic soil (and thus reactive) it interacts on 
a higher level with lime due to cationic exchange, leading to 
lower activity, almost no swelling pressure and higher strengths. 
The chemical composition of the soil seems to inhibit cement 
stabilization, resulting in lower strengths and higher plasticity 
than in the case of the other two types of mixtures. 

The same lime-stabilization effectiveness is proven in terms 
of durability, leading to the general conclusion that the local soil 
mixed with quicklime will make a more bearing and durable 
material when used as foundation soil, construction materials 
for road infrastructure layers or embankments. 
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ABSTRACT: A new research and development project has been recently launched in Spain to undertake some studies on the 
geothermal use of pile foundations (PITERM PROJECT). The experiment, consists of a specifically designed, constructed and fully 
monitored geothermal precast pile driven at Valencia University Campus. The pile is under two types of loading: mechanical and 
thermal. The mechanical load has been applied by means of a mechanical frame anchored to the ground, as element of reaction; the 
three anchors are being used to induce an active compressive force. 

The thermal load will be provided by a reversible heat pump, with a data logger to record the outflow and return temperatures. A
borehole located at 0.5 m of the test pile will allow measuring the temperature depth-distribution in the adjacent soil mass with 
thermocouples. 

The testing set is fully instrumented in order to register the response of the pile to mechanical and thermal load changes:
extensometers and fiber optic sensors to measure vertical strain and temperature distribution through the test pile and the variations in 
the shaft resistance mobilized as a result of cooling and heating 

 

KEYWORDS: shallow geothermal energy, pile foundations.). 
 

 
1 INTRODUCTION 

Energy piles are foundations with double usefulness, to support 
the loads of the building and to serve as a heat exchanger with 
the ground. These elements are equipped with a system of pipes 
installed within concrete structures, with a heat carrier fluid that 
circulates through it, that can extract heat from the ground to 
satisfy the need for heat during the winter and can reject excess 
heat during the summer. If the groundwater flow is large 
enough that will provide a thermal regeneration of the ground 
and a natural thermal recharge occur.  

This technology has already been used all over Europe but is 
necessary to understand how the thermal and mechanical load 
affects the mechanical properties of the pile and the surrounding 
soil. 

The purpose of the trial was to apply a mechanical and a 
thermal load. The mechanical load was applied by means of a 
mechanical frame anchored to the ground, as element of 
reaction, the three anchors being used to induce an active 
compressive force. The thermal load was provided by a 
reversible heat pump, with a data logger to record the outflow 
and return temperatures. 

 

2 SOIL-STRUCTURE INTERACTION 

When a pile under working load is heated or cooled, a complex 
behaviour is imposed upon the pile that varies with ground 
conditions and different degrees of end restraint. The heating of 
a pile induce expansion while cooling induces contraction 
leading to displacements of the pile butt, changes in foundation 
side friction, or mechanical distress in the concrete. The total 
strain due to mechanical and thermal loads is:  

 

εT = εm+εth (1)  

Where εm is the strain due to a mechanical load and εth is the 
strain due to the thermal loads  

If the pile is unrestrained, the change in temperature induces 
a uniform free strain (Peron, Knellwolf, & Laloui, 2011):  

εth,f = α·ΔT  (2) 

where α is the coefficient of thermal expansion of the pile. In 
general case a part of the pile is constraint by the surrounding 
soil and the structure. If the pile constraint a blocked strain 
caused by a temperature difference is finally produced:  

εth,o = n·α·ΔT (3)  

where is the ratio of this two vertical strains, the degree of 
freedom of the structure (Bochon 1992,Laloui, 2011):  

n = εth,c/ εth,f  (4) 

The degree of freedom is theorically zero when the pile is 
completely blocked and one when the pile is completely free to 
move. Normally n ranges from 0-1.  

The difference between the free and constaint stress brings a 
vertical support reaction, balanced by a proportional increased 
in the vertical stress in the pile:  

σ=-Epile · (εth,f-εth,c) (5) 

The negative sign corresponds to compression. This additional 
stress depends on each layer of the soil, leading a mobilization 



Proceedings of the 23rd European Young Geotechnical Engineers Conference, Barcelona 2014 

94 

of the side friction at the pile-soil interface during cooling and 
heating 

3 EXPERIMENTAL TEST IN SPAIN 

A research and development project in energy piles is taking 
place in Spain (PITERM PROJECT).The purpose of this 
experiment is to improve the knowledge and understanding the 
effects of cooling and heating on precast piles under mechanical 
loads in terms of mechanical, geotechnical and thermal actions. 

3.1 Pile design and construction 

The trial is taking place in Valencia with a geothermal precast 
square hollow pile with polyethylene tubes installed vertically 
in a pipe located in the center of the pile with a double U-
shaped configuration to permit the passage of the heat carrying 
fluid. The test pile was made of two pieces with a length of 8,70 
m each connected by a joint , a total of 17 m pile is used with 35 
cm in square section. The working load of the pile is 1893 kN. 
The nominal diameter of the hollow is 12, 2 cm, the material 
used for the manufacture of the pipe that was placed inside the 
pile is steel (Illustration 2). The pile was made with reinforced 
concrete with characteristic resistance (fck) of 50N/mm2, The 
Young modulus of the concrete is 31314, 27 N/mm2 (E=8500· 
(fck) 1/3). 

The pile was fully instrumented before it was concreting in 
the pile factory. The instrumentation chosen for the response of 
the pile to mechanical and thermal load changes consist in 
Vibrating Wire Extensometers (VWSG) at seven levels in 
reinforcement bars (rebars) diametrically opposed over 17 m 
length of pile with thermistors. The aim is to measure vertical 
strain, temperature and shaft resistance each 2 meters. 

To compare with the conventional instrumentation it has 
been used Optical Fiber Sensors (OFS) that will measure 
temperature and vertical strain each 2 meters along the length of 
the pile. There is a large variety of fiber optic sensors for 
monitoring, for this test it is used Fiber Bragg-Grating sensor, 
with a single cable, it is possible to measure strain and 
temperature at different locations in the cable.2 loops has been 
used to measure at the same time in rebars diametrically 
opposed. 
 
Table 1. Instrumentation Installed 

Test element Control instruments 

Test pile 
4 mechanical transducers for vertical 

pile head displacements 

(external)    
4 electronical (LVDT) transducers 
for vertical pile head displacements 

 
2 mechanical transducers for horizontal 

pile head displacements 

 
2 electronical (LVDT) transducers for 

horizontal pile head displacements 

1 LVDT to loading frame 

Load cell 

Test pile 
VWSG at seven levels in rebars 

diametrically opposed over 17 m length of 
pile 

(internal) OFS cables, 2 loops for strain and 
temperature 

measurement at the same time 
placed each loop diametrically opposed  

Anchors 
VWSG in each anchor to 

measure strain and temperature 

Adjacent 
Borehole 

Thermistor array at six levels over 16 m 

The table 1 summarizes the instrumentation installed to monitor 
the pile behavior during the thermal and mechanical loads. 

 

 

 
Figure 1.Soil profile and instrumentation details  

3.2 Test site location 

Ground conditions relevant to the foundation design are typical 
for Valencia: A superficial fill layer of sand gravel (1m thick), a 
second layer of stiff clay (1 m thick), at 2 m depth there is a 
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layer of organic soft black clay (6 m thick), below it there are 9 
m of gravel and sand, with an interlayer of 1 m of clay and 
gravel at 14 m depth. The pile works as an end bearing pile. 

3.3 Pile driving 

The pile was driven into the soil the 27th of June, 2012 in 
Valencia.  

In order to obtain ground information throughout the piling 
process, a Pile-Penetrometer Test was performed through 
monitoring the number of blows necessary to drive the pile 20 
cm into the ground. This way, the Pile-Penetrometer Test 
becomes a powerful ground investigation technique, providing a 
certain index equivalent to NSPT value, connected with the 
ground resistance during installation 

Figure 2 shows the profile of the ground resistance to 
penetration during the driving process of the pile. 

With the aim of monitoring the drive system performance 
and driving stresses, during the pile installation, a High Strain 
Dynamic Test was performed by means of a Pile Driving 
Analyzer® (PDA). 

3.4 Static load test 

The Static Load Test (SLT) is the most definitive method of 
determining load capacity of a pile. It involves the direct 
measurement of pile head displacement in the response to a 
physically applied test load. It is the most fundamental form of 
pile load test and is considered as the bench-mark of pile 
performance.  
 

 
Figure 2. Ground resistance to penetration during the driving process of 
the pile 
 

 
 
Figure 3. Mechanical loading scheme 

A Static Load test was undertaken between the 15th and the 16th 

of January of 2013, in the load range 100kN to 1000 kN, prior 
to the thermal and mechanical trial.  

The mechanical load is applied by means of a mechanical 
frame anchored to the ground (Figure 3), as element of reaction, 
and three anchors used to induce an active compressive force 
with a hydraulic jack of 100 tons. A calibrated load cell 
measures the real load throughout the test. 
The performance of the Static Load Test follows the load cycles 
shown in the Figure 4 

During the Static Load Test, direct measurements of pile 
vertical and horizontal displacements /strains under the applied 
loading are taken by reading deflectometers (analog dial 
gauges), electronic transducers (LVDT’s), Optical fiber sensors 
(OFS), Vibrating wire strain gages (VWSG). On the other hand, 
temperature is recorded by means of OFS and thermistors 

3.5 Thermal characterization of the pile 

The thermal characterization was carry out with a thermal 
response test. This is a mobile laboratory formed by a reversible 
heat pump, a tank, a three-way valve for regulating the 
temperature of the injected water, a flow meter and various 
temperatures probes 

The system contains two cycles of water flow:  
 The primary cycle, which contains the heat exchanger pipes 

installed in the pile and the primary circulation pump.  
 The secondary, which contains the heat pump, storage tank, 

control valve and the secondary circulation pump.  
 

 
 
Figure 4. Load cycles defined in the SLT 
 
The primary cycle is responsible for maintaining a constant 
power supply to the experimental pile, maintaining a constant 
temperature difference between inlet and outlet of the pipe 
installed in the pile in order to activate it thermally. For this 
purpose the secondary circuit supplied water heated or cooled 
by the heat pump.  

The characterization of the experimental pile will was 
carried out 9 days by introducing different power levels to the 
pile (700, 1000 and 1400W) checking the temperature 
variations of the inlet and outlet pipes in order to obtain a curve 
evolution of temperature over time. The main target of this 
thermal test was to determine the power that will be used during 
the consequent trials (W/m). After this test, the temperature 
profile was recorded to assure that reaches the thermal 
equilibrium again. 

3.6 Thermal loads without and with mechanical load 

This stage is meant to show the thermo-mechanical behavior of 
the pile under usual working loads, simulating its use within a 
geothermal installation. With this view, cooling was injected to 
the pile, for a period of 15 days. After 5 days to let the ground 
stabilize again, heat was injected to the pile, for a period of 15 
days.  
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This thermal series were repeated without and with 
mechanical load. Throughout the trials, all the geotechnical 
parameters were registered, apart from temperatures, power and 
flow, to check the possible differences in the thermal and 
geotechnical behavior of the pile. 

4 CONCLUSIONS 

Heat exchangers piles offer a good opportunity for the use of 
sustainable energy for heating and cooling buildings; with this 
project it will be possible to know the effects of the mechanical 
behavior of the pile. 

The main target with this project is to understand the 
mechanism of thermal soil-structure interaction, with an in situ 
experiment that will help to analyzed the behavior of thermo-
active foundations. 

The Piterm Project will finish in June2014.This project will 
help to better understand the thermo-mechanical behaviour of a 
precast thermal pile under mechanical and thermal loads. With 
the results it should be possible to develop a numerical analysis 
basis to take into account the thermal loads in the geotechnical 
design of thermal piles. 
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ABSTRACT: Climate change has a significant impact on cryogenic regions. The predictions of an additional severe rise in mean
global temperatures in the coming decades are expected to be critical for cryogenic Alpine systems. Rock glaciers and degrading 
permafrost on steep Alpine slopes are particularly susceptible to thawing massive ground ice, which may lead to initiation of
landslides and instabilities due to accelerated and differential motions. In extreme cases, various forms of hazards to human life and 
infrastructure are to be expected. Several rock glaciers in the Turtmann valley (Switzerland) are exhibiting accelerating creep 
displacements of the order of metres per year. A multidisciplinary research project was started in 2010 to improve the knowledge of 
the internal interactions within such a degrading rock glacier. Despite complicated measuring conditions, seven pressuremeter tests 
were completed in two new boreholes, either as load-unload-reload cycles to determine stiffness, or as creep tests to determine creep 
rates at different radial pressures. The measured creep deformations can be used to calibrate simple time-dependent constitutive 
models, e.g. Kelvin-Voigt or Maxwell models, which can be implemented into a finite element analysis. 

 

 

KEYWORDS: pressuremeter, permafrost, rock glacier, creep, stiffness, limit pressure 
 

 
1 INTRODUCTION 

1.1 Motivation 

Several studies showed that climate change has a considerable 
influence on the alpine cryospheric regions, and especially on 
the creep behaviour of rock glaciers (Roer et al. 2008 and Kääb 
et al. 2007). Clear signs of accelerated creep deformation could 
be found on rock glaciers in the Turtmann Valley, Canton 
Valais, Switzerland. Roer et al. (2005b) showed that the rock 
glacier below the Furggwanghorn (622'911.2 / 115'877.0, 
CH1903) has exhibited a rapid increase in creep movement 
during the past decade. High resolution aerial images, surface 
and single point surveying allowed quantification of the change 
in movements during recent years. Roer et al. (2005a) and 
Buchli et al. (2013) determined local movements on the surface 
of the rock glacier of several metres per year. The creep 
behaviour is based on complex interactions between thermo-
hydro-mechanical influences and processes. Quantifying these 
parameters is technically sophisticated because of the large and 
fast movements of the frozen soil, and the difficult climate 
conditions at that altitude. 

1.2 Site specification 

The rock glacier is located on the west side of the 
Furggwanghorn peak and lies between 2755 and 2910 mASL. 
The available soil and rock debris consists to a great extent of 
large angular stones and blocks, which were eroded from the 
mountains around the rock glacier. The presence of fine grained 
material suggests a high weathering rate caused by large daily 
temperature differences at that altitude, and the significant 
influence of water, in the form of rain and also as snow. Figure 
1 shows the typical variation of the grain size of the material on 
the surface of the Furggwanghorn rock glacier. Areas with large 
blocks, up to several metres (right figure) alternate with zones 

of fine grained soil, as silt and a small amount of clay, mixed 
with stones up to 10 cm diameter (left figure). Similar particle 
size distributions could also be found while drilling the first five 
boreholes on the rock glacier in 2010 (Buchli et al., 2013).  
 

Figure 1. Area with fine grain material with only few blocks (left side). 
Representative rock glacier surface, with large stones and blocks (right 
side). Fine grained material has been washed out into deeper zones.  

The inhomogeneous structure and the variability of the soil, 
as found on the Furggwanghorn rock glacier, makes it difficult 
to select suitable parameters to represent the deformation 
response of this rock glacier. On the one hand, it is demanding 
to extract poorly disturbed samples for laboratory tests, on the 
other hand, it is even more difficult to determine the soil 
parameters for a representative area, which can be extrapolated 
to a larger region. Pressuremeter tests allow the ground to be 
investigated to obtain stress-strain-time relationships, without 
destroying the soil structure to a great extent.  

In addition, the measured stiffness represents not only a 
cylinder of around 10 cm height and 5 cm diameter, as used for 
laboratory tests, but shows an averaged value over an annulus 
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with an inner diameter of circa 10 cm in diameter and 70 cm 
length. The measured results can show a large variation due to 
the heterogeneous ground conditions and some disturbance 
around the wall of the borehole due to the drilling method.  

Following the successful applications of pressuremeter 
testing on the Murtél Corvatsch rock glacier (Arenson et al., 
2003), it was planned to conduct a range of monotonic load and 
creep tests in boreholes (F6 / F7). These could be used later to 
install thermistor chains to measure the ground temperature at 
different depths and in place inclinometers to determine the 
creep movements along two vertical axes.  

2 METHOD 

Two additional boreholes (F6 and F7) were drilled in early 
autumn 2011 on the Furggwanghorn rock glacier down to 30 m 
and 31 m depth respectively. F6 was drilled using destructive 
percussion methods, while coarse material was sampled in 
borehole F7. The borehole profiles of F6 and F7 are given in 
Figure 2. The top 3 to 4 m are covered with large blocks and 
casing was required to stabilise the borehole walls, which were 
then more or less stable. 

Figure 2. Borehole profiles and hydrological conditions in boreholes 
F6 / F7. The horizontal black lines show the positions and numbers of 
the pressuremeter tests. 
 

A 95 mm diameter High Pressure Dilatometer (95 HPD) was 
used to measure the soil parameters within the two boreholes, 
which required an internal borehole diameter of 101 mm 
(Figure 3). Maximal 3 mm annular spacing should be 
maintained around the pressuremeter so that the instrument 
fitted well within the borehole wall.  

Difficulties drilling precise boreholes with only small 
changes in diameter over the pressuremeter length of 2 m were 
expected, based on the information obtained from previous 
boreholes in the same rock glacier. Nevertheless, the wall 
roughness made it more complicated to place the instrument at 
the right depth. In such cases, the borehole was expanded with a 
larger drill hammer. 

Drill hammers with a diameter of 97 mm and 101 mm 
respectively were used when the pressuremeter was to be 
installed afterwards. It became apparent that 101 mm was not 
sufficient in most cases. The creep behaviour on the borehole 
wall was often so large, that the reserve of the diameter 
disappeared during the time between pulling out the drilling rig 
and installing the pressuremeter. 

The central part of the apparatus was covered with a rubber 
membrane. Pressure has been applied inside the instrument 
during the test and the membrane expanded und pressed against 
the borehole wall. The radial displacement of the inside 

boundary of the membrane is measured at six equally 
distributed locations around the centre of the pressuremeter. 

Figure 3. Preparation of the pressuremeter before carrying out the next 
tests. The rubber membrane was protected here with longitudinal thin 
steel strips, to prevent damage during the test. The housing was glued 
together because of the calibration of the instrument. 

 
Five pressuremeter tests were carried out at different depths 

in borehole F6 and two in borehole F7. The test procedures 
were adapted in the light of the circumstances (Cambridge 
Insitu, 2011) during the drilling progress. Figure 4 shows a 
typical test result (F6 test 3) which is representative for the 
other tests carried out in the field campaign. An increasing 
pressure was applied to the instrument to inflate the rubber to 
the original borehole diameter. The radial pressure increases 
rapidly once the protective strips have contact with the borehole 
wall. This is the point at which the pressure is nominally equal 
to the original horizontal pressure in the ground at that depth 
(po). A constant stress was then held at around p = 426 kPa, to 
determine the creep behaviour of the mixture of soil and ice at 
that depth. Each creep phase was followed by one unload / 
reload cycle. Five constant stress phases (in this case of several 
minutes) were carried out in test 3 in borehole F6. After 
increasing to a radial pressure of more than 3000 kPa, the 
pressure was lowered relatively fast to about 500 kPa before 
reloading again to 1200 kPa, followed by a complete unload.  

Figure 4. Test example, Pressuremeter test 3 in borehole F6 on the 
Furggwanghorn rock glacier. The specific points are marked with 
arrows. 
 

The pressure and the movements were continuously 
monitored by strain gauged transducers contained within the 
instruments. The data recording interval was 10 s. The test 
durations were between around 26 min and 6.5 hours. 

3 THEORY 

A cylindrical membrane is expanded while the pressure-radial 
deformation displacement (p-r) response is recorded. The 
length to diameter ratio of the expanding section is long enough 
for end effects to be ignored so the surrounding material sees 
only plane strain deformation. A schematic sketch of the 
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borehole expansion is given in Figure 5. p0 corresponds to the 
lateral initial stress at the borehole wall before drilling and 
reduces to zero when the boring tool is removed. The reduction 
of lateral pressure at the wall is combined with lateral 
movements in the direction of the borehole axis. 

Figure 5. Schematic sketch of borehole deformation caused by applying 
pressure p on the cylindrical borehole wall.  
 

The observed pressure-radial deformation trend (the ‘field’ 
curve) allows the underlying shear stress/shear strain response 
to be derived. If the shape of the response is assumed (i.e linear 
elastic/perfectly plastic) then closed form solutions ( Gibson & 
Anderson, 1961, Hughes et al., 1977) allow the boundary  
problem to be solved. Alternatively, numerical solutions 
(Palmer, 1972, Manassero, 1989) use the local slope of the field 
curve to obtain the current shear stress without assuming 
anything about the shape of the stress/strain relationship. This 
allows more complex descriptions of the ground response to be 
derived such as the degradation of stiffness with strain. 

A large number of soil parameters can be obtained from a 
range of pressuremeter tests. A selection of the measured 
parameters is listed below. 
p0: horizontal insitu pressure on the borehole wall, by 

observation and from the modified Marsland & 
Randolph procedure. 

pyield: observed yield stress (a product of the modified 
Marsland & Randolph procedure) 

′: is the peak angle of internal friction derived from the 
analysis of Hughes et al. (1977) 

′:  is the peak angle of dilation corresponding to the peak 
angle of internal friction described above 

Gi: is initial shear modulus or yield modulus, taken directly 
from the slope of the initial part of the loading curve 
(but affected by disturbance issues) 

Gur: is the shear modulus obtained by taking the slope of the 
chord bisecting a cycle of unloading and reloading. This 
can only be true shear modulus if the material response 
is linear elastic. If the response is hysteretic then the 
Bolton & Whittle (1999) method can be used to obtain 
the degradation of stiffness with strain. 

Once a set of parameters are obtained then these can be 
optimised in a curve fitting routine that tries to match the whole 
field curve with a calculated response. A modified form of the 
analysis due to Carter et al. (1986) has been applied to these 
tests and this allows a parameter such as drained cohesion (c´) 
to be inferred even though it is not measured directly.  

4 RESULTS 

Figure 6 shows the test procedure of all seven pressuremeter 
tests in a pressure-time diagram. In total, three tests were carried 
out over more than 3.5 hours, while four test took less than 2 
hours. All tests included constant stress periods for a maximum 
of 60 minutes. The periods of constant pressure, followed by 
one unload / reload cycle, are clearly visible. A maximum stress 
was applied in test 6 at 30.5 m depth. The minimum stress of 
only 500 kPa was applied in test 1 in borehole F7.  
 
 

Figure 6. Test procedure of all the pressuremeter tests, as a function of 
the time.  
 

The measured strains in all 7 tests are given in Figure 7, as a 
function of the applied pressure on the y-axis. The strains are 
calculated based on the original size of the drilled borehole 
diameter. The graphs show that strong creep behaviour can only 
be detected for the two long time tests in borehole F6 (test 1 and 
test 2) which took place in the upper 18 m of the borehole. It 
can be seen that the creep strain is rising with a higher applied 
radial pressure, and for longer constant stress periods. The creep 
response is more significant. Short time tests and tests below 
18 m contain minimal or hardly recognizable creep behaviour.  

Figure 7. Stress-cavity strain diagram for the seven tests. 
 

Test 1 of borehole F7 behaves extraordinarily weakly in 
terms of the deformation and of the stiffness (figure 7). It is 
supposed that soil around the borehole consists mainly of 
blocky material with significant unfilled pore volume. It must 
be presumed that the pressuremeter was displacing loose 
material, instead of compacted soil. Similar weak zones were 
also found during the drilling of the previous borehole (Buchli 
et al., 2013). The deeper test in this borehole shows a much 
stiffer response.  

Figure 8. Initial lateral stress p0 and pyield as a function of the depths 
where the tests has been carried out.  

 
Figure 8 contains the lateral insitu shear stress p0 (presented 

as diamond) in the borehole at the depths of the pressuremeter 
tests. The value p0 is an estimation of the total stress when insitu 
conditions have been restored in the borehole. The triangles 
correspond to the yield stresses pyield for the seven tests. The 
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estimation of pyield is based on the modified Marsland & 
Randolph procedure (1977). It is obvious, that the values p0 and 
pyield rise linearly with depth, as expected from classical stress 
theory. The gradient is -0.025 for p0 and -0.012 for pyield. The 
maximal yield stress was reached in borehole F6 in a depth of 
29 m.  

Stiffness parameters are important values that can be 
determined in pressuremeter tests as a function of stress history 
and stress path. Figure 9 shows the different secant shear 
modulus G for the seven tests, as a function of the axial strain. 
All shear parameters, with the exception of test 1 (borehole F7), 
decrease as a function of the axial strain and G varies by a 
factor of 5 over the measured range of strain. 

Figure 9. Secant shear modulus as a function of the axial strain, given 
for all seven tests.  

5 CONCLUSION 

It can be seen that the results of the seven tests show a large 
variability of the stiffness and the creep behaviour. The 
measured results need to be discussed by taking the following 
points into account.  

5.1 Available time for the creep test 

The time consuming drilling progress of the two boreholes 
made it impossible to increase the periods of constant stress. 
Longer periods of constant stress would be desirable to improve 
the creep tests. Nevertheless, useful creep results could be 
measured with the available time.  

5.2 Inhomogeneity of the ground 

As mentioned in the beginning, the ground is extremely 
heterogeneous, not only along the surface but also with depth in 
the borehole. Large differences can be seen in the strain-stress 
curves. Nonetheless, the values obtained lead to definition of 
parameters for this rock glacier. It is important not to interpret 
these values as exact soil parameters, but they can be used to 
give a range of the possible parameters in the ground.  

5.3 Temperature in the borehole 

It was expected that the ground temperature was raised around 
an annular area in the borehole due to the heat produced during 
the drilling of the boreholes. It is obvious that rise of 
temperature in the ice / soil-mixture has had a significant 
influence on the creep behaviour of the material. Long waiting 
periods are needed to restore the conditions to the same as 
before. Subsequent temperature measurements in the same 
borehole showed that a time of about two weeks would be 
necessary to reduce the temperature to the original level. It was 
not possible to wait that long because the pressuremeter tests 
and the drilling progress were coupled, and also the creep rate 
of the soil. The borehole would be deformed within a few hours 

so that it would be impossible to install the pressuremeter. 
Because of the higher temperature, it is an assumption that the 
creep rate was overestimated in contrast to the original 
conditions. 

5.4 Oversize of the borehole diameter 

An important point concerns the smoothness of the borehole 
wall. As previously mentioned, it was difficult to drill the test 
pockets to a regular diameter. Nevertheless, the surface 
roughness did not seem to spoil the tests. Once contact is made 
with the cavity wall the measured displacements result in 
relatively smooth curves free of outliers. 
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ABSTRACT: The offshore wind energy sector is growing rapidly in northern Europe. The size of the wind parks is increasing and the 
turbines are getting larger. Bigger turbines require higher knowledge of the seabed to determine the optimum location to place the
towers. Moreover, the Geological 3D model deduced from combining geophysical and geotechnical data is also used to provide 
information with the required level of detail to optimize the foundation design and minimize the cost- risk parameters in the 
installation of the turbines. The 3D model created takes into consideration geophysical overview maps, geotechnical ground truthing 
and interpreted parameters from site investigations. This paper presents the example of the geological model of Westermost Rough 
Wind Farm development together with the added value provided by integrating geostatistics which has helped to understand the 
existing geological conditions. The process of defining different soil unit layers and assigning preliminary interpreted soil properties 
will also be discussed as well as the assessment of uncertainties. Finally, the benefits of creating a 3D Geological model will be 
discussed. 

 

KEYWORDS: Offshore wind, geological model, geotechnical parameters. 
 

 
1. INTRODUCTION 

 
The energy demands are growing worldwide, greenhouse gasses 
which are sometimes related with classic sources of energy, are 
causing global warming, and the scientific community agrees on 
the threat that poses for the future of human kind. In Europe the 
amount of energy generated from renewable sources increased 
impressively in the last decade. At the moment, the most 
competitive sources are wind and solar energy. Wind power is 
expected to grow rapidly in the following years both onshore 
and offshore. 

Offshore wind is developing strongly in northern Europe; 
in 2013, 418 new wind turbines have been erected 34% more 
than the previous year (EWEA, 2014). The size of new 
developments, which encompasses areas with sediment not so 
optimum as the first locations and the design of bigger wind 
turbines require a higher level of seabed knowledge, as well as 
more than one solution for the foundation design within the 
same site. Figure 1 presents the most common foundations 
types: Mono piles are the preferred foundation solution; 
according to the statistics (EWEA, 2014) 79% of the 
foundations are mono piles. 

 
Figure 1, Foundation types, from left to right: deep jacket, jacket, mono 
pile and gravity based foundation. (Ramboll A/S, 2012). 

Surveys and site investigations are the first steps of the project 
after the environmental and metocean studies. The geoscientific 
approach constitutes an essential part of the projection order to 
design the most cost effective foundation. Figure 2 shows the 
sequence of main elements during site investigations.

Figure 2: Sequence of the main geoscience tasks required in offshore 
wind projects. 

During the first phase the geophysical surveys and 
preliminary (around 10±5%) geotechnical investigations are 
undertaken. The second phase or detailed geotechnical 
investigations includes the rest of the geotechnical 
investigations (90%) and the traditional and advanced 
laboratory testing.  

The results of integrating all these results are a 3D 
geological model which provides detailed information of the 
area, allowing: 

- Study the optimization of turbine layout, if required. 
- First approach to cable routing. 
- Support the design and optimization.  
- Support any activity involving the jack up vessel 

(installation of the turbines, etc).  
Westermost Rough Geotechnical model is used as an 

example to highlight the importance of the integration of the 
geosciences (geophysics, geotechnics, to create the geology, 
with the support of geostatistics) in accomplishing an optimized 
design. 
 
2. GEOPHYSICAL SURVEYS  

 
The geophysical surveys for offshore wind farms are used to 

establish sea floor bathymetry, sea bed features, sub sea 
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layering and detect the existance of ferromagnetic objects on the 
seabed or sub surface. (BVG Associates , 2009).  

The techniques used consist of bathymetry mapping, with 
multi beam echo sounder to study the water depth. Sea floor 
mapping with side scan sonar to study the seabed surface in 
terms of existing geology, morphology but also to locate 
wrecks, significant rocks, cables or any other item which might 
represent a risk for the development of the project. 
Ferromagnetic items on the seabed or in the subsurface are 
detected using magnetometer. Acoustic seismic is used to 
establish the stratigraphy. This technique uses an acoustic 
source to send sound waves into the seabed, the waves penetrate 
the soil and are partially reflected when the acoustic impedance 
between layers differs. Processing the data received, it is 
possible to generate a seismic cross section where the major 
stratigraphic changes between different materials can be 
detected. The combined information from geophysical surveys 
is used to plan and design the geotechnical surveys. 

They are undertaken early at the beginning of the 
development process. The processed data from the surveys is 
used to plan the site layout and produce charts and GIS maps. 
Information from the magnetometer test can be used to identify 
unexploded ordnances, typically bombs from the World War II.  

 
3. GEOTECHNICAL INVESTIGATIONS 

 
Geotechnical investigations are usually conducted following the 
geophysical surveys. Using the information obtained, the 
geotechnical campaign is planned to investigate areas where the 
soil changes or specific sea floor uncertainties have been 
detected. The scope of the geotechnical investigations depends 
from one project to another but it is driven mainly by the type of 
foundation and the soil variability.  

The preliminary geological report is used for selecting the 
exploratory methods. Typical investigations comprise borehole 
logs between 50-70m depth, Cone Penetration Tests (CPT) and 
Cone Penetration Testing with Pore Pressure measurements 
(CPTU) to investigate physical characteristics of the sea bed.  

 The layout of the wind farm is used to plan and perform the 
CPTU, the most accurate recognized in-situ testing method for 
indirect strength measurements.   

The boreholes locations are selected to cover sensible areas 
of the wind farm to facilitate the study of the soils stratigraphy. 
A number of samples are collected for laboratory testing; which 
includes both offshore and/or onshore laboratory work.  

Advanced geotechnical testing onshore is done to identify 
all relevant soil parameters needed to design of the foundations. 
Shear strength and deformation properties are measured using 
direct simple shear (DSS), Triaxial, Oedometer, vane testing.  
Besides classification tests are done as well. 

Reports for offshore geotechnical investigations in some 
cases recommend a minimum number of advanced tests (British 
(BVG Associates , 2009)); other such as the German Authorities 
(Hydrographie, 2008) require a minimum amount of testing. 
The report must comply with the relevant standard which will 
depend on the location of the planned farm.   

 
4. 3D GEOLOGICAL MODEL  
 
The resultant data from the geotechnical investigations is 
combined with results from the geophysical survey, to create a 
3D geological model. The geological model is created prior to 
the foundation design.  

Adecuate geotechnical models not only ensure an optimized 
foundation design,  but help identifying any ground hazards for 
the offshore projects as well. Geological descriptions and 
geotechnical design parameters from the entire site are always 
included in the models.  

The 3D model is established as result of a complete 
integration and correlation between the interpretation of 

geophysical (seismic and bathymetric) data obtained during the 
geophysical survey and the geotechnical, geological data 
obtained during the ground investigation. 

One of the key steps when producing a 3D geological model 
is the seismic data correction. The seismic data is obtained in 
terms of sound velocity while geotechnical investigations are 
work with meters beneath the seabed. The integration of seismic 
is done by experience geophysists which select wave velocities 
to establish the depth of the different soil units, identified using 
boreholes and CPT’s. 

The main stratigraphy is correlated using CPT’s readings and 
seismic data; a close dialogue is required between geotechnical 
engineers and geophysists to ensure the identification of the 
main soil units. 

Geotechnical soil parameters are assigned to the defined soil 
units. Statistics is incorporated to estimate these soil parameters. 

 
5. CREATING A 3D MODEL: WESTERMOST ROUGH  
 
The Westermost Rough Offshore Wind Farm situated off the 
East coast of the United Kingdom and covering an area of 
approximately 35 km2 includes 39 planned wind turbine 
positions and one substation. 
 
5.1 Site investigations 

 
Site investigations were divided in two phases, geophysical 
survey and geotechnical investigations. The first comprised 145 
survey lines (bathymetric survey, magnetometer and seismic). 

The latest comprised 39 CPT’s and 17 Boreholes. 
Laboratory tests were performed both offshore and onshore. 
Adequate number of simple and advanced geotechnical tests 
within each formation was scheduled;  

Table 1 summarizes the relevant onshore laboratory 
testing. The laboratory results were used to correlate data from 
field test results in order to derive appropriate and reliable mass 
strength and stiffness properties of site soils. 

 

Table 1: Summary of relevant onshore tests (Ramboll A/S and Dong 
Energy A/S, 2012).   

5.2 Geological Formations 
 
Based on the geotechnical, geological and geophysical data 
from the 2011/2012 ground investigations, the following 
quaternary geological units were recognized within the area: 

- Holocene deposits (HLCN). 
- Channel Infill deposits (CHF)–fine and coarse grained units. 
- Bolders Bank Formation – Upper (BSBK_U). 
- Bolders Bank Formation – Middle (BSBK_M). 
- Bolders Bank Formation – Lower (BSBK_L). 
- Rough Formation (ROUGH).  
- Swarte Bank Formation (SWBK). 
- Westermost Rough Chalk Formation (WMR).  

The Quaternary formations on site comprised several units 
consisting of diamicts. The depositional environment was 
identified as subglacial tills. The Holocene unit was described 
as sand, silty sand, sandy gravels from a marine transgression. 

 

Laboratory testing, onshore 1 

Soil classification  

- Moisture content. 
- Total saturated unit weight from bulk 

density.   
- Liquid and plastic limits 
- Particle size distribution 

Soil compressibility  OED IL, OED CRS 
Soil effective stress  CIUc, CIDc, CAUc, CAUe, DS 
Soil total stress  UU, DSS 
Chemical tests Carbonate content, Organic content 
1

Number of tests is not presented due to confidentiality reasons. 

Laboratory testing, onshore 1 

Soil classification  

- Moisture content. 
- Total saturated unit weight from bulk 

density.   
- Liquid and plastic limits 
- Particle size distribution 

Soil compressibility  OED IL, OED CRS 
Soil effective stress  CIUc, CIDc, CAUc, CAUe, DS 
Soil total stress  UU, DSS 
Chemical tests Carbonate content, Organic content 
1

Number of tests is not presented due to confidentiality reasons. 
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5.3 Geological Correlations 
 

The soil layers identification was based on geological 
descriptions from recovered soil samples as well as geophysical 
interpretations from surveys. Figure 3 presents a seismic cross 
section with interpreted soil units. 

The formations were also identified by in-situ CPT’s 
testing. CPT measures three parameters: cone tip resistance (qc), 
sleeve friction (fs) and pore pressure readings (u). These 
parameters are then used to identify the different soil types and 
the stratigraphy encountered at each turbine position. CPT’s are 
the central test to create an integrated interpretation of the soil 
types in order to define the main units in the geological model.  

Figure 4 presents a Robertson Campanella chart used to 
classify the soils using cone resistance qt, and friction ratio Rf. 
The friction ratio and cone resistance are defined in accordance 
with the following equations, (Lunne, 1997):  

 
Rf =fs /qc             (1) 
 

qt = qc + (1-α)u2 + u0         (2) 
 

 is the ratio of the area of the cone shaft to the area of the 
cone face. 

Detailed analysis of the geological units was done using the 
CPT, identification of thinner levels in each soil unit was used 
to add sub-layers which refined the geotechnical parameters 
available for the final design. 

Figure 3: Seismic cross section with two CPT tests (Rf and Qc). 
Interpreted soil units for position C06. 

 
5.4  Challenges  
 

The 3D model was a long process in this project due to the 
site complexity. Ensuring the correct stratigraphy depths was 
challenging due to the amount of soil units and the structural 
geology of the soil, with deep channels cutting the Bolders 
Bank Formation.  

The geotechnical investigations showed precise soil units 
interfaces. The Robertson Campanella plot, see Figure 3Figure 4, 
shows clearly the area where the Holocene deposits, the coarse 
grained deposits, the Swarte Bank Formation and the fine 
grained till formations are found and identified. Figure 3 shows 
a large scatter of measurements, overlapping each other in the 
clay till formations. Nevertheless these units were identified and 
separated using the geophysical interpretations.  

The identification of the main soil units using the 
geophysical survey was complex, the channels and number of 
formations created difficulties when trying to point the correct 
stratigraphy depths. Two main problems were encountered:  
- Transforming the data from the seismic survey measured in 

time and sound speed to depth is always a difficult operation 
which needs to be done by experienced geophysist; to ensure 
the correct average wave velocity is used to find the correct 
target depth found in the geotechnical investigations.  
- Find the correct reflector to establish the bottom of each soil 
unit is also a complicated process. In this project it was 
especially complex for the boundary between Swarte 

formation and Westermost Rough Chalk Formation. Swarte 
formation is a clay with reworked clay material in the bottom 
of the formation where clay with Chalk inclusions is found; 
the Westermost Rough Chalk is a chalk unit. The layer 
boundaries were difficult to identify from the CPT readings, 
only changes in the pore pressures could be used to predict the 
change of the soil unit, due to the reworked clay with chalk 
the seismic data was not showing a clear reflector to define 
the bottom line of the unit.  

Figure 4: Robertson and Campanella chart showing all CPT data and the 
soil units classification of the Quaternary deposits encountered at the 
site (Ramboll A/S and Dong Energy A/S, 2012). 
 
5.5 Estimation of soil parameters 
 
The estimation of the soil parameters was done using laboratory 
results from offshore and onshore tests. The process was 
divided in two phases: evaluation of traditional classification 
tests and advanced laboratory testing to identify geotechnical 
engineering properties (strength and stiffness). The soil 
parameters validated the geological model and provided soil 
parameters.  

The classification tests planned were: unit weight, moisture 
content, Attenberg limits and chemical testing. The results 
derived from traditional testing were presented as main trends, 
with max/min and average values and standard deviation. 
Particle size distribution tests were also conducted; the main 
soils in Westermost Rough are fine grained materials. 

The estimations of soil parameters presented in this article 
are focused in the clay units.  

The classification properties showed that the clay 
formations had very similar geotechnical properties and that 
could be considered as a single merged till clay layer. The 
saturated unit weight showed a typical value for clay formations 
of 21.0 kN/m3 with an average moisture content of 17%. Rough 
formation have an average saturated  unit weight of 21.8 kN/m3 
being the highest and Swarte formation has the lowest average 
saturated unit weight with a value of 21.1 kN/m3. 

According to Casagrande’s Plasticity chart the clay 
formations was classified as low to intermediate plasticity, liquit 
limit (WL) between 30-35 and plasticity indices (Ip) between 
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15.8 to 19.0. Swarte formation is low plasticity clay, Ip= 8.1 and 
Wl=25. 

The advanced laboratory testing is used to obtain sets of 
measured engineering parameters for each soil type. The result 
will be used as a basis for the detailed geotechnical design.  

The advanced testing performed consisted of oedometer tests 
and triaxial testing. Oedoemeter test were used to determine the 
in-situ stresses and stress history. Triaxial tests were used to 
interpret the strength properties and define the stiffness of the 
soil units.  

Both oedometer testing with incremental loading (IL) and 
constant rate of strain (CRS) were applied to determine the 
deformation properties of the clay formations. To remake the 
stress history of the tested soil, the pre-consolidation stress 'pc 

needs to be determined by IL and CRS oedometer tests. The 
pre-consolidation stress was determined using Casagrande’s 
method. The horizontal effective in-situ stress was determined 
as: 

σh0
' =K0σv0

' ,     K0= 1-sinφ' OCRsinφ'
  (3) 

 
The vertical effective in-situ stress σ'v0 was determined based 
on the a effective unit ' = 12.0 kN/m3 assuming a hydrostatic 
pore pressure. φ' is the secant triaxial peak friction angle, OCR 
is σ'pc/σ'v0 and σ'pc is the pre-consolidation stress.  

Figure 5: σ'pc versus qnet for oedometer testing in clay units. 

The OCR results are shown in Figure 5 following comments 
are given to: 

- The dashed line represents 'pc = 0.30·qnet which is the best-
fit linear regression line using oedometer tests.  
The data included (Lunne, 1997) identifies a similar line 
with an average value of 0.30·qnet associated with a range of 
(0.20 to 0.50)·qnet as illustrated. The data from WMR OWF 
site fits well with these observations. 

- It is indicated by Figure 5, that the ratio 'pc/qnet does not 
vary from formation to formation. A scatter in the results is 
seen, but the scatter is almost evenly distributed around the 
average value of 0.30 considering the individual formation. 
The shear strength properties have been measured using two 

types of tests: total stress testing and effective stress testing. 
Total Stress Testing, Direct simple shear testing (DSS) and 
Unconsolidated undrained triaxial compression testing (UU). 
Effective Stress Testing, Isotropically consolidated undrained 
triaxial compression testing (CIUc), Anisotropically 
consolidated undrained triaxial compression testing (CAUc), 
Anisotropically consolidated undrained triaxial extension 
testing (CAUe). 

The undrained shear strengths of the fine grained soils are 
derived from the measured CPT net cone resistance though the 
cone factor, ie: 

 
         (4) 

 

Where qnet is the net cone resistance, cu is the undrained shear 
strength in compression and the Nkt is the cone factor. A total of 
three cone factors will be addressed. Nkt,BE: A best estimate of 
the cone factor, representing a mean value to be used for 
stiffness and accumulated deformation analyses. Nkt,LB: A lower 
bound value estimate of the cone factor to be applied for 
installation analyses. Nkt,UB: A upper bound value estimate of 
the cone factor to be applied for pile holding capacity analyses. 

The stiffness properties are derived from small shear strength 
shear modulus G0 and 50 is defined as the axial strain, where 50 
% of the undrained shear strength is mobilised. The 50 has been 
derived from CIUc, CAUc and UU triaxial tests results. 
These results are not discussed in this article due to the 
complexity of the G0 derivation. 

 
6. CONCLUSION 
 
This paper has presented the integration of multi-disciplinary 
site investigations for offshore wind projects as a tool to  
provide appropriate and precise information required for an 
efficient design and installation of wind turbines using jack-up 
vessels.  

Since offshore wind farms cover broad areas, a detail plan 
of the survey investigations is always needed. The quality of the 
data acquisition and the data processing plays a key role in the 
final design; to ensure it interaction between geophysics and 
geotechnics is crucial.  

Geotechnical investigations with high level of detail, ensure 
reliable results to use for the definition and estimation of soil 
parameters.  

The 3D geological model is established as the result of the 
analysis and integration between the geophysical data model, 
geotechnical borehole data, Cone Penetration Testing (CPT) 
data, and laboratory testing data. 

To acquire a fully integrated 3D geological model, 
workshops between the geophysists, geologists and 
geotechnicians must be facilitated during the working period, in 
which detailed interpretation and scrutiny of data are performed. 
The communication and team working is essential to create a 
complete and useful final 3D model.  

During all the process of design an installation the 3D 
model is used; detail design of foundations, choose the 
substation location, position the cables between turbines and 
substation, leg penetration analysis for jack-up vessels during 
installation of the turbines.  

As seen in this paper the integration of site investigations is 
a tool to support many areas of the design and construction of 
offshore wind farms.   
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ABSTRACT: In this paper, the FE software package PLAXIS 3D Dynamics (2013), in conjunction with Hardening Soil model with 
small-strain stiffness, is used to examine the influence of multidirectional loading on the lateral response of a monopile foundation.
The constitutive model was first calibrated and validated using measured data from centrifuge tests on a monopile in Fontainebleau 
sand documented in the literature. A series of analyses were then carried out where cyclic and static lateral loads were applied to the 
pile for the purpose of investigating multidirectional loading effects on a monopile foundation. Results from the study show that the 
consideration of multidirectional loading significantly influences the pile head load-displacement response but is very much
dependent on the cyclic loading characteristics.  

KEYWORDS: monopile, multidirectional, offshore, lateral, numerical.
 

1 INTRODUCTION 

In the last decade, considerable effort has been made to increase 
the production of renewable energy, particularly offshore wind 
energy. The most common foundation system for offshore wind 
turbines remains the monopile and is suitable for water depths 
of up to 30 metres. Traditional design methodologies for lateral 
loading on monopiles use the method of p-y curves. However, 
this approach is limited to the consideration of pile-soil 
interaction as a series of discrete springs where the stiffnesses 
and ultimate resistances must be derived empirically (Su 2012). 
Furthermore, the applicability of the p-y method for the analysis 
of larger diameter (i.e. greater than 3 m) piles remains 
uncertain. 

With the advancement in computation capability, 3-D finite 
element (FE) analysis is now becoming a feasible option for the 
design of monopiles under environmental loading. Where 
numerical studies on the lateral cyclic behaviour of monopiles 
have been reported, they relate to uniaxial loading in the main. 
However, cyclic loading from wind and waves are not 
necessarily coincident (Byrne and Houlsby, 2003) and there is a 
limited number of studies on the response of monopiles to 
multi-directional cyclic loading. Mayoral et al. (2005) reported 
the results of small-scale model pile tests in clay under a 
number of multi-directional displacement paths. Those authors 
noted that the shape of the p-y curves were significantly 
dependent on both the pile head trajectory and the gap 
developed at the pile-soil interface. This was supported by Su 
(2012) where it was noted that, in general, the lateral resistance 
of the pile for the multidirectional cases was lower than a 
corresponding unidirectional case.  That study was limited to 
monotonic loading, however, and cyclic loading effects were 
not considered.  

In this paper, the FE package PLAXIS 3D (2012) is used to 
examine the influence of multi-directional loading on the lateral 
response of a monopile foundation. The Hardening Soil model 
with small-strain stiffness (HSsmall) has been adopted which is 
capable of capturing hysteresis in cyclic loading. This 
constitutive model was first calibrated and validated using 
measured data from centrifuge tests on a monopile in 
Fontainebleau sand described by Giannakos et al. (2012). A 
series of analyses where cyclic and static lateral loads were then  
applied to the pile for the purpose of investigating 

multidirectional loading effects with implications for 
environmental loading of offshore monopiles. 

2 FE MODELLING PRELIMINARIES 

The centrifuge pile load tests described by Giannakos et al. 
(2012) are modelled in this study. The pile/soil parameters 
referred to in that study serve as default parameters to be varied 
in the present paper. The centrifuge tests were carried out at 
40g; only the parameters relating to the prototype scale are 
referred to herein. Details of the present FE model are 
illustrated in Figure 1. The prototype properties of the pile 
consist of a length, L, of 14.6 m, diameter, D, of 0.72 m, wall 
thickness, t, of 60 mm and a Young’s Modulus, E, equal to 74 
GPa. In this study, a solid cylindrical pile was used with a 
Young’s Modulus of 38 GPa; this was chosen to give an 
equivalent flexural rigidity, EI, of 505 MN m2 to coincide with 
the properties of the pile used in those load tests. Further details 
regarding the tests are provided in Giannakos et al. (2012). 

 
Figure 1. Details of finite element model 

 
The lateral and bottom boundaries of the FE model were 

fixed to simulate the conditions of the centrifuge box. 10-node 
tetrahedral elements were used in the study. Each analysis 
consisted of ~15,000 elements; this was deemed to provide 
sufficient accuracy while also optimizing the computational 
efficiency of this study. In all analyses, the mesh was refined in 
zones of high stresses and plastic deformations near the piles.  



Proceedings of the 23rd European Young Geotechnical Engineers Conference, Barcelona 2014 

108 

2.1 Analysis stages 

The following are the analysis stages employed in this study: 
(i) Initial stress generation by the K0 procedure, a special 

calculation method available in PLAXIS.  
(ii) ‘Wished-in-place’ pile installation reflected by changing 

appropriate elements to a linear elastic material with a 
Young’s modulus of 38 GPa and a Poisson’s ratio, ν, of 
0.15. Interface elements are also included in the model to 
allow for pile-soil slip. In this study the change in stress 
owing to pile installation is omitted. However, the area of 
soil influenced by lateral pile loading is significantly 
greater than the zone of soil that experiences pile 
installation effects (Achmus et al., 2009); therefore, this 
was not considered an unreasonable simplification. 

(iii) Pile loading by placing a lateral dynamic and/or static 
loads on the surface of the pile. Details of the dynamic 
time history input are described later in Section 4. 

(iv) Recording of the pile displacement versus pile load 
relative to the start of loading. 

3 CONSTITUTIVE MODEL 

The Hardening Soil model with small-strain stiffness (HSsmall) 
was used to model the Fontainebleau sand in this paper. The 
HSsmall model implemented in PLAXIS is largely based on the 
original Hardening Soil (HS) model. Details of the HS model 
are available elsewhere e.g. Sheil and McCabe (2013). 

The HSsmall model is an advancement on the HS model in 
that it accounts for small-strain stiffness nonlinearity and 
therefore this model is capable of capturing hysteresis in cyclic 
loading. The HSsmall model employs a form of the well-known 
Hardin and Drnevich (1972) relationship to describe the stress-
strain behaviour of soils at small strains defined as: 

 
  0.70s γ/γa11//GG           (1) 

 
where G0 is the initial (small-strain) shear modulus, Gs is the 
secant shear modulus, γ is the shear strain and γ0.7 is the shear 
strain at which Gs reduces to approximately 0.7G0, 
corresponding to a value of a=0.385 (Santos and Correia, 2001). 

The degradation in small-strain stiffness is cut-off at the 
unloading-reloading shear modulus, Gur, which is defined by the 
unloading-reloading Young’s modulus, Eur, and Poisson’s ratio, 
νur, material parameters (Plaxis bv., 2013). 

4 NUMERICAL SIMULATION OF CENTRIFUGE TESTS 
IN FONTAINEBLEAU SAND 

As mentioned, three different centrifuge pile experiments 
described by Giannakos et al. (2012) are modelled in this study. 
The tests differ by their cyclic loading characteristics; the 
loading sequences for test P32, P344 and P330 are illustrated in 
Figure 2a, 2b and 2c, respectively. Insufficient information on 
Fontainebleau sand was available in the literature to calibrate all 
parameters in the present model; therefore measured data from 
test P32 was used to supplement the measured data for the 
purpose of model calibration. Measured data from tests P344 
and P330 were then used to validate the adopted pile/soil 
parameters. 
 

(a) 

 

(b)

(c)

Figure 2. Loading sequence and FE dynamic input for tests (a) P32 (b) 
P344 and (c) P330 

4.1 Model calibration 

In the HSsmall model, damping is accounted for through 
hysteretic behaviour in cyclic loading. However, the magnitude 
of damping is dependent on the amplitude of the strain cycles 
and at low vibrations may be insignificant. Therefore, additional 
Rayleigh damping is introduced to replicate the damping 
characteristics of real soils (Plaxis bv., 2013). Considering a 3% 
damping on the overall system, Rayleigh damping parameters 
were chosen as Rα=0.343 and Rβ=8.68×10-2 for target 
frequencies of 1 Hz and 10 Hz (Giannakos et al. 2012). 

The adopted HSsmall material parameters are listed in Table 
1. In PLAXIS, the critical state friction angle, φ’cv, is 
automatically computed from input data on the peak friction 
angle, φ’p, and dilatancy angle, ψ; therefore a value of φ’p 
=41.8° was chosen (Giannakos et al., 2012). A value of ψ =11° 
was calculated from the empirical relationship developed by 
Bolton (1986) defined as follows: 

 

 0.8''  cvp
           (2)	

 
Table 1. HSsmall parameters for Fontainebleau sand 

Sat weight density γsat (kN/m3) 16.5 
Unsaturated weight density γunsat (kN/m3) 18.5 

Friction angle, φ’ (° ) 33 
Dilatancy angle, ψ (° ) 8 

Cohesion, c’ (kPa) 1.0 
Coefficient of lateral earth pressure, K 0.5 

Initial (small-strain) shear modulus, G0 (Mpa) 85 
Shear strain corresponding to 0.7G0, γ0.7 4×10-3 

Tangent oedometric stiffness, *E’oed
ref (Mpa) 18 

Secant stiffness in drained triaxial test, E’50
ref (Mpa) 18 

Unloading/reloading stiffness, E’ur
ref (Mpa) 45 

Unloading/reloading Poisson’s ratio, νur 0.2 
Reference pressure for stiffness, pref (kPa) 100 

Power for stress-level dependency of stiffness, m 0.5 
Interface strength reduction factor, Rinter 0.9 

 
A value of 1 kPa was chosen for the soil cohesion, c’, for the 

sake of numerical stability. A value of 80 MPa was chosen for 
G0 corresponding to a reference pressure, p’, of 100 kPa (~1 
atm); these were based on measured values reported by 
Giannakos et al. (2012). A default value of 0.2 was chosen for 
the unloading/reloading Poisson’s ratio, νur. Reference was 
made to the measured shear modulus degradation curves for 
Fontainebleau sand reported by Georgiannou et al. (2008) for 
the selection of γ0.7 = 4×10-3. A value of 0.9 was chosen for 
Rinter at the steel-sand interface (Tiwari et al. 2010). 

The secant shear modulus in triaxial compression, E50
ref, was 

derived by calibrating PLAXIS predictions to the measured 
load-displacement response of test P32 during primary loading. 
Similarly, the unloading/reloading stiffness, Eur

ref, was derived 
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from calibration to the measured unload-reload response of test 
P32. A value of 18 MPa and 45 MPa were chosen for E50

ref and 
Eur

ref, respectively; the fit between the predicted and measured 
load-displacement response is illustrated in Figure 3. It can be 
seen that the HSsmall captures the primary loading response 
very well. In addition, the HSsmall also replicates the hysteresis 
loops during unload-reload cycles relatively well. 

 

 
Figure 3. Comparison between measured and predicted load-

displacement responses for test P32 

4.2 Model validation 

For the purpose of validating the present constitutive model and 
adopted parameters, FE predictions have been compared to 
measured data from both test P344 (one-way loading) and test 
P330 (two-way loading). In Figures 4a and 4b, PLAXIS 
predictions have been compared to the measured load-
displacement response and bending moment distributions, 
respectively, for test P344. From Figure 4a, PLAXIS appears to 
predict the initial load-displacement stiffness very well although 
the total accumulated displacements at the end of the test are 
slightly under-predicted. Bending moment distributions for both 
minimum and maximum loading are depicted in Figure 4b 
where PLAXIS shows good agreement to the field data. 

Similarly, a comparison between FE predictions and 
measured data for the load-displacement response and bending 
moment distributions are presented in Figures 5a and 5b, 
respectively. Although PLAXIS slightly over-predicts the initial 
load-displacement stiffness as shown in Figure 5a, the 
hysteresis loops in cyclic loading are relatively well captured. In 
addition, predictions of the minimum and maximum bending 
moment profiles have again been compared to measured data in 
Figure 5b with good agreement for both load levels. 

 
Figure 4a. Comparison between measured and predicted load-

displacement responses for test P344 

 
Figure 4b. Comparison between measured and predicted bending 

moment distributions for cycle 1 of test P344 

 
Figure 5a. Comparison between measured and predicted load-

displacement responses for test P330 

 
Figure 5b. Comparison between measured and predicted bending 

moment distributions for cycle 1 of test P330 

5 PARAMETRIC STUDY 

5.1 Loading scenarios 

As mentioned, the majority of studies investigating cyclic 
lateral loading of a monopile relate to loading in one plane (i.e. 
unidirectional loading). However, Byrne and Houlsby (2003) 
noted that external pile loads induced by wind and waves are 
not necessarily coincident. The present FE model (shown in 
Figure 1) has been employed to investigate the effects of 
multidirectional loading effects by considering two different 
sets of analyses: (i) unidirectional analyses where only a 
harmonic load was applied to the pile (denoted the x-direction; 
see Figure 6a) and (ii) multidirectional analyses where both 
harmonic and static loads were applied to the pile with incident 
angles of 90° (see Figure 6b).  
 

Figure 6a. Unidirectional 
analysis (no static load)

Figure 6b. Multidirectional 
analysis (with static load)

 
A harmonic frequency of 0.1 Hz is of particular interest in 

the design of offshore monopiles which corresponds to the 
Pierson and Moskowitz (1964) dynamic wave load spectrum for 
North UK Sea locations; this frequency has therefore been 
adopted in this study. In this study, the parameters ζb and ζc 
were used to characterize the harmonic loading and are defined 
as follows (Le Blanc et al., 2010): 
  
ζb = Mmax/Mult            (4a) 
ζc = Mmin/Mmax            (4b)   

where Mmin and Mmax are the minimum and maximum bending 
moments, respectively, and Mult is the bending moment at pile 
failure. The horizontal loads, H, applied to the pile were 
deduced as follows: 

 
H = M/e             (5) 
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where M is the desired bending moment and e is the load 
eccentricity. There is a lack of consensus in the literature on the 
definition for single pile failure under lateral loading; therefore, 
in the present study Mult is defined as the bending moment 
required to generate a normalised pile head rotation, , of 4° 
(more information available in LeBlanc et al. 2010).  

LeBlanc et al. (2010) reported the range 0.3≤ ζb ≤0.5 as 
being of most interest to geotechnical engineers where the upper 
and lower bounds correspond to fatigue and serviceability limit 
state, respectively. The authors adopt ζb =0.3 as the basis for the 
harmonic loading in the present study which is exceeded 107 
times during the lifetime of the wind turbine (Byrne and 
Houlsby, 2003). There is little guidance on typical values of ζc 
for an offshore monopile; the range -1≤ ζc ≤0.5 was therefore 
considered herein, in the interest of completeness.  

For the sake of simplicity, both the harmonic and static loads 
were applied to the pile at the same elevation; the value of e was 
chosen arbitrarily as 0.15L (see Fig. 1), where L is the 
embedment length of the pile. In addition, the magnitude of the 
static load was arbitrarily chosen to equal the maximum 
moment induced by the harmonic loads i.e. Mstatic= Mmax where 
Mstatic is the moment induced by the static load. The 
consideration of a relatively broad parametric study in 
conjunction with long-term cyclic loading is inefficient from a 
computational viewpoint; in light of this, the number of load 
cycles, n, employed in the following analyses was limited to 25. 

5.2 PLAXIS load-displacement results 

In Figure 7, the load-displacement (p-y) response at the pile 
head, in the x-direction (see Figure 6), for both a unidirectional 
analysis (no static load) and multidirectional analysis (with 
static load) has been plotted. Values of ζc of 0.5, 0 and -1 have 
been adopted in Figures 7a, 7b and 7c, respectively. For a value 
of ζc=0.5 in Figure 7a, the multidirectional response appears to 
have a notably lower p-y stiffness in virgin loading. This is 
consistent with the findings of Su (2012) who reported lower p-
y stiffnesses in multi-directional loading. However, it can be 
seen in Figure 7a that the pile head displacements are almost 
identical after 25 cycles. These findings are largely replicated in 
Figure 7b; the multidirectional loading also causes reduced p-y 
stiffness in virgin loading which eventually diminishes with 
cyclic loading. 

In contrast to these findings, for a value of ζc=-1 in Figure 
7c, the multidirectional case causes a consistent increase in the 
p-y stiffness in the x-direction compared to a corresponding 
unidirectional analysis. Therefore, it is clear that the static load 
has a significant influence on the p-y response but is also very 
much dependent on the cyclic loading characteristics. 

  
(a) 

(b) 

(c)

Figure 7. Comparison of unidirectional and multidirectional p-y 
response in the x-direction for (a) ζc=0.5, (b) ζc=0 and (c) ζc=-1 

6 CONCLUSIONS 

In this paper, a 3-D finite element study of multidirectional 
loading of a single pile in Fontainebleau sand has been 
presented. The authors have arrived at the following 
conclusions arising from the study: 

• Results using the present constitutive model showed 
good agreement to measured data of dynamic lateral loading of 
a single pile. 

• The ‘out-of-plane’ static load caused significant changes 
to the load-displacement response of the pile in the direction of 
cyclic loading although the effects were dependent on the cyclic 
loading characteristics thus underlining the limitations 
associated with unidirectional analyses. 
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ABSTRACT: An increase over time in bearing capacity of displacement piles is often found in the field. This phenomenon is called
‘pile set-up’. The increase is predominantly caused by an increase in shaft resistance and is observed in the field even until 1000 days 
after installation. The presented investigation focuses on piles in sand. A proposed tightening of the Dutch design standard for pile 
foundations makes the need to understand this phenomenon relevant. It could be worthwhile to incorporate the phenomenon into the 
design standards. From literature, the shaft resistance seems to increase with the logarithm of time. The results depict a large scatter 
and multiple factors seem to influence the magnitude. This paper presents a study on the possibility of simulating pile set-up in sand 
by means of centrifuge model testing. Conditions of this type of physical models can be controlled and makes them very useful for 
parameter studies. Instrumented model piles were tested several times after installation. Although increases in shaft friction are
observed during the tests, it cannot be stated that these changes are only due to the factor of time. The testing conditions have a great 
influence on the measurements. Relevant literature about pile set-up and a discussion about the test results are also presented.  

 

KEYWORDS: pile foundation, ‘set-up’,  sand creep, physical modeling, centrifuge modeling 
 

 
1 INTRODUCTION 

1.1 Background 

Research into the axial capacity of foundation piles (Van Tol et 
al. 2010) has shown that calculating the capacity using the 
Dutch standard (NEN 9997-1) results in a considerable 
overestimation of the capacity as compared to results of load 
tests. The study referred to properly equipped load tests 
conducted in France, Belgium and the Netherlands (it was 
possible to distinguish the base capacity from the shaft 
capacity). The measured base capacities of displacement piles 
proved to be on average only 70% of the predicted values. For 
piles located at a depth of more than 8 times the pile diameter in 
the sand layer a value of even 60% of the predicted value was 
found. 

Since the Dutch standard seems to be too optimistic while no 
serious failures have been reported from practice, it is thought 
that there must be unforeseen safety factors in the system. The 
identification and quantification of potential factors was 
investigated. Among other aspects increase of capacity over 
time and group effects seem to be the most promising 
(Stoevelaar et al. 2012). This paper presents physical research 
into time effects on the capacity of piles in sand. 

1.2 Literature about ‘set-up’ 

An increasing bearing capacity of displacement piles with time 
is often observed, even after dissipation of installation-induced 
excess pore pressure. This phenomenon is known as ‘pile set-
up’. The dissipation of excess pore pressures in sand can be 
expected to take place within a few hours (Axelsson, 2000). Set-
up of driven piles in non-cohesive soils can be substantial, as 
several studies in recent years have shown. Set-up rates of 20%-
170% per log cycle of time and increases in capacity by factors 
of 5 or more have been reported (Chow et al, 1998; Bullock et 
al, 2005). Set-up is a phenomenon closely related to the pile 

shaft, usually along the lower part of the pile. Little or no set-up 
is observed occurring at the toe (Axelsson, 2000). Nevertheless, 
the underlying mechanisms of set-up are not clearly understood. 
Long-term set-up, the increase in bearing capacity that takes 
place after the dissipation of excess pore pressures, in non-
cohesive soil can roughly be divided into three main time-
dependent causes, based on the hypotheses presented by 
Schmertmann (1991) and Chow et al. (1998): 

(1) Stress relaxation (horizontal creep) in the 
surrounding soil arch, which leads to an increase in 
horizontal effective stress on the shaft. 

(2) Soil ageing, which leads to an increase in stiffness 
and dilatancy of the soil, which implies large 
horizontal effective stresses acting against the shaft 
during loading. (Rearrangement of particles, leading 
to an interlocking between grains and the surface 
roughness of the pile.) 

(3) Chemical processes which may cause bonding 
between the sand particles and/or between sand 
particles and the pile surface. 

 
It is suggested that the first two mechanisms start directly 

after pile installation and are also a part of the short-term set-up 
that takes place during the dissipation of excess pore pressures. 
But also delays are observed in the commencement of set-up, 
beyond a period when pore pressures would be expected to 
dissipate (Axelsson, 2000). It is unclear how long this process 
continues. It is believed that the governing mechanism behind 
pile set-up is to some extent rearrangement of sand grains. In 
order to change the sand properties (increasing dilatancy) the 
sand particles must be more compactly packed around the pile. 
This implies that the tangential hoop stresses must deteriorate 
with time, resulting in increase of horizontal effective stresses 
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acting against the pile surface. The two processes leading to set-
up are interrelated (Augustesen, 2006). It should be mentioned 
that chemical processes (including corrosion) which might bond 
sand particles to the pile surface and increase the soil stiffness 
influence set-up. But set-up is found  above and below the water 
line, with concrete, steel and timber piles, what suggests 
chemical processes have little influence. 

The magnitude of set-up is affected by many factors, e.g. soil 
density and stiffness; grain size distribution; grain strength and 
shape; moisture content of the soil; concentration of salts; pile 
diameter and penetration depth, pile surface roughness and 
installation method. For instance silty soils, as well as well-
graded soils, have a greater potential for interacting with the 
surface roughness of a pile, and angular shaped particles interact 
better than rounded particles, giving greater potential for large 
set-up. Results from Axelsson (2000) show that the increase in 
capacity is strongly dependent on the applied horizontal 
pressure, indicating that set-up is stress-level dependent and a 
function of depth. It is also suggested that ageing effects were 
related to the energy input during densification (Baxter, 1999). 
More violent soil disturbance results in greater ageing or 
capacity increase (Bowman and Soga, 2005). According to 
Chow et al. (1998), a few cases are reported where the 
capacities of piles in sand reduced with time.  This was e.g. the 
case for a closely spaced pile group. 

Skov and Denver (1988) proposed a method to estimate the 
long-term pile capacity (Qt) in cohesive and cohesionless soils 
from the short-term pile capacity (Q0) using the following 
correlation: 

 
Qt = Q0*(1+A*log(t/t0))         (1) 
 

where: 
t = time after the end of initial driving; 
t0 = initial reference time elapsed since end of driving; 
Q0= pile capacity at time (t0); 
Qt = pile capacity at time (t). 
 

It is recommended to use A = 0.2 for piles in cohesionless soils. 
Chow et al. (1998) reported that, based on data collected from 
the work of 14 researchers, A-values vary from 0.25 to 0.75. 
Despite that Equation (1) was based on limited case histories in 
cohesionless soils, it remains the most commonly used method 
to estimate the increase in pile capacity with time. In almost all 
case histories the piles were dynamically tested. Due to the 
many affecting factors, Axelsson (2000) states that the set-up 
factor A should be considered to be site specific. 

An acceleration of set-up via cycles of the water table was 
measured by White and Zhao (2006). From the initial stress 
conditions after installation, any creep-induced equalization of 
stresses will tend to increase the radial stress at the pile wall. 
Creep of a granular material can be attributed to small 
perturbations in loading causing sliding at points of contact. 
Deliberate small cycles of loading will accelerate this 
mechanism of creep by increasing the frequency that contacts 
slide and loads redistribute. These cycles of loading could be 
applied to the soil near the pile either by the pile itself, or by 
ambient changes in either the total stress or the pore pressure. 
However, high-level cycles of pile loading cause friction 
fatigue, reducing the shaft capacity. When the pile is subjected 
to cyclic axial loads, the pile shaft friction reduces due to a 
decrease in the normal stress caused by cumulative contraction 
of the sand within the shear zone close to the pile-soil interface. 
It is also stated by Baxter (1999) that time-dependent increases 
in the shear modulus are very sensitive to disturbance. The 
magnitude of shear strain was found to be the governing factor 
in the magnitude of the decrease. 

1.3 Research objective 

Before the positive effect of set-up can be included in 
regulations, the phenomenon must be further qualified and 
quantified. When the effects can be simulated with scale trials, a 
lot of effort can be saved and more specific conditions can be 
achieved compared to field trials. The main objective of the 
research was to investigate the possibility of obtaining realistic 
parameter values for set-up effects on the capacity of 
displacement piles in sand by testing model piles within a 
geotechnical centrifuge. One of the sub-questions was: “What 
are the consequences of a sequence of load tests for the pile 
capacity?” 

Creep and relaxation processes do not scale in the centrifuge, 
because time does not scale. Some literature suggests that set-up 
effects start immediately after driving.  Others observed a delay 
in the commencement of set-up. The question whether time 
dependent effects on the capacity of piles can be simulated in 
centrifuge tests is relevant. This paper describes two centrifuge 
tests. A model pile was ‘load tested’ at different times after 
installation in order to investigate set-up effects. 

2 TEST SETUP 

2.1 Centrifuge 

The reason for using a centrifuge is to enable small scale 
models to feel the same stresses as a full scale prototype. For 
reliable test results the soil state (stress and density) should be 
properly scaled in the model test. The mechanical principle 
behind centrifuge modelling is rotating a mass body at constant 
radius with steady speed. To keep the mass in the circular orbit, 
it must be subjected to a constant radial centripetal acceleration 
v2/r or rω2, where ω is the angular velocity. In order to produce 
this acceleration, the body must experience a radial force mrω2 
directed towards the axis. When the centripetal acceleration is 
normalized with g, it can be stated that the body is being 
subjected to an acceleration of ng, where n = rω2/g. 

In the geotechnical centrifuge it can be expected that if the 
mechanical behaviour of the soil is strongly dependent on stress 
level, then such behaviour should be correctly reproduced in the 
model. Extrapolation of these results to full-scale conditions is 
limited by the uncertainties surrounding scale and size effects. 
Practical physical constraints of the physical model setup, like 
the size of the model container and the mean grain size, need to 
be chosen without negatively impacting the model tests. The 
tests were performed at a gravity acceleration of 40g (n = 40). 
This gravitation acceleration level was ‘correct’ at a depth of   
110mm below surface level (r = 5414mm). 

2.2 Mechanical setup 

Hydraulic actuators were placed above a container in order to 
install the model piles into the sand and to apply ‘load tests’ on 
the piles. The actuators acts displacement controlled. The test 
setup is shown in Figure 1. The dimensions of the test setup are 
given in Table 1. The requirement to minimize the boundary 
effects was not fully fulfilled: the distance to the closest 
boundary had to be larger than 20Dpile.  
 This paper presents only some results of the tests on pile 1 
(a single pile). This pile was instrumented: the load at the pile 
head, pile base (15mm above the tip) and 75 mm above the base 
could be measured separately. Friction along the shaft can be 
determined by subtracting the base load from the head load. The 
pile surface was rough (fine screw threat) in order to have 
interaction between soil and pile. A mean maximum roughness 
Rmax of 32.3µm and a mean average roughness Ra of 8.47µm 
were reached.  
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Figure 1. Cross section of test setup. Pile 1 is drawn at the left side. 

Table 1. Dimensions of test setup (model scale). 

Parameter Value 

Pile diameter Dpile (mm) 16 

Container diameter (mm) 900 

Height of soil model (mm) 600 

Penetration depth (mm) 320 

Pile to wall distance 300 

 

2.3 Soil model 

The soil model existed of Baskarp sand. Some characteristics 
are given in Table 2. Baskarp sand shows a strongly dilatant 
behaviour in a dense state (Dijkstra, 2009). The sand was 
prepared by dynamic compaction of a fully saturated sample 
(Rietdijk et al. 2010). This preparation method produces 
homogeneous samples. A relative density Dr of ca. 66.5% was 
reached for both test series. During preparation care was taken 
to prevent excess vibration of the model container. To prevent 
dehydration due to evaporation ca. 2 cm water was put on the 
model after spinning up the centrifuge. 

The interface behaviour between pile surface and soil is 
expected to be ‘rough’ (normalized roughness Rn = 0.27). The 
Dpile/d50 ratio is 136. According to Balachowski (2006), scale 
effects for shaft friction are expected. 
 
Table 2. Characteristics of Baskarp sand. 

Parameter Value 

Density grains (kg/m3) 2.65 

D50 (μm) 118 

D60/D10 (-) 1.4 

nmin (%) 35.2 

nmax (%) 47.6 

2.4 Test program  

Pile 1 was pseudo-driven in flight to a depth of 320 mm below 
surface level. Two hydraulic actuators were placed in series in 
order to simulate a pile driving signal (De Lange et al. 2014). 
According to Axelsson (2000), the pile had to be some type of 
driven displacement pile. The soil disturbance during driving 
has to be significant in order to create a soil arch and the 
conditions for stress relaxation. At 1, 10, 100 and 100 minutes 
after installation displacement controlled ‘load tests’ were 
applied on the pile. The pile was pushed 10% of its diameter 
(1.6 mm) deeper into the soil each time. See Table 3 for more 
details. After each ‘load test’ the pile was slightly pulled 
upwards in order to unload the pile head. The centrifuge 
continued spinning from the start of the installation until the 
final load test. Vacuum was applied within the centrifuge 
chamber during the whole test. 
 
Table 3. Test program for pile 1 during test series 1. 
 

Test phase 
v 

(mm/s) 

start time 

(minutes) 

duration 

(minutes) 

Installation 1 -5.33 5.33 

Waiting - 0 1 

First load test 0.002 1 13.33 

Waiting - 14 11 

Second load test 0.002 25 13.33 

Waiting - 38 62 

Third load test 0.002 100 13.33 

Waiting - 113 1157 

Fourth load test 0.002 1270 13.33 

 
Two almost identical test series were planned, in order to 

demonstrate the repeatability and increase the reliability of the 
results. Differences between the two test series  were: (a) higher 
load was kept on the piles between the pile tests in the second 
series – the pile was pulled upwards to a lesser extent - in order 
to account for the own weight of the piles; (b) larger 
displacement was applied for ‘load testing’, 20%Dpile, in order 
to ensure that pile base and shaft friction was fully mobilized 
and (c) pile 1 was not tested 10min after installation.  

3 TEST RESULTS 

No increase in overall capacity over time was observed for pile 
1 in both test series (almost constant). During series 1, a 
decrease in base capacity was observed over the successive 
tests. It was thought that this was caused by pulling of the pile 
to a too big extent after each ‘load test’. In series 2 the pile was 
pulled upwards to a lesser extent and the base capacity remained 
almost constant over the tests.     

Because set-up is a phenomenon closely related to the pile 
shaft, the normalized shaft friction during the successive ‘load 
tests’ is presented in this paper. The influence of increasing 
penetration depth with each test is eliminated from the results. 
The shaft resistance is corrected for the penetrated surface area 
and is normalized for the mean effective vertical stress along the 
pile. Figure 2 and 3 depicts those values (normalized mean 
shear stress along the pile) for respectively series 1 and 2. The 
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test after cyclic loading is also presented in both figures, but this 
paper does not address this results. 

A clear increase in shaft friction is observed for pile 1 
between 100 and 1000 minutes after installation in series 1. In 
series 2 a small increase is found between 1 and 100 minutes 
after installation. It is believed that the upward movement of the 
pile between two successive tests play a major role in the 
change of shaft (and base) resistance. The movements could 
cause soil densification close the pile shaft. 
 

Figure 2. Normalized shear stress along the pile shaft during successive 
tests after pile installation in test series 1. 
   

Figure 3. Normalized shear stress along the pile shaft during successive 
tests after pile installation in test series 2. 

4 LESSONS LEARNED AND DISCUSSION 

From the tests it can be stated that a whole force-controlled test 
program is preferred above a displacement-controlled program. 
The unloading of the pile should not be performed by upward 
pulling of the pile. If one wants to investigate only the influence 
of the factor time, a pile should not be tested more than once. It 
is better to install several piles and test them seperately at 
different points in time after installation. 

For a better understanding of the test results, a better 
understanding of the interdependency between base and shaft 
resistance is needed. Also a better understanding of scale and 
size effects is needed. Firstly, the installation of model piles will 
shear the soil to a smaller extent than larger diameter piles. 
Secondly, the size of shear band formation in the soil-structure 
interface will influence the lateral friction (in general, the width 
of the shear band is assumed to be a function of the grain size). 

It should be borne in mind that some conditions in natural 
deposits are not replicated in small-scale laboratory tests. Model 
tests are done using clean and homogeneous sand, whereas, in 

the field there will be impurities and heterogeneity of void ratio. 
Creep can also be expected to become more marked in 
sediments having high initial void ratios. 

5 CONCLUSIONS 

It cannot be concluded from the test results if it is possible to 
simulate pile set-up in sand, observed in the field, by means of 
centrifuge model testing. No or little increase in pile capacity 
over time was found from the test results. The base capacity 
seemed to be very sensitive for upward pile movements. ‘Too 
large’ upward movements during the first series, in order to 
unload the piles after testing, caused a decrease in base 
resistance. From literature it is stated that pile set-up is a 
phenomenon related to the shaft resistance. Increases in shaft 
friction are observed between successive tests. However, it is 
uncertain if the increases are only due to the factor of time. It is 
believed that the testing conditions have a great influence on the 
measurements. Rotation of the shear stresses and strain along 
the shaft by small movements of the pile can alter the shaft 
friction as well. 
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ABSTRACT: This paper describes the assessment of short and long term settlements for the design of large skirted mudmats on 
subsea calcareous soils. The design of subsea structures requires immediate settlements (undrained), immediate soil squeeze through 
mudmat perforations, consolidation settlements, secondary creep settlements and earthquake induced settlements to be determined. 
The hallmarks of calcareous soils are high compressibility and high fragility due to the calcium carbonate natural softness and the 
perforated and angular microstructure of the sediments. The large mudmat foundation concept has thus been highly settlement driven 
with low utilization with respect to pure vertical bearing capacity. It therefore shows small immediate (undrained) settlements; 
however, post seismic settlements and especially the creep settlement contribution form a significant part of the calculated total 
settlements. The large differential settlements between structures and free field will in general give a negative impact to the spool 
design. Refinement of the general calculation methodology was thus performed by using a modified so-called isotach method that 
would better represent the soil behavior from time of sediment deposition to the end of service life.  

 

KEYWORDS: calcareous soil, mudmat, settlement, creep, isotach method. 
 

 
1 INTRODUCTION 

Soils that have high calcium carbonate content, called 
calcareous soils, may behave considerable different than silica 
based sediments when subjected to external loading from e.g. a 
mudmat foundation of a subsea structure. The low hardness of 
calcium carbonate compared to the quartz found in siliceous 
soils leads to particle crushing at relatively low stress levels and 
thus high compressibility for calcareous soils. Mudmat 
foundations on calcareous soils may therefore show large 
settlements although the utilization for pure vertical bearing 
capacity is low.  

Since such soil is also in general susceptible to liquefaction 
effects both the immediate settlements during an earthquake and 
the post seismic settlements may be considerable. For static 
settlements the creep settlement contribution is seen to form a 
significant part of the calculated total settlements. One may still 
argue that the detailed mechanisms of creep are poorly 
understood, and thus a correct or proper calculation 
methodology is in general not intuitive. Although considerable 
research and experience is accumulated on the subject, the 
standards and codes of practice offer little guidance on 
conventional design other than recommendation to a 
conservative design approach and to use of local experience. 
This is especially the case for calcareous soils. The need of 
trustworthy boundary conditions for spool design has resulted in 
refinements of the general settlement calculation methodology 
by using a so-called isotach method. It is believed that such 
method would better represent the soil behaviour from time of 
sediment deposition to end of service life. 

2 CHARACTERISTICS FOR CALCAREOUS SOILS 

The calcareous soil is a biogenous sediment originating from 
planktonic organisms in the oceans. A calcareous soil is partly 
or mainly composed of calcium carbonate, and has been formed 

from large accumulations of skeletal remains of plant and 
animal life. At large depths the calcium carbonate will dissolve 
due to the high pressures, implying that these sediments are 
usually found in shallow waters and in more temperate tropical 
climates than siliceous deposits that also is a biogenous 
sediment (Randolph & Gourvenec 2011).  

The calcium carbonate is in nature a relative soft material. 
Combining this natural material softness with a perforated and 
angular structure of the sediment tests, shells and skeletons 
forms the characteristic soil behavior of calcareous soils.  

Oedometer tests on carbonate soils reveal an yield stress 
which generally is higher than effective overburden pressure. 
The yield stress, y, may be the result of different contributions: 
the over consolidation effect (constant with depth), the effect of 
secondary compression underwent from the deposition 
(increasing with depth), cation exchange (leading to increased 
Ip, su and y at constant void ratio), cementation and cyclic 
loading. It is generally believed that carbonate soils have not 
been subjected to mechanical over consolidation. 

 

 
Figure 1. Yield stress from over consolidation and creep. 
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Figure 2. Yield stress from cementation and cyclic loading. 

 

 
Figure 3. Variation of Compression Index with normalized vertical 
pressure. 

Fig.3 shows schematically the variation of compression 
index between the swelling index, Cs, and the compression 
index, Cc, as the effective vertical stress increases from 
overburden pressure towards yield stress, ’y and further. For a 
clay where yield stress is due only to creep and pre-
consolidation pressure, the compression index will gradually 
increase from Cs value to Cc as the effective stress approaches 
the yield stress and will remain constant (in a log scale plot) 
after yield stress. As illustrated in Fig.3, the index for a 
calcareous soil may continue to increase even if the effective 
stress has passed the yield stress (’/’y  > 1) indicating that, for 
carbonate soils, the yield stress is also due to some chemical 
effects or cyclic loading. These effects will increase the soil 
resistance to further loading but, due to de-structuration, the C 
will continue to increase beyond the yield stress and 
subsequently decrease to Cc value. In this case void ratio at 
yield stress will lay above the reference isotach (tr), as 
illustrated in fig. 2, and will approach the tr line by further 
loading. 

Fig. 4 reproduces a typical soil response found from a DSS 
test (direct simple shear test). The stress-strain relationship for 
this calcareous soil does typically consist of a rather stiff initial 
part (relative to the ultimate strength), with an abrupt change to 
a softer response for relative small strain levels. The peak 
undrained shear strength is however represented at high shear 
strains. Highly calcareous sediments are rare in Europe and the 
soil response is in Fig. 4 thus compared to typical Norwegian 
quick clay that exhibits a noticeable different stress-strain 
behavior. The non-calcareous clay with comparable peak 
strength is more capable of resistance in the initial small strain 
part of the curve. Due to the characteristics illustrated in Fig. 4 
such calcareous soil would naturally be susceptible to both 
strength and stiffness degradation due to any small strain 
disturbance exceeding the strength of the initial soil structure 
(e.g. due to cyclic loading). Depending on the choice of strain 
level for ultimate strength the gap between traditional ULS and 
SLS considerations may be considerable. Static or cyclic 
loading within the range of the ultimate soil strength would not 

necessarily be an issue for the siliceous clay whilst undrained 
deformations or destructuration may very rapidly become a 
concern when designing with calcareous clay. 

 

 
Figure 4. Example of stress-strain behavior for a calcareous soil in DSS 
test compared to Norwegian quick clay.  

3 IMMEDIATE SETTLEMENTS 

Perforated mudmats are needed due to water evacuation during 
lowering and landing at seabed.  The potential for soil squeeze 
through these perforations may be treated as a local bearing 
capacity problem in a FEM analysis and for example presented 
in dimensionless charts for evaluation of perforation size and 
geometry.  

In general the mudmat foundations on calcareous needs to be 
designed with low utilization with respect to pure vertical 
bearing capacity, and hence the static undrained settlements 
may for many cases be disregarded. However, undrained 
deformations may be equally important for the peak load 
occuring during seismic events when both the soil strength and 
the soil stiffness are subjected to cyclic degradation 

4 LONG TERM SETTLEMENTS BY THE DELAYED 
SETTLEMENT APPROACH 

4.1 The principle of the modified isotach method 

Bjerrum introduced the definition of instant and delayed 
settlements using what in the literature generally is referred to 
as Hypothesis B were volumetric creep commences and occurs 
simultaneously with the primary consolidation and continues 
with secondary consolidation (Bjerrum 1967). Bjerrum’s 
definition is in line with the creep rate isotach lines showed by 
(Suklje 1957 and Barden 1965, 1969). From the reference 
isotach, the yield strength, effective overburden pressure and 
compression, swelling and secondary indices from laboratory 
tests one may back calculate an “apparent age” for a soil 
element (Fig.5) if assuming the yield stress is due only to creep 
during “aging” after sedimentation. 

 

 
Figure 5. Isotaches as lines of equal age of the deposit.  
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Consolidation settlements, traditionally calculated directly 
from the compression and swelling indices, will, by definition, 
include both instant and delayed settlement. Such results will be 
obtained by following the “time freezed” stress-void ratio path 
ABC in fig. 6, with dramatic changes when the stress state 
exceeds the primary consolidation at point B and a subsequent 
pure creep state following from C to E. 

The dotted line, AD, in figure 5 represents a more plausible 
stress-void ratio path including both instant and delayed 
settlements, and where the pure creep state is reduced. The 
instant part is due to the effective stress change from ’0 to 
’0+’ while the delayed part is assumed merely time 
dependent when moving across isotaches. 

 

 
Figure 6. Stress-void ratio path during compression. 

 

 
Figure 7. Principles of step by step calculation of instant and delayed 
settlements. 

The modified method takes into account that the creep rates 
depend of the age of the deposit, and that any load will change 
the “apparent age”, taa, of the deposit, i.e. the soil becomes 
“younger” and the creep rate will be higher. The principles of 
step by step calculation of instant and delayed compressions are 
shown in Fig.6. As shown in Fig.6 the apparent age and the 
apparent yield stress are updated for the effective stress 
achieved in each step.  If the total increase in effective stress is 
divided in equal step increments, the time step increments and 
consequently the delayed compression increments are 
increasingly larger towards the end of the consolidation period. 
In addition, the secondary compression index, C, may also 
depend on the yield stress ratio (or over consolidation ratio) 
which is changing as the consolidation proceeds, as shown by 
test results. Due to this effect the calculation has to be divided 
into time steps both within the time to the end of primary 

consolidation, tEOP, and within the remaining part from end of 
primary to the service life time of the structure, tlife 

4.2 Limitations and challenges posed by the modified method 
of isotaches 

The modified method of isotaches has some limitations and 
challenges: 

The isotach spacing is determined by the age of the deposit. 
As it is apparent from Fig4, there is a relation between age of 
the deposit and apparent pre-consolidation (yield strength), 
based on the secondary compression index, C, and the 
assumption that apparent pre-consolidation is due to creep. As 
this is not always the case for calcareous soils, one may either 
assume that all the layers in the deposit have the same age and 
derive on this basis the apparent pre-consolidation or to use the 
yield stresses from laboratory tests to determine an apparent age 
for every layer. 

Test results show that in the case of carbonate soils, the 
index of secondary compression varies with the ratio of 
effective stress to yield stress. This fact complicates the 
determination of the age of the deposit if it were to be back 
calculated from an apparent pre-consolidation. 

The accuracy with which the parameters Cs, Cc and C are 
determined from oedometer test depends on the length of time 
the loading steps are applied, i.e. on the amount of delayed 
compression that is included in the determination of Cs and Cc. 
Some of this effect may be corrected for by the choice of 
reference age (reference isotach, tr). 

When all information from test data and from knowledge of 
engineering geology of the site are used, one may choose the 
alternative which is most conservative or is believed to be the 
best estimate for long term settlement calculations. 

5 SETTLEMENTS DURING AND AFTER AN 
EARTHQUAKE EVENT 

5.1 Effects of earthquake on settlements 

The settlements arising from earthquake loading may be split up 
into two parts: 

a) Undrained, immediate settlements due to softening of 
G-modulus and high peak loads 

b) Volumetric reconsolidation strains due to cyclic 
mobility/ liquefaction (including creep effects) 

5.2 Undrained settlements at the peak of seismic load 

Since the tri-linear soil response shown in fig. 4 does not fit 
directly into available traditional FEM soil models the input 
data on stress-strain relationship from DSS tests have been used 
in an iterative analytical process to establish an estimate on the 
immediate settlement. First the available stress-strain curves for 
different soil depths were degraded appropriately. The vertical 
soil spring stiffness was calculated by closed form solutions and 
subsequently the undrained displacement was found by an 
iterative process including the peak vertical seismic load. 

In order to represent the average shear modulus for the load 
in question it was conservatively introduced equal mobilization 
ratio for the vertical bearing capacity for the entire elastic half 
space used for the settlement estimate. 

5.3 Post-earthquake reconsolidation 

The excess pore water pressures induced by cyclic loading of 
soil during earthquake cause the reduction of effective stresses 
(under constant total stress and constant soil volume). After 
earthquake event, these pore pressures will dissipate and post 
cyclic settlements occur.  

The stress path of a re-consolidation process will have 
similarities with a re-compression branch in a conventional 
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oedometer test. It has been proposed to relate the recompression 
volumetric strains to the swelling index Cs (Yasuhara & 
Andersen 1991). The re-consolidation, post cyclic compression 
index, Cr-PostCyclic, is interpreted as boundary lines from 
laboratory tests with reconsolidation strain data in terms of pore 
pressure ratio, and is greater than the swelling index of the soil 
prior to earthquake, Cs. The post cyclic re-consolidation 
settlements are then calculated using the re-consolidation 
compression index.  

_
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The calculation of re-consolidation settlements and of 

subsequent creep settlements require the excess pore water 
pressure to be determined by pore pressure accumulation 
technique, which may be a time consuming procedure. Post-
earthquake, re-consolidation settlements has also turned out to 
be extensive, but the reconsolidation strains underneath the 
structures are found to be equal or less than the respective free 
field values.  

5.4 Post-earthquake accelerated creep 

Also based on laboratory measurements, the post cyclic 
secondary compression index varies with the amount of excess 
pore pressure induced by earthquake. Fig.7 illustrates an 
example of the ratio C-PostCyclic/C-Static as a function of 
normalized excess pore pressure, u/’v. 

 

 
Figure 8. Variation of post cyclic secondary compression index in 
variation with excess pore pressure. 

It is challenging to determine the appropriate age of the 
deposit for use in the isotach method, and this boundary 
condition is even more challenging after the event of an 
earthquake. It is proposed to consider the deposit is fresh again 
(tage = 1 day) for the layers where excess pore water pressure is 
greater than the threshold value for which the post cyclic index,  
C-PostCyclic, is greater than C-Static. Combined effect of increased 
C and lower tage results in accelerated creep settlements. For 
lower pore pressures the age of the deposit remains unchanged. 

The changes in void ratio and effective stress in a soil 
element is subjected to during earthquake are illustrated in 
Fig.8. 

 

 
Figure 9. Post cyclic re-consolidation and creep settlements.  

6 CONCLUSION 

In a foundation design aspect the calcareous soils are in nature 
vulnerable to compression. Refining the calculation 
methodology for a combined consolidation and creep model 
showed to be favorable to document acceptable settlement 
values in design. Using a time step procedure has also been 
benificial and necessary to be able to incorporate various 
parameter dependencies interpreted from laboratory test results. 

It has become evident that the parameter interpretation is not 
straight forward, also generally resulting in conservative 
approaches in design, and very different results depending on 
the designers judgement and experience. The authors are not 
familiar with relevant post installation field measurements to 
properly calibrate settlement calculations for large mudmat 
foundations on such calcareous soils. Such measurements are 
necessary in order to support the design assumptions. 

7 ACKNOWLEDGEMENTS 

The authors are grateful to Multiconsult for the goodwill and 
necessary economic contributions to support the preparing of 
this paper which summarizes developments from comercial 
projects. The work and achievements from all colleages 
contributing to Multiconsults projects regarding foundations on 
calcareous soils is also greatly acknowledged. 

8 REFERENCES 

Athanasiu, C. and Gloppestad, J.S. 2010. PCDELSET – A program for 
analysis of Post Cyclic Delayed Settlements - User manual. 
Multiconsult Report 30201-1. August, 2010. 

Barden,L. 1965. Consolidation of clay with non-linear viscosity. 
Geotechnique 15, No.4, 345-362. 

Barden, L. 1969. Time-dependent deformation of normally consolidated 
clays and peats. Journal of Soil Mechanics & Foundations 
Division, Vol 95, No 1, 1-32 

Bjerrum, L. 1967. Seventh Rankine Lecture. Engineering geology of 
Norwegian normally-consolidated marine clays as related to 
settlements of buildings. Geotechnique 17, No. 2, 81-118. 

Randolph, M. and Gourvenec, S. 2011. Offshore geotechnical 
engineering. Abingdon: Spon Press. ISBN13: 978-0-415-47744-
4(hbk) 

Yasuhara, K. and Andersen, K.H. 1991. Recompression of normally 
consolidated clay after cyclic loading. Journal of the Japanese 
Society of Soil Mechanics and Foundation Engineering, Vol 31, No 
1, 83-94 

 



Proceedings of the 23rd European Young Geotechnical Engineers Conference, Barcelona 2014 

119 

Numerical and laboratory analysis of anchors embedded in sandy seabed 

F. Cañizal 
University of Cantabria, Santander, Spain 

 
 

 

ABSTRACT: This paper studies the behavior of plate anchors buried in sandy seabed. For that purpose, finite element simulations of 
square plate anchors, with different embedment depths and two different sand densities (loose sand and dense states), were performed. 
The results of those numerical simulations are compared with previous analytical solutions. Regarding the loading process, load 
control analysis and displacement control analysis are compared. Differences between failure mechanisms of shallow and deep 
anchors are shown too. Small - scale test setup designed to study both ultimate capacity and displacement of anchors is presented. As 
expected, the numerical results show an increment of the capacity of the anchor with depth and compactness of the soil. 

KEYWORDS: Numerical, small-scale, anchoring, control load, displacement load. 
 

 

1 INTRODUCTION 

The increasing demand of energy and the necessity of 
promoting safe and secure energies have motivated the 
development of new systems to obtain renewable energy. The 
oceans are a very important renewable energy source present in 
various ways (wind, waves, currents, etc.). Due to the 
voluminous devices necessary to harness these energy sources, 
it is expected to deploy floating offshore installations located in 
waters deeper than 50 meters. Floating platforms are the most 
used option in deep and moderate water depths. Anchoring 
systems are needed to moor these platforms in position and 
sometimes to provide extra stability.  

The anchoring systems used to secure mooring lines to the 
seabed can be divided into gravity and embedded anchors 
(Randolph and Gourvenec 2011). 

As this paper deals only with plate anchors, which are 
embedded anchors, only the last group will be taken into 
account in this introduction. 

Currently, there are 5 main types of embedded anchors: 
Driven or drilled and grouted piles, suction caissons, drag 
anchors, suction embedded plate anchors (SEPLA) and 
dynamically penetrating anchors. 

Some of the features of plate anchors, such as direct 
embedment anchors, are: High achievable capacity, elimination 
of anchor dragging, higher holding capacity to weight ratio in 
comparison to other anchor types, light weight, possibility of 
accurate anchor placement, etc. (Rocker et al. 2011). Plate 
anchors have also some disadvantages: low resistance against 
horizontal loads and high dependence on the depth of the 
installation. Therefore, anchors should be installed as deep as 
possible. Due to the shape of these anchors, a special process is 
necessary for their installation. This installation process is 
usually called the keying process. As this paper only deals with 
the pullout process, no further information about this keying 
proccess is presented.  

Depending on the relative embedment depth, the ratio of 
embedment depth to anchor minimum dimension z/B, (where B 
is, in this case, the side of the square plate anchor), anchors are 
classified as shallow or deep anchors. 

About the failure mechanism, for shallow anchors, the 
seabed surface is displaced by the upward motion of the anchor 
plate and the soil failure surface continues up to the seabed 
surface. In the second case, the soil failure does not reach the 
seabed surface. 

2 REVIEW OF EXISTING ANALYTICAL SOLUTIONS 

Due to the extensive use of plate anchors, field tests, small-
scale tests, finite element methods and analytical solutions 
(Murray and Geddes 1987) were developed to calculate the 
pullout capacity of plate anchors (Liu et al. 2012). As the results 
of the numerical model presented in this paper are compared 
with some analytical solutions, a brief review of those solutions 
is presented here.  

One of the first studies was presented by Vesic (1971) who 
studied the problem of an explosive point charge expanding a 
cylindrical or spherical cavity close to the surface of a semi-
infinite and homogeneous isotropic soil. If the diameter of the 
cavity is made equal to the size of a circular plate, there is an 
ultimate pressure that would shear away the soil located above 
the cavity. On the basis of this concept, he proposed that the 
ultimate pullout capacity of a horizontal circular plate anchor 
comprises of the vertical component of the force inside the 
cavity, the effective self-weight of the soil, and the vertical 
component of the resultant of the internal forces. Due to the fact 
that at the ground surface the slip surfaces make an angle α = 
(45-ϕ/2) (Balla 1961), where ϕ is the friction angle of the soil 
(see Figure 1), this leads to the ultimate uplift load for granular 
soils expressed as: 

 

qzANF   (1) 

 
Where F = holding capacity ; A= fluke area and Nq = 

Breakout factor, which depends on the friction angle ϕ and the 
relative embedment depth z/B. Values of Nq were tabulated by 
Vesic (1971). 
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Figure 1. Pullout failure estimate 

Beard (1980) adapted equation 1 to rectangular anchors and 
cohesive soils: 
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qzNccNAF 16.084.0  (2) 

 
Where c= cohesion; Nc = Holding capacity factor in cohesive 

soil; B = fluke width and L = fluke length. 
For granular soils, cohesion term can be ignored and Eq. 2 

becomes in: 
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qzNAF 16.084.0  (3) 

 
This is the equation used by Naval Facilities Engineering 

service center (NAVFAC), which is the US Navy engineering 
command. (Rocker et al. 2011). 

 
Murray and Geddes (1987) used an upper bound limit 

analysis to obtain the ultimate uplift resistance for rectangular 
plate anchors in granular soils. They established a straight-line 
failure plane inclined at an angle ϕ to the vertical at the edge of 
the plate with a portion of cone-shaped at the corners as the 
most appropriate failure configuration. The resulting equation 
was: 
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3 NUMERICAL ANALYSIS 

3.1 Numerical model 

The analysis of the ultimate pullout load has been carried out on 
square plate anchors of common side values. 2 different sand 
densities (loose and dense, see Table 1) have been analysed. In 
addition, several embedment depths have been studied, 
corresponding to embedment depth ratio ranged from 1 to 5. 

Numerical analyses were performed using the full three 
dimensional (3D) finite element code Plaxis 3D 2011 
(Brinkgreve et al. 2011) 

The following usual boundary conditions for soil volume 
were used: 

 Vertical model boundaries with their normal in x-
direction are fixed in x-direction (ux = 0) and free in 
y- and z-direction. 

 Vertical model boundaries with their normal in y-
direction are fixed in y-direction (uy = 0) and free in 
x- and z-direction. 

 The model bottom boundary is fixed in all direc-tions 
(ux = uy = uz = 0) while ground surface is free in all 
directions. 

 
Sand from Santander Bay was chosen as a reference soil. 

Strength parameters were measured in the laboratory using 
direct shear tests. 2 different sand densities (corresponding to 
loose and dense states) were studied. Geotechnical laboratory 
tests, including triaxial tests were performed to obtain the 
parameters of the sand. An elasto-plastic hyperbolic model, 
namely Hardening Soil Model (HSM), was used to simulate the 
behavior of the sand. A value of m=0.5 was adopted as the 
exponent of the law. HSM is a model which is able to reproduce 
both shear hardening and compression hardening of a soil. It 
considers a stress dependent stiffness, so it is necessary to 
define a reference pressure. A value of 300 KPa was used as the 
reference pressure. Plastic straining due to primary deviatoric 
loading is defined by the introduction of the parameter E50

ref. 
Plastic straining due to primary compression is defined by 
Eoed

ref while Eur
ref is used for elastic unloading/reloading. These 

parameters were estimated following the recommendation for 
frictional soils and trajectory triaxial tests were being performed 
for a better calibration of them. Finally, Mohr-Coulomb is the 
selected failure criterion (see Brinkgreve et al. 2011 for more 
details). 

 
Table 1. Sand parameters  

Sand Loose Dense 

γd  (KN/m3) 14.03 15.7 

γsat  (KN/m3) 18.55 19.59 

E50
ref  (MPa) 25.5 49.2 

EOED
ref  (MPa) 20.4 39.36 

EUR
ref  (MPa) 76.5 147.6 

ϕ´(°)   38.7 43 

ψ´(°)   6.2 9.3 

ν´ur   0.25 0.25 

 
The soil was modelled as volume elements using 10-node 

tetrahedral elements while the anchor was simulated as a plate 
using 6-node elements. 

The soil anchor interface was modelled by using 12-node 
elements. Mesh sensivity analyses were performed to validate 
the coarseness of the finite element mesh. Local mesh 
refinements around the plate were applied (see Figure 2). 
Additional analyses were performed to study the influence of 
the distance to the boundaries. The necessary distance depends 
on the embedment depth of the anchor. In vertical loading 
simulations, due to the symmetry, only a quarter of the anchor 
was simulated. 

The anchor flexibility is very low, so it leads to uniform 
displacements of the anchor. 
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Figure 2. Numerical model. 3D Mesh 

3.2 Load control analysis. Local “yielding” failure 

Several finite element simulations were carried out by applying 
a vertical force of F/4 at the corner of the plate. 

The simulations showed ultimate pullout values lower than 
expected values. Furthermore, the final stretch of the load – 
displacement curves was excessively vertical. Moreover, the 
difference between obtained values and expected ones became 
higher as embedment depth increases.  

The reason of those differences is that failure in deep 
anchors is found numerically due to a local yielding close to the 
base of the anchor. As found by Rowe and Davis (1982), we can 
distinguish between a local yielding failure, which does not 
produce the failure of the whole structure, and a general pullout 
failure. 

 Reaching this ultimate value numerically is difficult and 
very time consuming. It is necessary for that purpose an 
extrapolation of the obtained results (Canizal et al. 2014) or a 
displacement control analysis. 

3.3 Displacement control analysis. Ultimate pullout 
resistance 

As mentioned before, the ultimate pullout value in a load 
control analysis is far from the obtained value of the problem 
(see Figure 3), especially for higher z/B levels, so it is necessary 
to tackle the problem in a different way. Displacement control 
analysis is proposed in this paper. 

 

 
Figure 3. Displacement control vs. load control. Dense sand. z/B=3 

An example of the results of the different performed simulations 
is shown in Figure 4. It shows that an increment of compactness 
of the sand leads to a non-linear increment of the ultimate 
pullout of the anchor. 

 
Figure 4. Load capacity vs sand compactness. z/B=4 

Additionally, an increment of the embedment depth ratio 
produces a high increment of the capacity of the anchor, as 
displayed in Figure 5. 

 
Figure 5. Load capacity vs embedment depth ratio. Dense sand 

4 COMPARISON WITH ANALYTICAL SOLUTIONS 

Results derived from numerical analyses and previous analytical 
solutions are compared here. The comparison process has been 
done in terms of the non-dimensional factor Nq, named breakout 
factor or holding-capacity factor. The corresponding holding 
capacity values for loose and dense sand are shown in Figure 6 
and Figure 7. As expected, Nq values are lower than Murray and 
Geddes values (Eq. 4) which represent an upper bound solution 
in denser sands. On the other hand,  Navfac values (Eq. 3) are 
conservative in loose sands, as they recommend a reduction of 
friction angle for calculations in sands with relative density less 
tha 40% (Rocker et al. 2011). 
In the case of dense sand, both Murray & Geddes and Navfac 
solutions are more conservative than the obtained in this study. 
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Figure 6. Holding - capacity factor comparison. Loose sand 

 
Figure 7. Holding - capacity factor comparison. Dense sand 

5 LABORATORY ANALYSIS 

5.1 Small – scale setup 

Small-scale test laboratory setup has been designed and built to 
analyse the behaviour of anchors embedded in sandy seabed.  
Obtained results will be also used to validate the numerical 
simulations. 

The anchors were located into an over 1m3 stainless steel 
tank capacity. Not only only plate but other type of anchors can 
be studied without boundary effects. 

The sand was pluviated into the tank. The density was 
controlled by varying the sand falling height. In order to achieve 
denser sands, extra compactness energy can be applied by using 
a vibratory table placed under the tank. 

 A wide velocity range linear actuator with servo motor and 
servo drive allows both static and dynamic pullout loading.  

Pullout loads were measure using load cells. Linear 
tranducers were used to measure the anchor displacements. 

The data obtained from load cells and displacement 
transducer were recorded by a computerized data adquisition 
system developed during the study by using Lab View. 

Several tests on dry Santander Bay sand have been carried 
out by the moment in order to verify the correct functioning of 
the setup (see Figure 8).  

This study is an initial part of an ongoing PhD research on 
not only plate anchors but also drag anchors subjected to static 
and dynamic loads. Further numerical analyses will be 
performed using a hypoplastic model.  

   
 

 
Figure 8. Small-scale test machine. 

6 CONCLUSIONS 

Several finite element simulations were performed to study the 
ultimate pullout capacity of anchors embedded in a sandy 
seabed. 

Computed values show a non-linear increment of the 
capacity of the anchor with depth and compactness of the soil. 
Shallow and deep anchors present different failure mechanisms. 
Two values of failure: local yielding failure and general pullout 
failure are obtained, the latter being greater than the former. 

Pullout failure values have a reasonable resemblance with 
previous analytical solutions, being lower than Murray and 
Geddes values and Navfac values in dense sand and 
intermediate values in loose sand.  

In relation to the laboratory analysis, only initial tests are 
performed with promising results.  
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Pre-design of gravity-based sub-structures for offshore wind turbines 

D. Abadías  
International Center for Numerical Methods in Engineering, CIMNE, Barcelona, Spain 

 

ABSTRACT: The operation and performance of wind turbines is highly sensitive to the dynamic response of the structure.
Offshore wind towers are relatively light structures loaded by highly variable wind and sea loads. There is a strong interaction
between turbine operation, loading and structure response that is generally explored by means of integrated analysis of tower and
substructure. One of the elements whose repercussion at the structural response is non-negligible is the characterization of
foundation stiffness within the structural model. 

In addition, the number and duration of simulations required to be done for certification of every wind turbine design case make
unfeasible the use of FE methods or other costly numerical methods. Under these conditions macroelement models become a perfect tool
with the capacity to encapsulate complex soil behaviour into a non-linear stiffness matrix with few degrees of freedom. 

In this paper it will described the design issues of GBS design for offshore wind turbines and how macroelement models can become
an advantageous tool for integrated analysis. A realistic reference case using the proposed methodology is presented. 

 

KEYWORDS: Offshore Wind turbines, Foundations, Macroelements, Soil-structure interaction. 
 

 
1 INTRODUCTION 

Offshore wind is an increasingly large contributor to the 
energy production mix of several European countries, 
particularly those bordering the North and Baltic seas. An 
exponential increase in installations is currently expected in this 
region. Offshore wind turbines (OWT) are generally larger than 
those installed on land, with 3 to 6 MW of nominal capacity 
being now the norm. While initial OWT installations took place 
near shore, current developments are located offshore, with 
water depths of 20-50 m being typical.  

While the vast majority of OWT foundations offshore are 
supported in monopiles and jacket structures, very few are 
supported by means of a gravity based sub-structure (GBS). 
Few exceptions were built on GBS, perhaps the most significant 
exception is the Thornton Bank project I, 27 km offshore 
Zeebrugge in Belgium, where 6 OWT of 5 MW were installed 
in intermediate water depth (>20 m).  

Taking the example of Thorton Bank a case exploring the 
advantages of failure envelopes as well as macroelement models 
for GBS sub-structure design is proposed.  

1 DESIGN ISSUES FOR OWT FOUNDATIONS 

There are several specific standards dealing with OWT, IEC 
61400-3 (2009), GL (2005) or DNV-OS-J101 (2010), might be 
the most used and relevant. As might be expected, the indications 
given by such standards are, on the one hand, firmly based in 
conventional design practice when being specific, and somewhat 
elusive with problems that lack a clear conventional solution. An 
example of the former is the consideration of foundation bearing 
capacity which, for shallow foundations, follows a conventional 
superposition and correction procedure not very different from 
those outlined by Brinch-Hansen (1970) or Vesic (1975). 

 

When designing foundations for OWT, there will be of course 
issues of geotechnical capacity under extreme loads. However the 
design drivers are related to other considerations, such as dynamic 
characteristics of the whole structure, conditions of the machinery 
during operation Van der Temple and Molenaar, (2002) or 
displacement limits imposed by operating constraints (e.g. 
foundation tilting limits of 0.25° - 0.5° are sometimes quoted for 
fixed foundations).  

In the bearing capacity check there are several aspects of the 
traditional approach that are poorly suited to deal with OWT. 
Firstly, using separate corrections for shape, depth, load 
inclination, load eccentricity is cumbersome and prone to 
calibration error if the effects that are being corrected for are not 
truly independent. This is perhaps the reason behind the large 
scatter between inclination factor formulations (Siefert & Bay-
Gress; 2000); that uncertainty is particularly undesirable for 
structures, like OWT, that are mostly designed to sustain 
horizontal loads and large moments. 

Secondly, the soil-structure stiffness and the dynamic response 
are crucial issues in the design of OWT, especially for the 
durability of the superstructure (e.g. turbine, drivetrain, blades). 
The current classic methods do not account for an approach that 
evaluates the stiffness of the soil-structure interface for combined 
loading nor cyclic conditions. Guidelines recommend linear 
springs based on linear elastic theory which reduces the soil-
structure response modelling to a linear spring-dashpot system.  

The combination of these two approaches yield to very 
conservative designs for GBS, firstly the conservative bearing 
capacity approach will yield to larger designs while the linear 
elastic approach of the soil structure interaction will yield to 
higher estimated eigenfrequencies of the soil-sub-structure 
system. 
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1.1 Particular issues of OWT design GBS in intermediate 
waters 

In gross terms, the two main parameters for the design of 
GBS for OWT are the effective weight and the diameter. 
However the designer is constrained by the site conditions and 
the dynamic and fatigue requirements of the turbine 
manufacturer or client. 

Dynamic requirements are imposed as natural frequency 
limitations. One of the most limiting design requirements is that 
the 1st natural frequency of the system must lie between the 1P 
and 3P frequency range. This allowable range is conditioned by 
the control system of the turbine, and is limited between the 
blade passing frequency (3P) and the vortex induction 
frequency (1P). 

Usually, the first frequency of the system is associated with 
the vibration of the body connecting the rigid foundation with 
the nacelle. As a consequence the GBS shall include a flexible 
part that in interaction with the tower makes such 
eigenfrequency to stay in the allowed design range. Figure 1 
shows a schematic view of the GBS structural typology for 
intermediate waters using as reference the design employed at 
the Thornton Bank wind farm. 

Figure 1. Thornton Bank GBS (Peire et al, 2009) 

 
One of the advantages of GBS sub-structures is that due to 

the difference in stiffness of the sub-structure the problem can 
be partially decoupled. 

The designer can separate the design of the GBS in three 
stages: An initial stage to determine the flexible length of the 
sub-structure required to fulfil the dynamic limitations. A 
second stage focused on the determination of the backfill 
weight, embedment and diameter of the conical (rigid) part, and 
finally a third stage where soil-structure interaction can be 
assessed, to estimate if self-excitation with the flexible bodies of 
the superstructure can occur (eg tower, blades). Is in these two 
last stages where the use of macroelement models becomes of 
great advantage compared to classic guideline approach. 

2 FAILURE ENVELOPES AND MACROELEMENT 
MODELS 

2.1 Concept 

Failure envelopes were introduced (Butterfield & Ticof, 
1979) as an alternative to classical bearing capacity analyses. 
They were based on the concept of interaction diagram, which 
was applied to the system of loads acting on the foundation. 
Failure envelopes are implicit in the traditional approach to 
bearing capacity. However, it was clearly appreciated from the 
beginning that an explicit failure envelope was useful to link 

previously separate checks on different foundation failure 
modes (e.g. sliding and bearing capacity) into a coherent view.  

Failure envelopes are also attractive because they can fit well 
with generalized force-displacement foundation models such as 
macroelements models. Such macrolement models can be used 
to compute foundation displacements and represent an 
economical solution to non-linear soil-structure interaction 
studies. These envelopes and models are accepted and 
frequently used in the offshore O&G industry where have 
shown good applicability. 

2.2 General formulation 

There are many failure envelopes in the literature both for 
drained and undrained cases. For foundations failing without 
drainage at the soil-foundation interface Gourvenec and 
Randolph (2011) offer an excellent review. On the other hand 
for drained cases there is a wide description in the literature of 
failure envelopes and macroelement models, to mention some; 
models such as Nova and Montrasio (1991), Gottardi et al 
(1999), Di Prisco et al (2003) or Buscanera et al (2010) provide 
a good framework for shallow foundations on sands. The failure 
envelopes of all these models can be approached by a “rugby 
shaped” failure envelope in the (V, H, M/D) axes (figure 2). 
Equation 1 shows the general expression for any failure surface 
of this type. 

2
2 2

2

0 0 0 0 0 0 0 0 0

( , , ) 2 4 1
H M MH V V

F V H M a
hV DV DV V Vm mh



    
         

                  
 (1) 

Although the experimental base for adjusting the parameters 
in those circumstances is somewhat scarce, the shape of the 
failure envelope has proven rather resilient and very similar 
expressions have been found to fit well other foundation test 
results in materials like carbonate sand or even clay (Martin & 
Houlsby, 2001). 

 

Figure 2. Rugby shaped failure envelope 

In extension to failure surfaces, macroelements models are 
obtained combining failure surfaces with the theory of 
plasticity. Therefore, to characterize foundation stiffness, in 
addition to yield surface, a plastic potential surface g and 
hardening law, controlled by some history parameter must be 
defined.  

An example of a macroelement model for sands is the Nova 
and Montrasio macroelement model (1991) where the yield 
surface f and plastic potential g surfaces is, respectively: 
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Where the parameter ρc is the history parameter and 
represents quantitatively how far the loads are from the failure 
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envelope (1). The parameter ρc increases as plastic displacement 
occur and will vary from 0 to 1. It is obvious that when the 
value of ρc becomes 1 both surfaces coincide. The hardening 
law that controls the value of ρc is expressed as: 
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Where “wp”, “up” and “θp” are, respectively, the plastic 
vertical, horizontal and rotation displacements. The elastoplastic 
stiffness matrix of the macroelement obtained as: 
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Where “Ke” is the elastic matrix, “Kep” is the elastic-plastic 
matrix, “Q” is the vector of forces [V, H, M] and “q” 
correspond to the vector of displacements [w, u, θ]. 

2.3 Comparison bearing capacity methods with failure 
surfaces 

As mentioned previously, the common OWT guidelines 
recommend adaptations of the classic bearing capacity methods 
for inclined eccentric loading. These methods are based in 
correction factors (inclination, eccentricity), however a large 
dispersion exists between which guideline is used. In figure 3 
are compared the failure surfaces corresponding to several 
european offshore guidelines (IEC/ISO, GL/DIN, DNV, ROM) 
in the normalized axes (V/V0, H/V0, M/DV0) with the failure 
surface described in Nova and Montrasio (1991). 

 
 
 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 3. Comparison of failure surfaces with classic methods in the 
guidelines 

It is also important to mention the differences that appear in 
each guideline in the calculation of the value of vertical bearing 
capacity (V0); where different N values and depths correction 
factors are proposed depending on the guideline. In summary, in 
the current OWT guidelines there is not a unique criterion for 
vertical bearing capacity, and even less in the correction factors. 

In addition to this, the sub-structures required for OWT must 
bear with large overturning moments, mostly occurring during 
operation of the turbine. A proper estimate of vertical capacity 
is crucial for the design. It is also clearly seen in figure 3 how 
modern failure surfaces become more advantageous as the V/V0 
increases. However, so far for GBS sub-structures the V/V0 
ratios used in the industry are generally below 0.1 and common 
solutions go for a larger diameter than a heavy structure. 

Paradoxically, this industry discards GBS as a feasible solution 
for the cost and size of soil-bed preparation. 

3 NREL 5 MW WIND TURBINE REALISTIC CASE 

3.1 Turbine and site characteristics 

To illustrate the applicability of macroelements we propose 
the exercise of the pre-design of a GBS for OWT in 
intermediate waters. For the example it has been chosen the 
tower and wind turbine described by the NREL in OC3 code 
comparison  exercise and the bases of pre-design of the Kriegers 
Flak windfarm, Bülow et al (2009). The NREL OWT is 
exhaustively described in Jonkman et al (2009). A summary of 
the turbine main characteristics is shown Table 1. 

The Kriegers Flak wind farm site is situated between 
Germany, Denmark and Sweden in the Baltic Sea; covers an 
area of 4.5 x 12 km2 with depths varying from 17 to 42 m. The 
depth selected for the pre-design example corresponds to 30 m. 
The soil profile expected in the site corresponds to uniform 
dense sand, with relative density of 0.7, friction angle of 35º 
obtained from a CPT cone tip resistance around 33 MPa. The 
met ocean conditions in the site are not extremely severe, a 
significant wave height of 5.2 m for a return period of 50 years 
is expected as maximum.  

 
Table 1. Characteristics of the NREL 5 MW OWT  

Turbine 

Control system Variable speed, collective pitch 

Rotor, Hub diameter 126 m, 3 m 

Hub height 90 m 

Cut-in, Cut-Out wind speed 3 m/s, 11.4 m/s, 25 m/s 

Cut-in, Rated Rotor speed 6.9 rpm, 12.1 rpm 

Rotor and nacelle mass 110+240 Tn 

Tower 

Tower mass 347,460 Kg 

Height 87.6 m 

CM location 38.2 m 

1st and 2nd natural frequency (fixed) 0.32 Hz 2,9Hz 
 
The environmental conditions, soil conditions and design 

restrictions for design are summarized in Table 2. 
 

Table 2. Main characteristics of the KF site  

Environmental conditions 

10 min extreme wind at 80 m (50 years) 37.5 m/s 

3 sec extreme gust at 80 m (50 years) 49.6 m/s 

Average 10 min wind speed 8.8 m/s 

Water depth 30 m 

Significant wave Hs and spectral period (50 years) 5.2 m 

Significant wave Hs and spectral period (1 year) 3.6 m 

Design conditions 

1P frequency range 

3P frequency range 

0.115-0.2 Hz, 

0.345-0.6 Hz 

Allowed rotation  0.5 º 

Allowed first natural frequency range 0.23-0.26 Hz 

Run-up height 13.7 m 

Maximum pre-design loads H, M 10.8 MN, 293 MN·m

Fill density range 15.8-19.2 kN/m3 

3.2 OWT loading and GBS sub-structure pre-design 

Using the proposed methodology, a design with a smaller 
diameter and reduced embedment compared with the original 
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Thorntom bank design has been obtained. The final sub-
structure has a total height of 49 metres, the main characteristics 
of the sub-structure are summarized in table 3. 

 
Table 3. Dimensions of the GBS sub-structure 

Sub-structure dimensions 

Height (flexible+rigid) 25+24 m 

Submerged height 32 m 

Diameter tubular part 6.5 m 

Base diameter 20 m 

Volume of concrete 1,269 m3 

Volume of fill material 3,268 m3 

Avg. Density of backfill 18 KN/m3 

Dry weight 31,112 KN 

Total weight 89,936 KN 

Volume of displaced water 4,026 KN 

Effective weight 49,676 KN 

3.3 Dynamic response of the sub-structure 

Based on the predesigned sub-structure several loading cases 
have been calculated using the aero-elastic software FAST for 
extreme, operational or parked situations. 

A simplified dynamic model of the rigid foundation and the 
soil has been implemented in MATLAB. A comparison of the 
dynamical response of the system is presented comparing the 
results with the macroelement model and the linear spring 
approach that is suggested in the guidelines. 

 

Figure 4. Design load situation computed with FAST 

In table 4 are shown the linearized results obtained with the 
dynamical model. Table 4 shows that when using macrolement 
the dynamic response depends on the loading path for each of 
the load design situations. The general trend follows that as the 
loads become greater the eigenfrequencies decrease due to non-
linearity of the macroelement. This effect is more significant in 
the second eigenfrequency, with reductions beyond 50%, 
compared with the traditional guideline approach (linear 
springs). 

 
Table 4. Eigenfrequencies under several load hypotheses  

Load hypotheses 

 Max H. load  Max Moment 

Extreme situation 8,000 KN 217,000 KN·m 

Operational situation 1,600 KN 162,750 KN·m 

Parked situation 8,000 KN 54,250 KN·m 

Eigenfrequency  

Linear springs (guidelines) 1 Hz 4.5 Hz 

Extreme situation 0.86 Hz 2.0 Hz 

Operational situation 0.87 Hz 2.1 Hz 

Parked situation 0.95 Hz 2.94 Hz 

% of reduced frequency compared with linear springs 

Extreme situation 14% 56% 

Operational situation 13% 53% 

Parked situation 5% 35% 
 
Through this example, despite that the results are using a 

simple macroelement model and not following exhaustively the 
guidelines, big differences appear between the proposed 
methodology and the traditional approach, especially in the 
second mode of vibration.  

According to our aero-elastic calculations in OWT the 
loading level between operation and extreme loading is similar, 
therefore we suggest that non-linearity should be accounted for 
a better estimate of the life and operation of the super-structure. 
While with the traditional approach the dynamic behaviour is 
independent of the load level with the macroelement model 
framework the soil-structure interaction can account for number 
of cycles, load path or other non-used history parameters in the 
traditional approach. 

In this particular case according to the results of the 
example, if the traditional approach is used the self-excitation 
between the second eigenfrequency of the tower (1.7 Hz) and 
second eigenfrecuency of the GBS during operation (2.1 Hz) is 
not detected while with macroelement model can be detected 
and corrected. 

4 SUMMARY AND CONCLUSIONS 

In this paper we have shown the utility of the macroelement 
model framework and failure surfaces in the design of GBS for 
OWT. These models provide a powerful framework to perform 
bearing capacity calculations and dynamic assessment on the 
dynamic behaviour of the sub-structure and super-structure. 

Through a realistic example, we have introduced the main 
issues of designing OWT foundations emphasizing the GBS 
type solutions. In general for GBS, rotation limitations or 
bearing capacity are not the major drivers for the design 
contrary to the common O&G industry practices. Dynamic 
restrictions and fatigue become the most limiting condition, and 
have a large impact in the design. 

We have also explored the differences between the current 
OWT guidelines bearing capacity formulations and the modern 
failure envelopes currently used in the O&G industry. We can 
conclude that methods included in the guidelines are too 
conservative for combined loading. 
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ABSTRACT: The systems of polymeric reinforced soil walls with thin concrete facing panels have been well  known for a few 
decades as a very good alternative to conventional gravity concrete walls. These systems were developed due to big demand from 
construction point of view, searching for ways how to reduce the cost of existing gravity retaining walls made of concrete and also to 
speed up the time construction. From designer point of view there was a need to tackle geotechnical problems as big size of the 
structure, differential settlements, earthquake loading, etc. The article talks about the invention and first tests of these structures, about 
design methods, system components and also about the references.  

 

1 INTRODUCTION 

The modernization of a railway section between Bratislava 
and Kosice is one of the biggest projects in Slovakia. Due to the 
difficult terrain, geomorphological and environmental 
conditions with a limited space for construction there is a need 
for many geotechnical structures like tunnels, very high 
retaining walls and steep slopes under the railway. As a 
designer we were challenged to design on one hand economical 
solutions but on the other hand also working solutions that are 
the best for current application.  

One of the solutions for retaining walls is a system of soil 
reinforced wall with thin concrete facing panels. This system of 
reinforced soil wall is technically a very effective solution for 
construction of retaining walls that are going to be heavily 
loaded on top by railway. Especially for walls of larger scale is 
able to fulfill special demands for construction as the wall 
consists of facing precast panels which are delivered directly 
from precast plant along with custom designed polymer 
reinforcing strips. The strips placed on ground and connected 
with panels, afterward the backfill material can be placed over 
the strips. These operations can proceed quickly and cost 
effectively.   

2 BEGIN OF SOIL REINFORCED STRUCTURES  

After the invent of reinforced soil wall technology in the early 
60’s many different reinforcing elements and facia systems have 
been developed over the years to suit the requirement of 
retaining structures that have been built with this technology. 
Use of polymeric material as reinforcing elements for the 
reinforced soil wall began in mid 70’s. Polymeric strip “in this 
case was used Polymeric strip made from Polyester (PET)” is 
the first polymeric material that has been successfully tried and 
tested as reinforcing element for the reinforced soil wall. 
Polymeric strips consist of high tenacity polyester core encased 
in polyethylene outer sheath. The width of Polymeric strip 
varied between 85 to 90mm depending on the strength of strip. 
Apart from retaining the sides of approaches to bridges, grade 
separators, wing walls for road projects, polymeric reinforced 
soil wall has been used to build variety of retaining structures, 
due to the inherent simplicity, flexibility and speed of 

construction of the system. In this paper polymeric reinforced 
soil wall system has been briefly described and case studies 
have been presented describing the use of this system to 
construct retaining walls for different structures. 

3 TESTS IN SCALE 1:1 

The impetus for the use of Polymeric as reinforcing element in 
reinforced soil wall came in the UK in the mid 70’s as an 
alternative to the corrodible steel strips which formed the basis 
of the patented French and was led by the Government’s 
Transport Research Laboratory. Polyester strip for use in this 
application was one such development but, unlike most others, 
it has stood the test of time. 
 

 
Figure 1. (a) Elevation of TRL experimental Wall with polymer 
reinforcement ParaWeb, Sample exhumed March 2005 (b) before 
removal, (c) after removal. 

The first polyester “in this case was used ParaWeb” wall 
structure was built by the Transport Research Laboratory at its 
Crowthorne facility in 1977. Samples are still taken periodically 
for test to demonstrate the long-term performance 
characteristics of the material. Figure 1(a) shows the elevation 
of TRL wall where polymeric strip was used as reinforcing 
elements. Figure 1(b) shows the polymeric strip “ParaWeb” 
exhumed from the wall in 2005. The mean stress strain 
relationship indicates that no significant reduction in mean 
tensile strength has occurred over the past 28 years, Figure. 2. 



Proceedings of the 23rdEuropean Young Geotechnical Engineers Conference, Barcelona 2014 

130 

The experience gained in the construction and monitoring of 
this structure resulted in the publication in 1978 of the first UK 
Department of Transport Technical Memorandum for reinforced 
soil walls, BE3/78 (1978). 

 

 
Figure 2.Stress – Strain curve of exhumed samples. 

Table 1.Details of the Polymeric strip (ParaWeb) recovered from the 
TRL test wall, 1984 – 2005.  

Sample 
Strap 

References 

Mean 
Tensile 

Strength (kN) 

Mean 
Elongation 

(%) 

Virgin Sample 
1977 

N/A 
31.30 

(-) 

11.40 

(-) 

Strips Extracted 

in 1984 

51J, 
51K, 51L, 
53K, 60M 

30.60 

(25.5-32.5) 

12.10 

(10.5-13.0) 

Strips Extracted 

in 1990 
56K, 

58K, 59L 

31.40 

(28.9-32.4) 

12.80 

(11.8-13.7) 

Strips Extracted 

in 1994 52J, 53J 
30.90 

(27.5-32.0) 

12.10 

(15.5-12.9) 

Strips Extracted 

in 2005 54J 
31.04 

(29.3-33.0) 

12.68 

(11.9-13.9) 

 

 
Figure 3.Components of polymeric strip reinforced soil wall 

Polymeric reinforced soil wall comprises of thin precast 
reinforced concrete facia panels, polymeric strips “in this case 
ParaWeb” connected to the precast units using loop and toggle 
arrangement and passing around anchor bars at the rear, the 
earth fill and accessories as schematically shown in Figure 3. 
Galvanised steel loops are cast into the panels. ParawWeb is 
generally laid in zig-zag pattern passing around the rear anchor 
bars. Rear anchor bar is used just to keep the ParaWeb in 
position during the filling and compaction operation and has no 
design significance. 

4 DESIGN METHOD 

The optimum application for this system is on projects where 
the architectural needs require a particular finish to the exposed 
face, but above all in those cases where the structure must 
withstand considerable loads and stresses, whilst maintaining a 
vertical alignment of the outer face. The operation of soil 
reinforced structures with thin-walled facing panels is based 
mainly on the friction developed with the contact between the 
reinforcements and the soil, which transfer the unbalanced 
tensile forces from the soil to the reinforcement. 
 The reinforcement elements are the key structural 
components of this system, and they have been developed with 
two different materials. Geosyntetic reinforcements and Steel 
reinforcement, but in another paper we accord priority treatment 
to geosynthetic reinforcements. Geosynthetic reinforcements is 
a reinforcement of strips, consisting of high-strength polyester 
filaments protected by a polyethylene coating shaped like 
straps. In order to satisfy and optimise the various design needs, 
the strap is produced in a range of widths which correspond to 
various strengths and the length may be established during 
installation. 

 

 
Figure 4. Result of static calculation 

For design check internal and global stability has to be verified. 
Based on internal check the right strength and length of polymer 
strips and concrete panels are designed. The global stability 
verifies the position and length of reinforcement and checks the 
global stability of the slopes. Also settlements calculation has to 
be carried out. All designs of this project have been done 
according to Eurocodes. Global stability checks were done 
according design analysis combination A2+M2+R1, internal 
checks we done according A1+M1+R1. Following input data 
were considered in models: Permanent and variable unfavorable 
loading, Seismic action, Angle of soil shearing resistance, 
effective cohesion, undrained shear strength and weight density. 
Tensile strength of reinforcement, Pullout resistance of 
reinforcement and Ground resistance for overall stability. 

When a soil reinforced structures with thin-walled facing 
panels with Polymeric strips is designed, knowledge of loss of 
material characteristic in time is required.  The negative effects 
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witch affect the polymeric strips is the resistance to chemicals 
(ENV ISO 12960), biological attack (EN 12225), creep-rupture 
performance, environmental stress crack of polymer sheath 
(ASTM D5397), installation damage, oxidation (ENV ISO 
13438) and weathering (EN 12224). 

 

 
Figure 5.Example of cross section of retaining wall under the railway 

 

 
Figure 6.Example of elevation on retaining wall under the railway 

When designing soil reinforced structures under railways we 
had to be very careful with estimation of right dynamic load 
from trains in accordance with EN 1991-2. Soil reinforced 
structures are usually in second or third geotechnical category. 
Consequently we used load model LM71 with coefficient α, 
where α is between 0,75 to 1,46. 

 

 
Figure 7. Scheme of Load Model LM71 accord EN 1991-2 

After that we calculate a dynamic coefficient 2 and 3, which 
increasing static load stress from load model LM71, for rail set 
SW/0 and SW/2. Dynamic coefficient 2 applies to good caring 
railway section and coefficient 3 applies to medial caring 
railway section. 

 
2 = 1,44 / (L - 0,2) + 0,82       (1) 
Where: 1,00 ≤ 2 ≤ 1,67 
 
3 = 2,16 / (L - 0,2) + 0,73       (2) 
Where: 1,15 ≤ 3 ≤ 2,00 
 

Seismic forces applied to the mass of the slope shall be based on 
a horizontal seismic acceleration coefficient, kh, equal to one-

third of ,A, the expected peak acceleration produced by the 
Maximum Credible Earthquake on bedrock at the site as defined 
in the Seismic Hazard Map. Generally the vertical seismic 
coefficient, kv, is considered to half of kh.  

For seismic loads, if it is determined that the factor of safety 
for the slope is less than 1.0 using one-third of the peak bedrock 
acceleration, procedures for estimating earthquake induced 
deformations such as the Newmarks’ Method may be used 
provided that the retaining wall and any supported structure can 
tolerate the resulting defor-mations.  

5 SYSTEM COMPONENTS 

Reinforced soil wall system with concrete facing panels - 
MacRes consists of precast concrete panels 1,5x1,5x0,14m, 
special polymer loops placed in concrete panel in factory during 
precasting, polymeric strips ParaWeb and anchors for anchoring 
polymeric strips to soil on back side of construction. The panels 
can be made from plain concrete or reinforced concrete. Every 
panels have minimum 2 to 6 special polymer attaching loops, 
Full size panels have minimum 4 loops, half panels or another 
special panels have minimum 2 loops. 

 

 
Figure 7.The sketch of reinforced soil structures with concrete facing 
panels 

6 MAIN ADVACE AND LIMITS OF SYSTEM 

6.1 Main advance 

Design of geotechnical structures in railway engineering is more 
complicated than in civil engineering, as there are more 
negative effects that need to be taken into consideration. One of 
them is stray current. These currents occur on most of the 
electrified railway. For this reason we are trying to eliminate the 
use of steel elements in system, that is why we used this system 
of soil reinforced wall with concrete facing panels under 
railways with polymeric strips. 

 
The main advance of this soil reinforced structures with 

concrete facing panels are: 
- High load bearing capacity, 
- Durability, as all system components are of polymer 
- Flexibility as according to EN 14475 facing panels are 

partial height panels. Panel aspect ratio, combined with 
compressible bearing devices gives good system articulation. 
Hence, significant tolerance to longitudinal differential 
settlement, especially when panel aspect ratio is near unity, 

- Overall cost effectiveness for implementation over a large 
area due to its simplicity and speed of installation, small 
thickness of facing panels (only 0,14m) 

- Flexibility to meet layout requirements, 
- Different types of panel finish. 

6.1 Main limits 

The main limits of this construction system are: 
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- Well compressed foundation base beneath whole reinforced 
soil 

- Good characteristic of backfill soil 
- Optimal thickness of drainage layer on back side of facing 

panels is 500 mm, 
- Maximum high of construction is circa 40 m and maximum 

high one stage is circa 12 m. 
 

 
Figure 8. Reinforced soil structure with concrete facing panels in 
construction 

 

 
Figure 9. Reinforced soil structure with concrete facing panels adjacent 
to the railway 

 
Figure 10. Reinforced soil structure with concrete facing panels under 
the railway 

7 REFERENCES OF SYSTEM 

There are many references of this system worldwide, annually 
around world is built around 200 000 m2 of facing area just of 
MacRes system. In order not to present references in detail, as it 
would be for another article, in Fig. 8-10 are shown basic 
pictures of this system of reinforced soil wall with concrete 
facing panels. 

8 CONCLUSION 

Experiments in mid 70’s confirmed the use of polymeric strip as 
reinforcing element for reinforced soil wall. The polymeric strip 
reinforced soil wall system in totality due to its inherent 
qualities like simplicity, flexibility and speed of construction 
has been put to successful use even for construction of railway, 
highway, harbour walls, bridge abutments and so on. The 
structures have stood the test of time even after being subjected 
to large differential settlements. This proves the flexibility of 
these structures. The ability of polymeric strip reinforced 
structures to withstand large differential settlement also can lead 
to lot of saving on part of elaborate ground improvement or 
foundation systems that will otherwise be required for 
conventional structures. The polymeric strip reinforced soil wall 
structure can be built to suit the varying site conditions without 
much alteration to the site conditions, which also saves project 
time and cost. 
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ABSTRACT: The design of geosynthetic-reinforced embankments over sinkholes remains problematic due to the complexity of 
interaction mechanisms involved. To complement current knowledge, full-scale experiments were carried out. Measurements are then 
used to validate a discrete numerical model, which enables to get further information about the load transfer mechanisms within the 
soil material and about the vertical load acting on the geosynthetic sheet sited over the void. Both experimental and numerical results
are then combined to propose an optimization of the current analytical design methods for the case of non-cohesive granular 
embankment, or new design principles in the case of a geosynthetic-reinforced treated soil layer.

KEYWORDS: sinkholes, embankment, geosynthetic reinforcement, full-scale experiment, numerical simulations, analytical design 
 

 
1 INTRODUCTION  

The construction of new transportation lines more and more 
occurs in area where the ground has rather low or heterogeneous 
mechanical characteristics. In the case of a karstic area or 
former mining exploitation, this can even lead to the formation 
of sinkholes. Hence in such areas, constructions and 
embankments need some surface reinforcement. 

Geosynthetic-reinforced embankments provide an economic, 
environmental and easy-to-use method that is more and more 
used. The designing of such structures remains problematic due 
to complex mechanisms combining arching, membrane effect 
and load transfers within the reinforced embankment overlying 
a void. 

First French research works on this subject began with the 
R.A.F.A.E.L project (Railway and Highway Embankments 
Reinforcement against sinkholes, Gourc et al., 1999) which lead 
to a widely used analytical design method (Blivet et al., 2001) 
later complemented (Villard et al., 2002, Briançon et Villard, 
2006, Villard et Briançon, 2008). Nevertheless, several physical 
phenomena remain not well understood, such as the volume of 
the collapsed zone over the void, the expansion mechanism 
within the granular material, the intensity and shape of the load 
distribution on the geosynthetic sheet and its mechanical 
behavior in anchorage areas. Other aspects such as the use of 
non-linear reinforcements or embankments made of treated 
granular materials also lead to questions. 

In order to improve current knowledge, experimental and 
numerical studies were lead as part of the French FUI (Inter-
Ministry Fund) research project GeoInov, supported by the 
competitiveness poles Techtera (Technical Textiles Rhône 
Alpes) and Fibres as part of the 10th call for project of the 
DGCIS (Direction Générale de la Compétitivité, de l’Industrie 
et des Services). The project is carried out by industrial and 
researcher partners: Texinov, Afitex, Egis Géotechnique, IFTH 
(Institut Français du Textile et de l’Habillement), the 3SR lab 
(Soils, Solids, Structures – Risks) and the Cnam (Conservatoire 
national des arts et métiers). The aim of this project is to 
optimize both mechanical properties and the design of 
geosynthetic reinforcements over sinkholes. 

A synthesis of results for linear geosynthetic reinforcements 
under a non-cohesive embankment or a treated soil layer are 
presented here and more detailed in Huckert (2014). 

2  FULL-SCALE EXPERIMENTATION  

2.1 Experimentation principle 

The full-scale experiments consist in simulating the progressive 
formation of a circular void of rising diameter under a 
geosynthetic-reinforced embankment. A specially designed 
device combining a trapdoor, clay pebbles and concentric 
inflated tubes is thus buried under the reinforcement (Figure 1). 
The platform is then completed, and a geosynthetic-reinforced 
embankment is built on the surface.   
 
 
 
 
 
 
 
 
 
 
 
 

 

 

Figure 1. Installation of the experimental device for the progressive 
opening of a circular sinkhole under the geosynthetic-reinforced 
embankment.  

The opening of the trapdoor and the progressive deflating of the 
tubes enables three stages of opening of the sinkhole: 0.75 m, 
1.25 m and 2.2 m diameters, this latest 2.2 m diameter being the 
only one that remains fully controlled. 

After the opening of the void, the whole section is left 
waiting for 20 days to enable the stabilization of load transfer 
mechanisms within the reinforced structure. Traffic tests and 
overloading are then realized thanks to a shovel going back and 
forth 10 times, resulting in a 1t overload over the center of the 
sinkhole, or using the shovel’s bucket to apply a vertical 
punctual 4t overload over the void’s center. 
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2.2 Description of the experimental sections 

Two experimental sections are here described using either a 1 m 
thick granular, non-cohesive embankment (section GR1) made 
of 20/40 mm clean rounded gravel, or a 0.35 m thick 2 % lime-
treated 0/40 mm granular layer (section ST1). Both sections are 
reinforced with similar geosynthetics, which are specifically 
designed to obtain significant values of strains and 
displacements.  
All experimental materials were carefully characterized (Table 
1). Shear tests using a 0.3 x 0.3 m box were carried out to 
characterize soils by using the NF P94-071 (1994), and tensile 
tests were performed to characterize the geosynthetic by using 
the NF EN ISO 10319 (2008). 
 
Table 1. Description of experimental sections 

 
Section 

Embankment Geosynthetic 
  

(kN/m3) 
C 

(kPa) 
φsol 
(°) 

Type 
J=3% 

(kN/m) 
emb/gsy 

(°) 
GR1 15.5 0 36 GSY1 2988 23 
ST1 18.0 40 33 GSY1 2988 32 
 

2.3 Instrumentation and aim of the measurements 

A specific instrumentation is installed to answer the aim of the 
experimentation. The cinematic of the reinforced structure is 
observed thanks to a topographic campaign, and a Ground 
Penetrating Radar analysis (GPR) associated with metallic 
reflectors within the embankment. 

The deflection of the geosynthetic reinforcement is 
monitored using either the GPR analysis, or a laser sensor 
device located inside de cavity. The reinforcement’s strains are 
measured with optical Fibre Bragg gratings. 

Last, load transfers towards the edges of the sinkhole are 
measured using earth pressure cells. For all measurement 
systems used, the precision obtained depends on both the 
system itself, and on the site conditions with rather large 
granular particles. 

2.4 Main results for the 20/40 mm granular embankment 

During the opening of the cavity, the surface deflection at the 
top of the embankment progressively increases as well as the 
geosynthetic deflection. Once the diameter of the sinkhole 
reaches 2.2 m, the topographic and GPR analysis show a surface 
deflection of 0.14 m for a geosynthetic deflection of 0.23 m 
(Figure 2).  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2. Topographic and GPR analysis on section GR1.  

Besides, this analysis underlines the fact that the granular 
material in movements is restrained to a cylinder above the 

sinkhole. Hence assuming a parabolic shape of both surface and 
geosynthetic deflections, a mean expansion factor of 1.04 can 
be determined. 

2.5 Main results for the treated soil layer 

For the cohesive treated soil layer, no significant displacement 
is observed during the opening of the sinkhole. Hence the 
treated soil layers lies over the void as a flexion plate.  

A load test consisting in applying a vertical punctual force 
above the center of the cavity then results in a brutal collapse of 
a treated soil block on the geosynthetic as soon as the overload 
reaches 1.7 t (Figure 3). This block remains in one piece and has 
an approximate truncated conical shape. 
 
 
 
 
 
 
 
 
Figure 3. Failure mechanism after 1.7t overload on section ST1. 
 
The geosynthetic deflection is rather flat, and does not have 
such a high value (around 9 cm) as in the case of the 20/40 mm 
granular embankment. This suggests that the shape of the load 
distribution on the geosynthetic reinforcement differs from one 
case to another. 

 
3 DISCRETE NUMERICAL SIMULATIONS 

The numerical study is lead using a coupling between finite 
elements representing the continuous geosynthetic sheet, and 
discrete elements simulating the granular embankment (Villard 
et al., 2009). 

3.1 Description of the numerical model 

The granular embankment is simulated by 15000 clusters 
(aggregates of two spherical discrete elements) interacting 
through contact points. These particles are generated by using a 
Radius Expansion Friction Decrease method (Salot et al., 2009), 
hence enabling a precise control of their mechanical properties. 
The values of the contact parameters between the numerical 
particles are deduced from the experimental material properties 
by the way of a numerical triaxial test process. This kind of 
modeling hence enables to take into account the interaction 
between aggregates, including rotations, load transfers, soil 
expansion or large displacements.  

The elements used to describe the geosynthetic 
reinforcement are 3200 triangular shaped, thin, three nodes 
finite elements. This allows describing the unidimensional or 
two-dimensional structure of the reinforcement. Besides, the 
interface with granular particles is described thanks to specific 
contact laws, including normal and tangential stiffness and the 
soil/geosynthetic friction angle. 
 
 
 
 
 
 
 
 
 
 
Figure 4. Numerical model. 
 
Last, spherical discrete elements, sited under the geosynthetic 
sheet, enable to define the lower boundary conditions and the 

Cavity center Edge Edge 
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progressive opening of the sinkhole. This process can either be 
used to represent the progressive opening of the experimental 
sinkhole or to simulate the vertical displacement of a circular 
trapdoor. 

Before any other considerations, the relevance of the 
numerical model is tested by using experimental data such as 
the surface and geosynthetic displacements. Then numerical 
simulations are used to get information that could not be 
experimentally measured, such as the mean load on the 
geosynthetic over the sinkhole or the load distribution on the 
geosynthetic. 

As an example, one interest of the numerical model is to 
show that the load distribution on the geosynthetic, for non-
cohesive materiel, differs greatly following the procedure used 
to open the sinkhole (Figure 5). Hence for a trapdoor, with a 
rather brutal opening of the sinkhole to an immediate large 
diameter, load transfers towards the edges of the sinkhole are 
rather high while the geosynthetic at the center of the sinkhole 
is relatively unloaded. In this case, the inverted triangular shape 
of the load distribution on the geosynthetic sheet is explained by 
the abrupt opening of the void. In case the sinkhole is opened 
with a rising diameter, the progressive opening of the sinkhole 
disturbs load transfers towards the evolving edge of the 
sinkhole, which results in a load distribution rather uniform on 
the geosynthetic overlying the final void (Figure 5).  

 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 5. Load distribution on the geosynthetic over a sinkhole obtained 
using a trapdoor, or with a progressive rising diameter. 
 
Another numerical result is the computation of the mean 
vertical stress applied on the geosynthetic overlying the circular 
sinkhole. During the opening of the cavity, the mean vertical 
stress acting on the geosynthetic sheet over the cavity is 
computed. For the case of a non-cohesive material, this result is 
then compared to existing analytical methods computing load 
transfers over sinkholes (Figure 6): Handy (1985), Marston et 
Anderson (1913), Terzaghi (1943), Vardoulakis et al. (1981). 
As a result, load transfers developed by using the numerical 
simulation are best fitted by Vardoulakis et al. method (1981) 
with the hypothesis of Roscoe. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 6. Mean vertical stress on the geosynthetic over the void. 

4 APPLICATION TO THE DESIGN OF GEOSYNTHETIC 
REINFORCEMENTS OVER SINKHOLES 

4.1 Non-cohesive granular embankment 

Numerical and experimental results are then used to improve 
the most recent analytical design model (Villard et Briançon, 
2008), which has the advantage to consider the frictional 
behavior of the geosynthetic in its anchorage area. 

Following the numerical results, new equations are proposed 
to integrate an inverted triangular load distribution shape on the 
geosynthetic over a sinkhole of diameter L (figure 7). For the 
case of a uniform load distribution, the mean vertical stress q0 is 
determined using Vardoulakis et al. (1981).  

The maximal vertical stress Q on the geosynthetic above the 
void (inverted triangular load distributions) is then computed 
using the same total load above the cavity than the uniform 
case, and considering the three dimensional shape of the load 
distribution. Once the load equation defined for the new case is 
implemented in the analytical method. Table 2 gives an 
overview of the main dimensioning equations. In these 
relations, TH is the value of the horizontal component of the 
tensile force in the geosynthetic at the vicinity of the edges of 
the cavity. This value is computed (Villard et Briançon, 2008) 
by taking into account the behavior of the geosynthetic fabric 
sited over the cavity as well as the stretching and the friction of 
the geosynthetic in the anchorage areas sited at both sides of the 
cavity. 

 
 
 
 
 
 
 
 

Figure 7. Mechanical behavior of a geosynthetic reinforcement within a 
non-cohesive embankment. 

 
Table 2. Main equations describing the membrane behavior of the 
geosynthetic reinforcement for a non-cohesive embankment. 
 

Uniform load distribution 
Inverted triangular load 

distribution 
Load distribution Load distribution 

 
 

Geosynthetic deflection 
 
 

 

Geosynthetic deflection 
 
 

 

Geosynthetic tensile force 
 
 
 
 

 
with: 

Geosynthetic tensile force 
 
 
 
 
 

with: 
 

 
This analytical proposition is then confronted to the results of 
the numerical study (Figure 8).  

For the case of a 0.75 m diameter sinkhole (H/D = 1.33), 
which corresponds to a height of embankment greater than the 
diameter of the cavity and to a brutal initiation of the sinkhole, 
the inverted triangular distribution seems more adapted to 
reproduce the numerical results. When the diameter of the 
sinkhole increases, load transfer mechanisms are disturbed, 
hence modifying the shape of the load distribution on the 
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geosynthetic. Indeed, for a 2.2 m diameter sinkhole 
(H/D = 0.45), the analytical approach fitting well the numerical 
results is based on a uniform load distribution. 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 8. Confrontation between numerical results and analytical 
propositions.   

4.2 Cohesive, treated-soil layer 

Due to the collapse of blocks of soil on the geosynthetic, the 
current analytical methods are not adapted. The following 
proposition is made to introduce the action onto the 
geosynthetic sheet of the cohesive blocks of soil using two 
vertical forces (defined by meter wide) and reproduce the flat 
deflection experimentally observed (Figure 9). The intensity of 
the vertical forces is deduced from the volume and the unit 
weight of the collapsed soil. This change in load distribution is 
then implemented in the classical design method, which leads to 
the following deflection and tensile forces within the 
reinforcement: 

 
 

           
             (1) 

 
 

         
         (2) 
 

 
 
 
 
 
 
 
Figure 9. Design method  proposed for a geosynthetic-reinforced treated 
soil layer. 
 
A comparison to the results of the numerical simulations shows 
that this analytical solution enables to obtain the same 
magnitude of deflections and strains of the geosynthetic 
reinforcement (Figure 10). 
 
 
 
 
 
 
 
 
 
 
 
 
 
Figure 10. Treated soil layer: comparison between analytical and 
numerical results. 

5 CONCLUSIONS 

Full-scale experimentations reproduced the progressive opening 
of sinkholes under a geosynthetic-reinforced non-cohesive 
embankment or a treated soil layer, and confirmed the role of 
these reinforcements above cavities. While the whole 
instrumentation provided a consequent and original data base, 
both topographic and GPR analysis specified the geometry of 
the collapsed soil. Experimental measures then validate a 
numerical model based on a coupling between finite elements 
for the geosynthetic, and discrete elements for the embankment 
material. This model provides information such as the shape of 
the load distribution or the mean total load on the geosynthetic 
overlying the sinkhole. 

Both experimental and numerical results are then combined 
to optimize an analytical design method for the case of non-
cohesive embankments. An alternative analytical load 
distribution is suggested and compared to numerical data. As a 
result, the shape of the load distribution depends on the process 
of the opening of the void and its brutal or progressive 
formation. 

For the case of a reinforced treated soil layer, an original 
analytical approach based upon the experimental observations is 
proposed, and confronted with numerical results with a 
relatively good adequacy. 
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Strength verification of soil-cement columns; a scale laboratory investigation of the 
Push-In Resistance Test 

M. Timoney 
College of Engineering & Informatics, National University of Ireland, Galway, Ireland. 

ABSTRACT: Dry soil mixing is a form of ground improvement in which dry cementitious and/or pozzolanic binders are mixed in situ
with a soft soil with the aim of improving the soils strength and deformation properties. Although site-specific binder trials can help 
estimate achievable strengths, variations in the soil profile, moisture content, organic content and curing temperature mean that in situ
strength verification is required. One common field method used to estimate a stabilised soil column’s strength is the Push-In 
Resistance Test (PIRT), where the force required for a winged penetrometer to penetrate the stabilised column is related to the column
strength using a bearing factor of 10, whose origin lies in a pull-out probe used to profile soft soils. In this paper, the results from a 
unique series of one-quarter-scale laboratory tests are presented and discussed. Stabilised soil-cement columns were created using a 
soft organic silt from Belfast, mixed at two different binder contents and cured for up to 12 days. PIRT methods were used to test the 
columns and a profile of unconfined compression strength was subsequently obtained from the exhumed columns. The results show 
the bearing factor to compare well with the guideline value of 10 for PIRT but are influenced by the strength of the column and that 
lower values occur at the top of the column due to lack of confinement.

KEYWORDS: dry soil mixing, soil stabilisation, strength verification, in situ testing, PIRT, KPS. 

 

1 INTRODUCTION 

Dry soil mixing (DSM) is a form of ground improvement in 
which dry cementitious and/or pozzolanic binders are mixed in 
situ with very soft soils (Timoney et al. 2012). The binders react 
with the soil’s moisture content to initiate hydration reactions 
leading to improved strength and deformation properties. 

In the deep dry soil mixing (DDSM) method stabilised soil 
columns are created by mixing the parent soil with a dry binder 
using Kelly bar type mixing equipment; details of the column 
production process may be found in Larsson (2005). Initially 
lime was the first binder used but later cement and composite 
binders using GGBS became popular due to the enhanced 
strengths possible. Typically treatment depths of up to 30m are 
achievable, with column diameters between 0.5m and 1.0m 
possible. 

Although site-specific laboratory binder trials can help 
estimate achievable stabilised strengths, laboratory strengths 
typically over-estimate field strengths (Porbaha et al. 2000; 
Larsson 2003), and variations in the soil profile, moisture 
content, organic content, curing temperature and mixing 
differences are further reasons why in situ strength verification 
is required to ensure the minimum design strength is achieved. 

2 PUSH-IN RESISTANCE TESTING 

2.1 PIRT Description 

The Push-In Resistance Test (PIRT) or the Conventional 
Column Penetration Test (referred to as Kalk-Pelar-Sondering 
(KPS) in Sweden) is a popular method of testing stabilised soil 
columns and was developed in Sweden in the 1970s. The test 
involves probing of the column using a winged penetrometer, 
similar to that shown in Figure 1. As cross-sectional strength 
variations can occur due to poor binder distribution, the wings 
provide a probing resistance across a cord of the column, unlike 
CPT methods which only test a single point location. 

The penetrometer is typically made up of a 36mm dia. 
central shaft with a 50mm dia. conical tip and two in-line wings 
with a 15mm or 20mm diameter bulb-shaped leading edge. 
Penetrometers are between 400mm and 600mm in width and are 
sized to be 100mm less than the diameter of the column to be 
tested. Guidance on penetrometer dimensions is given by 
Carlsten & Ekström (1996) and TK Geo 11 (Trafikverket 2011). 

During a PIRT, the penetrometer is pressed down through 
the centre of the stabilised column at a rate of 20±4mm/sec 
using truck mounted or excavator mounted CPT equipment. The 
probing force is typically recorded by a load cell at the top of 
penetrometer, thus excluding any additional force due to friction 
between the sounding bars and the column. 

Where deviation of the penetrometer is envisaged to occur, 
for example in columns longer than 6m or with shear strengths 
greater than 300kPa, columns may be pre-drilled with a 50mm 
to 65mm diameter hole. The hole acts as a guide to the 
penetrometer and has been shown to prevent deviation of the 
penetrometer out of the column (Axelsson & Larsson 2003). 

 

 
Figure 1: 400mm PIRT penetrometer 
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2.2 Current Relationship 

The strength of a stabilised column, tested using PIRT methods 
is currently estimated using Equation 1, a simplification of a 
semi-empirical equation based on the Swedish Iskymeter pull-
out probe (Boman 1979) used to profile soft soils: 
 

A

P

N
cu 

1             (1) 

 
where cu is undrained shear strength of the column (kN/m2), P 
the probing force (kN), A the plan area of the penetrometer in 
contact with the column (m2) and N a bearing capacity factor. 
Guidance documents on the testing of stabilised columns 
propose an N value of 10 (Carlsten & Ekström 1996; 
EuroSoilStab 2001; Trafikverket 2011) to be used to estimate 
the strength but values from 8 to 15 are quoted elsewhere in the 
literature from field experience (Halkola 1999; Axelsson & 
Rehnman 1999; Axelsson & Larsson 2003). This research aims 
to investigate the value of N experimentally for the first time 
under laboratory conditions. 

3 LABORATORY EXPERIMENTAL WORK 

3.1 Soil Properties 

All columns were constructed by stabilising a low organic silt 
from Belfast known as sleech. Table 1 provides the properties 
determined by the author during classification tests on the 
sleech; extensive characterisation of the site has previously been 
carried out by McCabe (2002). 

 
Table 1: Kinnegar sleech properties 

Sampling depth 3.0 - 4.5 m 
Moisture content 48 - 65 % 
Liquid limit 75  % 
Plastic limit 27.5 % 
Organic content 2.5 - 5.2 % 
In situ  bulk density 1,620 kg/m3 
Undisturbed shear strength 15 kPa 
Specific gravity 2.73 - 
pH 7.94 - 

3.2 Penetrometer Fabrication 

One-quarter scale PIRT penetrometers, 150mm in width were 
designed to resist an anticipated probing force of 5kN, estimated 
using equation 1, an N value of 10 and a maximum UCS of 
1,000kPa.  These were manufactured from stainless steel (see 
Figure 2), along with a number of 10mm dia. sounding bars, 
250mm to 1,000mm in length. 

 
Figure 2: a) 150mm scaled PIRT penetrometer, b) wing profile 

3.3 Column Construction Method 

A total of 11 number scale stabilised columns, 200mm in 
diameter were constructed in 750mm dia. cylindrical basins to 
heights up to 1m. Table 2 provides details of each column 
constructed. The sleech was stabilised with Ordinary Portland 
Cement (OPC) at a binder content of either 75kg/m3, 100kg/m3 
or 150kg/m3 and each column was constructed using four 
stabilised mixes. A 13mm dia. hole was formed in the column 
using a metal bar to replicate pre-drilling and was required to 
prevent the PIRT penetrometer deviating out of the column 
during testing. Using a column form made up of two semi-
circular pieces of 200mm dia. pipe, bound together with 
adhesive tape to prevent bulging during compaction, columns 
were constructed in the following manner as show in Figure 3: 

 
1) The form pipe was placed on a 200mm thick layer of 

sleech representing unstabilised soil beneath the column. 
2) A stabilised soil mixture was created, all of which was 

compacted into the form pipe in 40mm layers and the 
13mm dia. hole-form bar was inserted into the centre of 
the column to create the guide hole. 

3) The form pipe was removed and the column surrounded 
with unstabilised sleech. 

4) The form pipe was replaced around the top of the column 
and bound closed again with adhesive tape. 

5) A second stabilised mix was created and compacted into 
the form pipe. 

6) Steps 3 to 5 were repeated until the desired column height 
was reached, with an overall construction time of 6 to 7 
hours. 

 
Figure 3: PIRT column construction process 
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3.4 Column Testing 

The columns were allowed to cure for between 1 and 12 days, 
after which the scale PIRT penetrometer was pushed into the 
column. The push-in force and penetrometer displacement were 
recorded by a 5kN load cell and a draw wire gauge. 

Once tested, each column was exhumed from the basin and 
any cracking patterns in the column noted. Moisture content, 
bulk density and shear strength profiles were determined in the 
sleech surrounding the column. During exhumation of the 
columns the path of the penetrometer was clearly visible and 
cracks running from the path of the penetrometer to the face of 
the column were found in many columns. Cylindrical samples, 
50mm in diameter with lengths of between 75mm and 110mm 
were obtained from the column and their Unconfined 
Compression Strengths (UCS) were determined. 

 
Table 2: Constructed PIRT column details 

PIRT 
No. 

PIRT 
Time 
days 

Binder 
Content 
kg/m3 

Unstabilised 
Moisture 
Range % 

Average 
Corrected 

Column UCS 
qcor kPa 

PI-4 1.9 150 42-48 327.8 
PI-5 0.9 100 45-47 199.1 
PI-6 5.9 150 46 469.7 
PI-7 5.9 100 44-47 393.8 
PI-8 3.9 150 48-52 425.2 

PI-9S 5.9 150 48-54 458.5 
PI-10 11.9 150 53-56 708.6 
PI-11 11.9 100 48-53 476.9 
PI-12 11.9 100 & 150 47-53 535.8 
PI-13 0.9 75 48-49 155.7 

PI-14S 11.9 150 48-51 625.4 
*PI-1 to PI-3 were trial columns defining the testing procedures  
and test setup and are not presented. 

3.5 Additional Experiments 

To simulate columns at greater depths and to increase 
confinement around the top of the column, column basins PI-9S 
and PI-14S were cured and tested under a surcharge of 13.7kPa. 

An additional series of experiments were carried out in 
104mm dia. pre-drilled columns using a PIRT penetrometer 
cone tip only. The purpose of these tests was to quantify the 
magnitude of the friction between the cone tip and the sounding 
bars with the column during PIRT of a 200mm dia. column. 

4 RESULTS 

4.1 PIRT Probing Forces 

Figure 5 shows four typical probing forces profiles. At the 
beginning of the test the force peaked and dropped sharply as 
the column cracked open. Within the column the force shows 
similar trends with depth but variations occur due to variations 
in column strength and cracking. Within the final 100mm the 
force dropped as the column opened ahead of the penetrometer 
and then stabilised upon entering the sleech under the column. 

4.2 Stabilised Column Strength 

UCS testing of the samples obtained from the column show 
average UCS values of between 181kPa and 712kPa were 
achieved for each column. Figure 4 shows the average column 
UCS with standard deviation error bars against time (with 
binder content labels), where increasing column strength with 
curing time and binder content can be seen.  

Figure 6 shows an estimate of the column UCS (qcor) at the 
time of PIRT, required to accurately calculate the N value.  
These were determined by adjusting for any strength gain 
occurring in the time between PIRT of the column and the UCS 
testing of the column samples using strength prediction curves 
derived from the overall testing series data. 
 

 
Figure 4: Average column UCS with sample curing time 

 
 

 
Figure 5: Typical uncorrected PIRT probing 

force profiles 

 
Figure 6: Estimated column UCS with depth at 

time of PIRT 

 
Figure 7: N value with depth
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4.3 N Value Calculation 

Using Equation 1, actual N values were calculated for each 
sample obtained from the column. The probing force of each 
sample was determined by correcting the average force recorded 
over the samples location in the column for cone friction and 
bearing. The friction and bearing correction, Pfri was estimated 
using the strength of each individual sample and Equation 2, 
obtained from the series of cone penetrometer tests. 

 
Pfri = 0.0003qcor            (2) 

 
The frontal area was determined as the plan area of the 

penetrometer wings in contact with the column, taking into 
account the pre-formed hole, calculated to be 0.00082m2. 

5 DISCUSSION 

Figure 7 shows the N value with depth for each of the 11 
columns tested, where it can be seen: 

- The current guidance N value of 10 agrees reasonably well 
with results obtained. 

- In the top of the column lower N values were observed 
overall due to lower confining stresses allowing the column 
to crack open ahead of the penetrometer. A surcharge 
placed on the column during curing and testing increased N 
values in this section (PI-9S and PI-14S). 

- Once below the top of the column, N values show a 
typically constant value with depth.  

- N values for PI-13 show an overall increase with depth but 
this is considered to be due to additonal sounding bar 
friction caused by the adhesive nature of the column. 

- Cracking in high strength columns occurred due to their 
brittle nature and resulted in low probing forces at some 
locations, thus producing low N values. This can 
particularly be seen in PI-10 and PI-12 at depths of 350mm 
and 250mm, respectively. 

- Lower strengths were noted in samples from the base of 
some columns and result in higher N values. 

Figure 8 shows the average corrected column strength with 
average N value, excluding data where cracking is considered to 
significantly affect the probing force. N values can be seen to 
reduce with increasing shear strength.  In low strength columns, 
N values were found to be at the upper range of those observed, 
thought to be due to additional force caused by adhesion 
between the vertical faces of the penetrometer and sounding 
bars with the column. 

 
Figure 8: Average column strength with average N value 

6 CONCLUSION 

This paper provides details of the first laboratory-scale attempt 
to explore and understand the relationship between the strength 
of stabilised soil columns and the probing force recorded during 
their testing. The following conclusions were reached: 

- Scale stabilised columns were successfully constructed in 
the laboratory using a low organic silt and OPC. 

- Column UCS values of up to 812kPa were achieved by 
varying the binder content and curing time of each column. 

- Scale PIRT were successfully carried out on the constructed 
columns in which pre-drilling was replicated to prevent 
penetrometer deviation during testing. 

- The relationship between strength and probing force, i.e., 
the N value, is found to agree well with that used in current 
practice but is influenced by the actual column strength and 
reduces with increasing shear strength. 

- N values at the top of the column were noted to be low due 
to a lack of confinement allowing the column crack open 
during testing. The application of a surcharge increased the 
confinement around the column top and increased N values 
at the top of the column were noted. 

- At depths beyond approximately 100mm, the N value was 
found not to increase with depth. 

A similar series of tests have been carried out by the author, 
investigating the Pull-Out Resistance Test and its N values. 
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ABSTRACT: The paper describes a numerical model implemented to simulate the construction of a shallow tunnels in a sandy soil 
with the technique of jet grouted canopies. For a number of reasons, including an uncommon difficulty in reproducing the whole 
geometrical arrangement of the tunnel, its construction sequence and the complex mechanical interaction among the different
elements, the design of this constructive methodology is typically based on simplified mechanical schemes. On the contrary, a more 
complete study of the construction process, capable of reproducing with the highest possible accuracy the shape and position of the 
different elements, their installation and the characteristics of the different materials, is necessary to capture the nature of the complex 
phenomena taking place in the lining and in the surrounding soils and to predict the effects of tunneling operations. Bearing this goal 
in mind, a three dimensional model has been created: the construction sequence of the temporary and permanent lining systems and 
the excavation procedure have been derived from a case study reported in the literature; a hypoplastic model with intergranular strain 
concept has been adopted to describe the stress-strain response of soil from early stages of deformation; a linear elastic-perfectly 
plastic model with time dependent parameters has been adopted to simulate the aging of the cemented materials after installation. The 
results of calculation are reported in terms of settlements at the ground level, deformation of the soil and stresses in the lining. 

 

KEYWORDS: numerical modeling, tunneling, jet grouting, hypoplasticity, small strain. 
 

 
1 INTRODUCTION 

The construction of shallow tunnels, mostly if performed in 
urbanized areas, requires the adoption of special technologies to 
stabilize the contour and front of the excavation, to limit the 
deformation of the surrounding soil and its intrusion in the 
tunnel section, to create a barrier against the entrance of water  
in the tunnel section and, finally, to minimize the effects visible 
at ground level (e.g. Kolymbas, 2005). When tunnels are not 
long enough to justify the costs and the time for installing 
mechanized boring machineries, it is customary to create 
provisional structures supporting the contour and face of the 
tunnel. These structures are activated during the further 
excavation steps of the tunnel with the aim of adsorbing the 
surrounding earth pressure and limit deformation. A possible 
methods to achieve this goal consists in the use of jet grouting 
(Yahiro et al., 1974). It may be performed from the ground level 
(Arroyo et al., 2012) or, more frequently, from inside the tunnel 
(Russo and Modoni, 2005). In the latter case, a relatively thin 
and curved structures, named canopy, is made around the tunnel 
contour with partially overlapped sub-horizontal columns 
(Croce et al., 2004).  

In the typical construction sequence (Figure 1)  the stability 
of the tunnel face is initially provided by a diffused 
reinforcement of the soil behind the face. This goal is achieved 
by drilling and grouting fibreglass bars or tubes into the soil, or 
adding them as reinforcement of jet grouted columns. In both 
cases, the face-reinforcing components are conceived to be 
progressively removed during excavation. Thereafter the tunnel 
contour is reinforced by injecting slightly diverging, partly 
overlapped, jet grouting columns. The jet grouted body, whose 
shape similar to a half frustum of cone is dictated by the need to 
create the space for the next canopy, serves to temporarily 
support the vault during excavation. Soon after the soil removal, 
performed with traditional digging machines, the tunnel section 

is secured by a first lining made of sprayed concrete and steel 
ribs. Finally, a final lining made with reinforced cast in situ 
concrete in installed at some distance from the excavation front. 

Figure 1. Construction sequence with jet grouting canopy. 

Thanks to its peculiar shape, the earth pressure coming from the 
surrounding soil is adsorbed by a system of compressive 
stresses compatible with the characteristics of the jet grouted 
material. Past studies (Croce et al., 2014) have shown that such 
a system may attain failure at the front face due to relaxation of 
soil, or at the contour of the lining due to collapse of jet grouted 
material. The countermeasures to prevent these failure 
mechanisms consist in an accurate prediction of the dimensions 
and the mechanical properties of the jet grouted columns 
(Modoni et  al., 2006; Flora et al., 2013; Ochmański et al., 
2014) possibly quantifying the role of defects (e.g. Croce & 
Modoni, 2007; Modoni & Bzówka, 2012), in a careful plan of 
controls on the execution of treatments and, last but not least, in 
an appropriate calculation of the effects of the tunnelling 
process (Lignola et al., 2005). With regard to the latter issue, it 
is important to quantify, for instance, the stiffening role of the 
face reinforcement or the possible advantage obtained by 
increasing the distance from the tunnel face to the canopy tip, 
that is, by making longer columns or by reducing the excavation 
span. In spite of a variety of analytical tools nowadays available 
to simulate the interaction of complex systems, the jet grouting 
canopies are still dimensioned with empirical rules, which leave 
too a large margin of uncertainty not allowing to fully quantify 
safety. The few examples of numerical analyses reported in the 
literature (Coulter et al., 2004; Pichler et al., 2004; Barla et al., 
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2013) are based on two dimensional schemes and introduce 
assumptions difficult to be verified. A quantitative assessment 
of the complex interaction among the different provisional and 
permanent lining systems and the surrounding soil is here 
obtained with a three dimensional numerical model reproducing 
the tunnelling sequence and the characteristics of the different 
adopted materials. The fundamental choices made to implement 
this type of model and the main results coming out from 
calculation are described in the next paragraphs. 

2 THE NUMERICAL MODEL 

The numerical analysis has been performed with a finite 
element code (AbaqusTM, 2013) which allows to control with 
great detail many different aspects of the tunnel construction. 

2.1 Geometry 

The geometry and construction sequence of the studied tunnel 
are taken from Russo and Modoni, (2005). It is a large diameter 
tunnel built along the Italian “High Velocity” railway line near 
the city of Florence. Due to the particularly dense urbanization 
of the context, great care was placed to minimize the effects 
induced at the ground level. The main countermeasures 
included a heavy reinforcement of the front face by means of 
anchoring fibreglass tubes, a jet grouted canopy at the contour 
followed a second provisional lining made with steel ribs and 
shotcrete and a permanent lining made with reinforced concrete. 

The tunnel cross-section, reported in Figure 2, is made of 
four eccentric arcs of variable radii and is obtained by forming 
an external jet grouting canopy of 72 jet grouting columns 
having diameter equal to 0.6 m and length equal to 12 m, placed 
at a relative centre to centre distance of 0.5 m. A divergence of 
4.76° is given to the columns in order to create the overlapping 
with the subsequent canopy (see Figure 1). 

Figure 2. Cross-section and longitudinal-section of tunnel with jet 
grouting canopy. 

Since the injection fronts of two subsequent canopies are 
positioned at a longitudinal distance of about 6 m, the 
overlapping between the two canopies is equal to 6 m. 
Considering this divergence, each canopy has been modelled as 
a sequence of 36 clusters (each representative of one column) of 
variable thickness along the tunnel (from 0.5 to 0.32 m). A 
secondary provisional lining with thickness equal to 30 cm, has 
been added all around tunnel contour, except in the bottom part, 
to represent the shotcrete layer reinforced with steel ribs. 
Finally, a lining made from cast in situ concrete with thickness 
variable between 0.7 m (in the upper part) and 1.0 m (in the 
bottom part) is added. The tunnel face is reinforced with 
anchors of length equal to 24 m, each of them modelled as a 
fully embedded 1D beam.  

A representation of the whole tunnel, consisting of 15 
subsequent canopies for a total length of 90 m, is presented in 
Figure 3. To reduce the effects of the boundaries on the results 
of calculation, a squared cross section of 80 m side and a length 
of 180 m has been given to the entire soil block. Considering 
that the soil cover on the top ranges between 5.7 to 6.5 m, the 

effects of tunnelling are likely to propagate at the ground 
surface. To optimize the computational effort, the volume 
representing half of the space, has been split into 700 thousands 
first-order tetrahedral elements of variable dimension 
(increasing from the tunnel section to the border) and 130 
thousands first-order hexahedral elements which, together with 
1D elements at the front face, results in about 1.1 million DOF. 

Figure 3. Mesh of finite element method model for whole tunnel. 

The time sequence of operations for this type of structures is, at 
least in principle, acknowledged to play an important role on the 
mechanical response of the system. It cannot be in fact ignored 
that the stress-strain response of soil is irreversible and stress 
history dependent, and thus some difference could occur from 
the stress paths induced by different tunnel construction. 

On the other side, the cemented materials (here present in 
the jet grouted canopy and in the other provisional and 
permanent lining) improve significantly their mechanical 
properties during the first days after their installation. Therefore, 
different time intervals between the operations (e.g. injection of 
the jet grouted canopy and excavation) may determine non 
negligible differences. The construction sequence given in the 
present analysis, which includes about 150 calculation steps, has 
been derived from the previously recalled example. A typical 
example for a span of the tunnel is reported in Figure 4. 

Figure 4. Typical time sequence for a span of the tunnel. 

2.2 Constitutive models 

Apart from the above discussed constructive details of the 
tunnel, the distribution of displacements and stresses in the 
structural elements and surrounding soil depend very much on 
the stress-strain properties of the different materials involved in 
the analysis. With the aim of investigating the importance of the 
soil model on the mechanical response of the tunnel, different 
constitutive relationships have been adopted in the simulation. 
In particular, the attention has been focused on two hypoplastic 
models reported in the literature for granular materials. The first 
one proposed by von Wolffersdorff (1996) predicts different 
stiffness depending on the loading (or unloading) path, on the 
applied mean pressure and on the soil initial density. A second 
more advanced hypoplastic model includes a more refined 
simulation of the small-strain behaviour, obtained by means of 
the Intergranular Strain Concept (Niemunis and Herle, 1997). 
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This model overcomes ratcheting problem which can be 
observed with basic model and allows to better predict the non 
linear stress-strain relation induced by low amplitude stress 
variations (say for ε in the range 10-6 – 10-2). Both models have 
been implemented using the UMAT subroutine freely available 
from a website of soilmodels project (www.soilmodels.info). 
The two models have been calibrated with the laboratory tests 
performed on Toyoura sand for an initial void ratio eo= 0.66. 
This material has been here chosen as a reference because it is 
widely investigated (e.g. Tatsuoka and Kohata, 1995) and 
because many constitutive models has been already calibrated 
on it (e.g. Herle & Gudehus, 1999; Arnold, 2008). The 
comparison between the two models for the simulation of 
triaxial tests carried out at different effective confining stresses 
(respectively 100, 300 and 500 kPa) is reported in Figure 5, and 
the list of calibration parameters is reported in Table 1. 

Figure 5. Triaxial compression test for different confining pressure 100 
kPa, 300 kPa, 500 kPa (Hyp – hypoplasticity, Hyp_s – hypoplasticity 
with intergranular strain concept).  

Table 1. Parameters of the two adopted constitutive models for Toyoura 
sand.  

HYPOPLASTIC MODEL (Wolffersdorff, 1996) 

φc hs N ed0 ec0 ei0 α β 

[o] [GPa] [-] [-] [-] [-] [-] [-] 

30 2.6 0.27 0.61 0.98 1.10 0.14 3.0 

INTERGR. STR. CONCEPT (Niemunis and Herle, 1997) 

mR mT R βr χ 

[-] [-] [-] [-] [-] 

8.0 2.0 2.e-5 0.1 1.0 

 
The mechanical behaviour of the cemented materials (the jet 

grouted material of the canopies and the sprayed concrete of the 
secondary lining) has been simulated with a linear elastic-
perfectly plastic model. Drucker-Prager yield function has been 
used to simulate failure, whereas a time dependency has been 
given to the parameters to simulate the aging of soil.  

With particular reference to this latter aspect, whose 
importance for practical purposes must be seen in conjunction 

with the time sequence of the tunnel construction, the 
development of Young’s modulus and compressive strength 
during time have been modelled using a relation proposed by 
Weber (1979), whereas the time history of the shotcrete tensile 
strength has been described by a relation proposed by Neville 
(1995). The variation of stiffness and strength for the different 
materials is shown in Figure 6. From this plot it is seen that a 
greater part of stiffness and strength is developed in the first few 
days but, for a complete setting of cement, about 30 days are 
needed. 

Figure 6. Development of time-dependent parameters for shotcrete and 
jet grouted material (E_s – Young modulus for shotcrete, E_jg – Young 
modulus for jet grouted material, f_tu_s – tensile strength of shotcrete, 
f_cu_s – compressive strength of shotcrete, coh – cohesion of jet 
grouted material). 

3 RESULTS OF THE ANALYSIS 

A number of sample result is shown in the next sections. The 
analysis has been performed comparing the effects obtained 
with the two adopted constitutive models, presenting in two 
separate subsections the deformation on the soil and the stresses 
in the lining. 

3.1 Ground deformation 

The progress of vertical displacements at three points of an 
intermediate tunnel cross section (40 ahead the initial section of 
the tunnel) is plotted in Figure 8 versus the distance from the 
excavation front. 

Figure 8. Comparison of vertical displacements for chosen points during 
face passage for different constitutive models (H – hypoplastic model; 
Hs – hypoplastic model with intergranular strain concept). 

The analysis with the hypoplastic model shows a downward 
movement in all points until the excavation reaches the analysed 
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cross section. Thereafter, a sudden uplift is observed in the point 
A positioned at the base of excavation due to the stress relief 
induced by the removal of the soil volume in the tunnel section. 
It is important to see that this is a very local effect, since it is not 
observed in the soil above the tunnel crown (points B and C). 
The plot also shows the role of the adopted soil model. Smaller 
downward displacements are in fact obtained with the model 
using the Intergranular Strain Concept. A more detailed 
observation reveals that the movements produced ahead of the 
excavation front are almost nil. In other words, the more 
pronounced non linearity of this model at small strains (see 
Figure 5), tends to confine the deformation near the excavation 
zone, where higher deviators stresses are produced, and to limit 
the strain propagation of in the farther soil volumes. 

3.2 Stresses in the cross section 

The deviatoric stresses in the structural elements and also in the 
surrounding soil for an intermediate cross section (40 ahead the 
initial section of the tunnel) are plotted in the figure 9. 

Figure 9. Deviatoric stress in the structural elements and surrounding 
soil for hypoplastic model with intergranular strain concept. 

Stress relief in the soil under the tunnel and also stress 
concentration in the canopy as a consequence of loads transfer 
from above soil to the bottom of excavation can be observed. 
However, stresses in the temporary and as well final lining are 
much lower in comparison with these in canopy, which can be 
explained by the stress redistribution which occurred after 
installation of canopy and before installation of temporary and 
final lining. 

4 CONCLUSION 

The sample results reported in the above sections clearly show 
the three dimensional nature of the phenomena induced by 
tunnelling and the importance of implementing sufficiently 
accurate models. With regard to the constitutive models, the 
higher degree of soil non linearity at small strain levels gives a 
concentration of deformation where much of the stresses are 
produced. The correct simulation of all the mechanical aspects, 
including the construction sequence and the gain of stiffness 
and strength versus time of the cemented materials, is necessary 
to identify the paramount aspects of this complex mechanical 
system. However, the goal of the undertaken research is to set a 
minimum level of complexity of simulation and to increase the 
cost effectiveness of tunnelling with jet grouted canopy. 

5 ACKNOWLEDGEMENTS 

This research is carried under the auspices of DoktoRIS 
scholarship project, cofinanced by European Social Found. 

6 REFERENCES 

ABAQUS (2013), ABAQUS Documentation, Dassault Systèmes, 
Providence, RI, USA. 

Arnold, M. (2008), Application of the Intergranular Strain Concept to 
the Hypoplastic Modelling of Non-Adhesive Interfaces, The 12th 
Int. Conference of IACMAG, 1-6 October, 2008, Goa, India 

Arroyo, M., Gens, A., Croce, P. and Modoni, G. (2012) Design of jet-
grouting for tunnel waterproofing, Proceedings of the 7th Int. 
Symposium on Geotechnical Aspects of Underground Construction 
in Soft Ground, TC28 IS Rome, Viggiani ed., Taylor & Francis 
Group, London, May 2011: pp.181-188. 

Barla, M. and Bzówka J. (2013). Comparing Numerical Alternatives to 
Model Jet Grouting in Tunnels, The Electronic Journal of 
Geotechnical Engineering, vol. 18, 2997-3008. 

Coulter, S. and Martin, C., D. (2004), Ground Deformations Above a 
Large Shallow Tunnel Excavated Using Jet Grouting, Proc. ISRM 
Regional Symposium EUROCK 2004 and 53rd Geomechanics 
Colloquy. Edited by W. Schubert, pp.155-160. VGE, Essen. 

Croce, P., Flora, A., Modoni G.: Jet Grouting, CRC Press by Taylor and 
Francis, 2014. 

Croce, P., Modoni, G. (2007). Design of Jet Grouting Cut-offs. Ground 
Improvement, 11 (1): 11-19. 

Croce, P., Modoni, G. and Russo, G. (2004.b) Jet grouting performance 
in tunnelling, Proceedings of the Conference Geo-Support 2004, 
Orlando (Florida), September 2003: 910-922. 

Flora, A., Modoni, G., Lirer, S., and Croce P. (2013) The diameter of 
single, double and triple fluid jet grouting columns: prediction 
method and field trial results, Géotechnique, 63 (11), 934 –945 

Herle, I. and Gudehus, G. (1999). Determination of parameters of a 
hypoplastic constitutive model from properties of grain assemblies. 
Mechanics of cohesive-frictional materials 4, 461–486. 

Kolymbas, D., Tunnelling and Tunnel Mechanics. A Rational Approach 
to Tunnelling. Springer Berlin Heidelberg, 2005. 

Lignola, G., Flora, A., and Manfredi, G: Simple Method for the Design 
of Jet Grouted Umbrellas in Tunneling. J. Geotech. Geoenviron. 
Eng., 134(12), 1778–1790, 2008. 

Modoni, G., Croce, P. and Mongiovì, L. (2006) Theoretical modelling 
of jet grouting, Géotechnique, 56 (5): 335-347. 

Modoni, G. and Bzówka, J. (2012) Design of jet grouting for 
foundation, Journal of Geotechnical and Geoenvironmental 
Engineering, ASCE, 138(12): pp. 1442–1454. 

Ochmański, M., Modoni, G. and Bzówka, J. (2014) Prediction of the 
diameter of Jet Grouting columns with Artificial Neural Networks, 
Soils and Foundations, under review. 

Pichler, C.; Lackner, R.; Martak, L.; Mang, H. A. (2004) Optimization 
of jet-grouted support in NATM tunnelling. International Journal 
for Numerical and Analytical Methods in Geomechanics vol. 28 
issue 7-8 June - July 2004. p. 781 – 796. 

Neville, A.M.: Properties of concrete, Addison Wesley Longman Ltd, 
Harlow, 1995. 

A. Niemunis and I. Herle. Hypoplastic model for cohesionless soils with 
elastic strain range. Mechanics of Cohesive-Frictional Materials, 
2:279-299, 1997. 

Russo, G. and G.  Modoni, Monitoring results of a tunnel excavation in 
urban area. Proceedings of the 5th International Symposium of the 
Technical Committee TC28: Geotechnical Aspects of Underground 
Construction in Soft Ground, Amsterdam, Netherlands, June 15-17 
2005: pp. 751-756, 2005. 

Weber, J.W.: Empirische Formeln zur Beschreibung der 
Festigkeitsentwicklung und der Entwicklung des E-Moduls von 
Beton. Betonwerk und Fertigteiltechnik 12, 753–6, 1979. 

P. A. von Wolffersdorff, A hypoplastic relation for granular materials 
with a predefined limit state surface. Mechanics of Cohesive-
Frictional Materials, 1:251-271, 1996. 

Tatsuoka, F., and Kohata, Y., 1995, Stiffnes of hard soils and soft rocks 
in engineering applications, Keynote Lecture, IS-Hokkaido'94, 
pp.947-1063. 

Yahiro, T., Yoshida, H.and Nishi, K.: Soil improvement utilizing a 
high-speed waterjet and air jet. Proceedings of the 6th International 
Symposium on Water Jet Technology, Cambridge, United 
Kingdom, Paper J62: 30–31 August 1974: pp. 397–428. 



Proceedings of the 23rd European Young Geotechnical Engineers Conference, Barcelona 2014 

145 

Seminatural experimental studies of geotextile encased stone columns 

R.I. Shenkman & A.B. Ponomaryov 
Perm National Research Polytechnic University 
 

 

ABSTRACT: Article deals with issues related to problem of the applying of geotextile encased columns in the geological conditions 
of Perm region. Paper presents results of seminatural experimental studies of small-scale models of such structures, analysis of the 
results of the experiments, formulation of directions of the further research and experiments which are necessary to do. 
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1 INTRODUCTION.  

Buildings and structures which are constructed on soft soils 
often have serious problems with uneven or excessive 
setlements and overall stability. Using the methods of soil 
improvement like geotextile encased stone columns (GESCs) 
can overcome all these problems. Applying GESCs increases 
bearing capacity and reduces settlements of soil, also the 
method allows work in a very soft water-saturated soils. 
Relevance of such methods of ground improvement is now 
significantly increases due to the extensive use of geosynthetics 
in construction practice. Also economic development forces us 
to build different constructions on sites that were previously 
considered as not profitable due to ground conditions. 
Application of modern geosynthetics can significantly improve 
the performance of classic soil piles and helps to avoid the 
disadvantages associated with the constancy of cross-sectional 
geometry of the pile during production and explotation of soil 
piles. 

Geotechnical conditions of the Perm Region of Russia 
Federation are presented by soft water-saturated clay soils with 
high deformability and low bearing capacity. Application of soil 
piles is a mechanical method of improving so it is most 
effective in clay soils, which predominate in the Perm region. 

A large number of scientists are engaged in research in this 
area: Castro 2011, Gniel 2009-2010, Kempfert 2006, Kraev 
2008, Paul 2004, Ponomarev 2003-2004, Trunk 2004, Ritchel et 
al 2012. Authors draw conclusions about the great effectiveness 
of this method for decreasing of settlements of the soft soil 
according to the results of all the studies. 

It was determined the direction of the current study, namely 
the use of GESCs in Perm region, in previous papers on the 
subject, based on the analysis of existing research material 
(Shenkman 2011-2013). These constructions (GESCs) are the 
most rigid and most effectively reduce settlemets, and under 
certain conditions may act like a substitute for the classic piles. 
The results of past our reearch to a certain extent corresponds 
with the latest research complied by Almeida 2013 

Soil piles are now widely used as a method to improve the 
weak soil base under the embankments. Therefore, an important 
component of future research is to examine its work when load 
transferring directly to soil piles, without the use of the 
distribution of elements or their height is limited. A series of 

semi-natural experiments with soil piles in geological 
conditions of Perm region were hold for this purpose. 

1.1 Seminatural experimental studies of geotextile encased 
stone columns 

Field tests of small-scale models of GESCs were carried out in 
the soft water-saturated clay soils at the construction site in the 
Perm. The geological structure from drilling wells within the 
studied depths (up to 14.0 m) Participating modern alluvial 
deposits of Quaternary (aQIV). 

Top soil is developed everywhere on the surface with 
capacity 0.1 m Further at the site are alluvial soils presented by 
light-brown loams, silty light, with  capacity 11 m underlain by 
crushed stone and pebble soil with layers of sand and loam. 
Brown clay layers were met at some sites with capacity 2.1-4.5 
m Geotechnical section of testing site is presented in Figure 1. 

 

Figure 1. Geotechnical section of testing site 

Model seminatural testing of GESCs was performed directly in 
the first engineering-geological element. Physical and 
mechanical characteristics of the soil are presented in Table. 1. 
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Table 1. Physical and mechanical characteristics of the soil 

Name 
of soil 

Deformation 
modulus, МPа 

cohesion, 
c, кPа 

Friction, φ, 
deg. 

Soil density, 
ρ , g/cm3 

Loam 7 12 8 1,92 
 

Firstly, top soil was removed at the experimental and 2m deep 
pit was constructed to reach loam. CPT testing was held at the 
site to determine the uniformity of soil. CPT tests were held 
with equipment Geomil LWC - 100/100 XS. It can be argued 
that loams have spread to a depth of 11 m with  stable values of 
deformation modulus from 4 to 6 MPa according to the results 
of CPT. This data corresponds well with the available historical 
data of geological surveys obtained at the time of construction 
on the site. Therefore, soil can be characterized as a 
homogeneous compressible soil with high degree of 
deformability. General view of the pit for testing is presented in 
Figure 2. 

 

Figure 2. General view of the pit for testing 

Tests of small-scale models of GESC were carried out in the 
course of the experiment. GESC was made from crushed stone 
of limestone rocks with fractions 0-20 which was wrapped with 
fiberglass mesh. General view is presented in Figure 3 

 

Figure 3. General view of the small-scale model 

The aim of the tests was to determine the effectiveness of this 
technology in the soil conditions of Perm Region and 

determining the most effective methods of using of GESCs for 
future use as an improved foundation of buildings and 
structures. 

Experimental schemes which were considered during the 
tests:  

 plate bearing test of soil with natural structure;  
 plate bearing test of soil improved with single 

GESC; 
 plate bearing test of GESC; 
 plate bearing test of soil improved by group  of 

GESCs (3 pieces).  
These experimental tests are presented in Figure 4 
 

Figure 4. Schemes of experimental tests: 
a) plate bearing test of soil with natural structure;  
b) plate bearing test of soil improved with single GESC; 
c) plate bearing test of GESC; 
d) plate bearing test of soil improved by group  of GESCs (3 pieces).  
1 - hard plate 600 sm2; 2 - hard plate diameter of 130 mm; 3 - hard plate 
4000 sm2; 4 – GESC diameter of 130 mm; 5 – GESC diameter of 80 
mm; 6 - Seal sand; 7 - crushed stone. 

The loading of small-scale models was carried by setting of 
plate test consisting of a support frame, the anchoring system, 
pneumatic loading device and of the deformation locking 
system. General view is presented in Figure 5. 

 

Figure 5. General view of the experimental setup 

Treatment of the results of the test was based on the 
methodology presented in GOST 20276-99 "Soils. Field 
methods for determining the strength and deformability". And 
also on the basis of selection of deformability modulus on 
method in accordance with SP 22.13330.2011 "Foundations of 
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buildings and structures". Obtained "conditional" deformation 
modulus are shown in Table 2. 

 
Table 2. Results of experimental data processing. 

Scheme a) b) c) d) 
"conditional" deformation 

modulus, MPa 
0,9 2 40 4 

Ratio of the area of the 
pile to the plate 

0 0,2 1 0,06 

 
It should be noted, that GESC in itself has the best deformation 
characteristics in comparison with the surrounding soil base, 
despite the scheme used in the form of friction pile, not based 
on hard soils. This method is less effective for use of soil  piles 
(Shenkman 2011). There is no significant decrease in sediment 
soil base on the considered load range during loading of 
improved soil mass (scheme (b), (d), Figure 4). In our opinion, 
this could affect the following factors: 
 Failed ways to incorporate GESCs to work.  
 A number of authors (Gniel & Bouazza 2009) describes the 

effects associated with the fact that the soil must undergo 
some settlements before geotextile encased soil pile come 
into work. This may for example be associated with the 
compression of the pile during its construction, as well as 
in crushed stone packing in soil pile. This settlements 
under field testing may be around 5sm (Ritchel et al 
2012). These conditions can also affect the experimental 
results. 

2 CONCLUSION 

Experimental studies have identified the main features of using 
GESCs: 
 The additional foundation settlement associated with 

technology of inclusion into the work of GESCs(pre-
compaction, crushed stone layers with the use of a 
mechanical seal) must be considered in case of disign of 
this method of improvement. 

 It is established that GESCs is effective in soft 
watersaturated clay soils of Perm region.. This is due to 
low deformability of GESCs. 

 Efficiency of improvement is largely dependent on 
inclusion of GESCs in the work or on technolodgy of 
construction of GESCs. Therefore, it is necessary to carry 
out experimental studies of GESCs, constructed according 
to the scheme close to the actual possible and at the same 
time ensuring their effective work. 
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ABSTRACT: In response to the growing need for resilient track materials (including ballast) to cope with increasing train speed, load
and frequency, means of optimizing its performance and minimizing maintenance requirements are required. The use of fibres of
random orientation has been shown to significantly improve the mechanical properties of sand. It is reasonable to expect that such
random reinforcement will have similar effects on ballast, provided that a thorough understanding of the reinforcement mechanisms at 
both the micro and macro-scale is reached. This work presents data based on image-based deformation measurements and macro-
observations of fibre reinforced scaled ballast to suggest that fibres influence both the micro-mechanical interactions governing 
volume change of the mixture and shear strength mobilization which is enhanced by the tensile capability of the fibres in the mixture.
In addition, it suggests the potential benefits of the proposed reinforcement technique in railway ballast.  

 

KEYWORDS: Ballast; fibre reinforcement; grain/fibre interaction; macro and micro mechanics; digital image correlation
 

1 INTRODUCTION 

The ballast that supports a traditional railway track is the focus 
of the majority of routine railway maintenance and renewal 
activities. Despite recent research into its mechanical behaviour, 
a holistic understanding of the material and its response to 
typical loading and environmental conditions remains unknown. 
Hence, there is considerable potential for optimizing its 
performance and minimizing maintenance requirements. 
Previous research has shown that the use of fibres of random 
orientation can significantly improve the mechanical properties 
of sands. It is to be expected that ballast, which is also a 
granular material, would similarly benefit from such a 
reinforcement technique provided that a rigorous scientific 
understanding of the mechanics involved are achieved.  

The use of randomly distributed fibres to reinforce soil has 
been investigated by a number of researchers (e.g. Michalowski 
and Cermak, 2002; Lirer et al., 2011; Diambra et al., 2013). The 
mechanical behaviour of the mixture may be influenced by fibre 
properties, soil characteristics and reinforced soil 
characteristics. However, different researchers have focused on 
different things, and an overall view of behaviour is difficult to 
obtain. In particular, the influence of density on the mechanical 
behaviour has attracted limited attention. One of the few 
investigations into the effect of introducing randomly oriented 
fibres into a granular medium was by Diambra et al. (2010) in 
which they showed that the addition of fibres to sand gradually 
reduces the maximum dry density of the mixture. Recently, 
Ajayi et al. (2014) presented evidence to suggest that fibres 
added to a granular medium interfere with the packing of the 
particles, generally displacing both voids and solids (particles) 
thus, emphasizing the need to take this behaviour into account 
when interpreting the mechanical behaviour of specimens with 
different fibre content.  

This paper examines the effect of random fibre 
reinforcement on the structural packing and mechanical 
behaviour of fibre reinforced granular materials. It explains the 
relationship between the structural packing and mechanical 
behaviour of fibre reinforced granular materials through image-
based deformation measurements and macro-observations.  In a 

departure from the published literature, the materials used are 
large sized particles (i.e. D50 = 14 mm).  

 
2 EXPERIMENTAL WORK 

2.1 Materials 

The granular material reported in this paper follows a 1/3 scale 
parallel gradation of standard Network Rail (NR) ballast (Figure 
1) which offers an attractive and economical means of 
developing an understanding of the mechanics of full size 
ballast (D100 = 62mm). Le Pen et al. (2013) demonstrated that 
although a measurable variation of form and roundness with 
particle size exists over a range of sieve intervals, these 
differences are slight and do not militate against the use of 
scaled material in investigating the factors influencing macro-
mechanical behaviour.  

The dimensions and the typical mechanical properties of the 
fibres used are presented in Table 1. 

2.2 Laboratory Tests 

The scaled ballast-fibre mixture used for the density and 
triaxial tests was prepared by mixing known masses of fibres 
and scaled ballast in a plastic container. The resulting mixture 
was random and homogeneous. The procedure for determining 
the maximum and minimum density of fibre reinforced granular 
are further described in Ajayi et al. (2014). 

Conventional monotonic triaxial tests on specimens 150 mm 
in diameter and 300 mm in height were carried out on fibre 
reinforced and unreinforced scaled ballast specimens. The fibre-
reinforced scaled ballast mixture was prepared in the same way 
as for the density tests and the reinforced specimen was then 
prepared to achieve the densest state corresponding to the 
minimum void ratio at a given fibre content. The triaxial tests 
were carried out on dry specimens at a confining stress of 30 
kPa to replicate the typically low confining stresses within 
ballast reported in the literature (e.g. Indraratna et al., 2010; 
Sevi and Ge, 2012). The triaxial tests and the initial conditions 
of the specimen are summarised in Table 2. A digital image-
based deformation measurement system for triaxial tests as 
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described in Bhandari et al. (2012) was utilized to study the 
local deformation of the specimens. 

 

 

Figure 1. Particle size distribution of 1/3 scaled ballast and Network 
Rail ballast gradation 

 
Table 1. Typical values of the basic properties of polyethylene fibres 

 
Polyethylene 

Fibre length  100 mm 

Fibre width 35 mm 

Fibre thickness  0.5 mm 

Specific gravity 0.92 

Tensile strength 20.3 MPa1, 11.2 MPa2  

Softening temperature 85°C 

Moisture absorption < 0.1% 

  1 Longitudinal; 2 Transverse 

Table 2. List of the triaxial tests performed 

Specimen eo 
Fibre content, 

Vfr (%) 

Loose SB 0.87 - 

Dense SB 0.76 - 

Vfr = 1.6% 0.85 1.6 

Vfr = 3.2% 0.93 3.2 

 
3 RESULTS 

3.1 Density Tests 

The parameters used in describing the test results are as defined 
in Ajayi et al. (2014), in which the void ratio, e is defined as the 
ratio of the volume of voids (Vv) to the volume of the grains 
(Vs), hereafter termed “solids”, and a new term called 
Volumetric fibre ratio, Vfr defined as the ratio of the volume of 
fibres (Vf) to the volume of solids is introduced. These 
definitions have the advantage of considering fibres 
independently of both the solids and the voids. The maximum 
and minimum void ratios (i.e. emax and emin) of the reinforced 
scaled ballast increase gradually with increasing Vfr (Figure 2), 
suggesting that the addition of fibres interferes with the packing 
of the particles. This result corroborates the findings of Ibraim 
and Fourmont (2007). 

3.2 Triaxial Tests 

The stress-strain plot shows the beneficial effects of 
increasing fibre content (Vfr) on the peak strength of reinforced 
scaled ballast, while the volumetric response of the unreinforced 
scaled ballast (1/3SB) is typical of dense granular materials 
exhibiting initial compression and then dilation (Figure 3). The 
reinforced specimen exhibited less dilation than the 
unreinforced sample, suggesting that the addition of fibres 
inhibits dilation.  

 
 

 
Figure 2. Effect of increasing Vfr on the void ratio of reinforced 1/3rd 

scaled ballast while using a constant compactive effort 

 

 

 

Figure 3. Effects of fibre reinforcements on the development of stress 
ratio, q/pʹ and volumetric strain with axial strain for scaled ballast 

 
4 DISCUSSION  

An important consequence of the data presented in Figure 2 is 
that changing the volume fraction of fibres, Vfr at constant void 
ratio will affect the relative density of the specimen. For 
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example, a specimen at a given void ratio could be relatively 
loose when Vfr is low but relatively dense when Vfr is high. This 
must be taken into account when comparing the mechanical 
behaviour of specimens of fibre reinforced materials with 
different Vfr. Fundamentally, when a volume of fibres Vf is 
added to a granular material (Figure 4(a)) it will bring about 
changes in the volume of solids and the volume of voids (as 
well as the volume of fibres) within a given constant total 
volume, VT0 (Figure 4(b)). It can then be deduced that the 
addition of fibres mainly prevents grains from packing while 
creating voids especially within the vicinity of the fibres. 
Hence, fibre reinforced granular materials can be considered to 
have both macro voids (voids due to packing of a smaller 
number of solids within a given total volume) and micro voids 
(arising from the inability of fibres to form perfect bonds with 
particles).  

Figure 5 shows that at a given rate of dilation, the magnitude 
of the mobilized strength is higher in fibre reinforced 
specimens. Also, the maximum rates of dilation of the 
reinforced specimen (when Vfr = 3.2%) and the unreinforced 
loose sample appears to be similar. This is corroborated by the 
plot of the angle of dilation, ψ against shear strain shown in 
(Figure 6). The lower maximum rate of dilation, dmax, exhibited 
by the specimens with a higher eo (i.e. loose SB and Vfr = 3.2%) 
is as expected since the Vs in the specimen is smaller than in the 
specimens with a lower eo (i.e. dense SB and Vfr = 1.6%). It 
could be argued that fibre reinforcements in granular materials 
(which leads to the creation of macro and micro voids) 
influence the micro-mechanical interactions governing volume 
change of the specimen (e.g. sliding, rolling, coordination 
number and local voids). It would then follow that shear 
strength mobilisation is enhanced principally by the tensile 
capability of the fibres in the mixture.  

 

 
(a) 

 
(b) 

Figure 4. Effect of adding a volume of fibres, Vf (a) Unreinforced 
granular material i.e. VT0, VV0 and VS; (b) Fibre reinforced granular 
material at constant VT0, (VS + ΔVS) and (VV0 + ΔVV) 

 
 

 
Figure 5. Effects of fibre reinforcements on the rate of dilation, d SB 
specimens when d ≥ 0 

 

 
Figure 6. Effect of fibre reinforcement on the variation of angle of 
dilation, ψ, with shear strain 

 
The locations of images presented here are as indicated on a 
plot of the stress ratio q/p′ and volumetric strain of an 
unreinforced and reinforced specimen (Figure 7). Figure 8 and 9 
shows the displacement vector and maximum shear strain field 
plots for the specimens. The horizontal axis on the plots 
represents the circumferential length of the specimen whilst the 
vertical axis represents the height captured in the image. The 
displacement vectors of the specimen show that the 
predominant mode of deformation of the reinforced specimen is 
mostly vertical when compared to the unreinforced 1/3SB 
sample (Figure 8). The reinforced specimen also exhibits a more 
homogenous distribution of shear strains when compared to the 
unreinforced 1/3SB specimens (Figure 9).  

The use of fibres in granular materials can thus lead to 
reduced lateral spread (minor principal strain) of the mixture, 
and the mobilization of higher stress ratios. This is potentially 
beneficial to the proposed use in railway ballast, and is similar 
to the improvement offered by geogrids in railway ballast by the 
reduction in permanent vertical settlement and lateral spread 
(e.g. McDowell et al., 2006; Indraratna et al., 2010; Chen et al., 
2012). The latter is believed to be due to the restriction provided 
by geogrids to the lateral movement of ballast particles.   

 

 
Figure 7. Stress ratio q/p′ and volumetric strain plotted against axial 
strain for an unreinforced and fibre reinforced scaled ballast specimen 
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Figure 8. Displacement vectors for unreinforced and fibre reinforced 
scaled ballast specimens 
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Figure 9. Maximum shear strain field for unreinforced and fibre 
reinforced scaled ballast specimens 

 
5 CONCLUSIONS 

The structural packing and mechanical behaviour of fibre 
reinforced granular materials have been investigated through 
image-based deformation measurements and macro-
observations of modified density and triaxial compression tests. 
Triaxial tests on a fibre reinforced specimen revealed that the 
rate at which its shear strength is mobilized for a given rate of 
dilation is greater than those of unreinforced specimens.  It is 
proposed that the micro-mechanical interactions governing 
volume change in a reinforced specimen is influenced by the 
disturbance resulting from the presence of the fibre 
reinforcements, while shear strength mobilization is enhanced 

by tensile resistance of fibres. The local deformation 
measurements revealed that the reinforced specimen exhibited 
more vertical deformation and a quasi-homogeneous 
distribution of shear and volumetric strains when compared to 
the unreinforced SB specimen. 
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ABSTRACT: Albania is a country with a vast amount of potential. Its’ territory can develop many types of tourism such as; mountain 
tourism, sea and lake tourism, archeological and historical tourism, natural and ecological tourism etc. For their development, besides 
the economical factors, influenced and geo-hazards, which are present in all Albania territory. Some examples that have occurred are 
landslides which have happened each year, the rolling rock masses, the big deformation of problematic soils, avalanches, the unstable
zones etc. In this paper we would like to present our study about dangerous geotechnical phenomena’s, dangerous zones, how those 
can influence in the urban planning, and how can take in consideration these phenomena’s in design of the touristic appointed zone. 

 
KEYWORDS: geo-hazard, truism, soil, touristic zone.
 

 

1 INTRODUCTION. 

Albania is a country with big touristic power.  The high 
mountainous always contain snow, the green nice hills , the 
numerous torrential rivers, the fantastic canyons and cataracts 
,marvelous Adriatic and Jon sea side, the numerous natural and 
artificial lakes are the major spectacular attractions for the 
tourists. In other part Albania has the wonderful clime, 
traditional bio food and very hospitable and bounteous people.  
All these make possible the development of the tourism in 
Albania.(Frasheri et.al 2012) 

It goes without saying that, for tourism to be a profitable 
economical branch for the population, or to transform 
“industry”, needs to be mostly invested for the roads, hotels, 
services etc. So it is necessary to coordinate the public and 
private investments for realization of the goal. For the 
development of this important economical branch for Albania, a 
major role have the studies about geo-hazards,(Aliaj et.al 1992) 
because recognizing them we can made more efficacious  
investments. 

In this paper I would like to present my study about some of 
these phenomena’s in the zone of the Jon’s sea side, Palasa-
Himara, where can to develop the sea tourism, historic, family 
and agro-tourism etc. Also we want to emphasize how we can 
influence geo-hazards (Fred et.al 2012) in planning of the roads, 
touristic villages, and which be the undertake measures to 
protect environment and buildings. 

2 GEOLOGICAL AND GEOTECHNICAL STUDY OF THE 
ZONE 

The studying zone includes the following villages: Palasa , 
Dhermi , Vuno till the Himara city. All these are spread across 
the Jon sea side (fig.1). 
The zone’s relief is hills and mountainous, which are traversed by 
torrential streams, shedding on the sea.  The rock formation is generally 
limestone, while the soft or friable deposits are colluviums and 
deluviums. By their characteristics (    ɸ    = 18o-200 and C=10-15 KPa) 
deluviums deposits are in limit equilibrium state and always made 
danger to slide (fig.2).  

 

 

 
Figure 1. Coastal zone in the south of Albania 
 

 
Figure 2. Geological map of the zone 
From in situ investigations, from the study of the geological 
geo-hazard maps,(Bozo et.al 2013) we can to observe 
(ascertain) that: 
 The rock zones are relatively stable. An exception to this, 

we can observe the Vuno village, where the karsts 
phenomenon is very developed.. From this phenomenon 
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was created pre-historic cave named “Cave of the pirates”, 
which is very visited by tourists for their originality and 
prettiness (beautiful). Also in all rock zone must have 
attention for the presence of the unloading splitting which 
can be cause for the rolling rock masses (fig.3). 

 

 
Figure 3. Cave of the pirates 
 
 The hills zones with high 250-450m till 600m over the sea 

level, very frequently have inclined slopes, where deposited 
diluvium’s are and colluviums.  When we doing constructed 
roads or buildings in these zones, we can provoke their 
slide,( Bronkhead et.al 2006) which attendance with serious 
damages. In some of these zones , the new constructed road 
was damaged by sliding phenomenon as in Dhermi village 
(fig.4) 

 

 
Figure 4. Part of the road in Dhermi damaged by sliding phenomenon 
 
 The little field zones are cultivated with citrus and olive-

trees. In these zones we can find grey-brown soils. 
Inhabitants, these productive zones are not used for the 
building’s construction (fig.5). 

 The beaches of the zone are small, with gravel, or are rock 
beaches.  During 20-30 last years we have evidence 
tendency of the advancing of the sea to the mainland, as in 
Qiparo village. So the surface of the gravel beaches has 
begin to made smaller(fig.6) 

 One other phenomenon is the abrasive activity of the sea, 
which causes the continue eroding of the rock sea-side, and 
creation of cavities.(Bozo et.al 2013) These cavities are 
dangerous for the building’s development there (fig.7) 

 The zone is rich with underground waters and in the case of 
the rainfall we have many superficial waters, which erode 
the soils cultivated by different trees. The zones have the 
characteristic Mediterranean vegetation, as Mersin, aloevera 
etc. 

 

 
Figure 5. Plantation with citrus and hills with olives 
 

 
Figure 6. Beach with gravel 
 

 
Figure 7. The abrasive activity of the sea 
 
As a conclusion, from geological study we have evidence of 
various dangerous zones, as they with emphasis erosion, slide’s 
phenomenon, or unstable seismic zones etc (fig.8).(Aliaj et.al 
1992). 

The methods that are used to arrive in this conclusions are: 
 Different geolochical studies for this area. 
 Geologichal investigations. 
 Laboratory tests, and incitu tests. 
 The visit on the terrain. 
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Figure 8. The evidence of the dangerous zones(source:Albanian map of 
geo hazards)  
 

 
Figure 9. Schematic view of the planning in touristic area 

3 PLANNING OF THE TURISTIC ZONE 

The studies zone has many attractions such as : 
 very beautiful Jon sea-side 
 fantastic rock sea-side with caves, small virgin beaches 
 marvelous clime (temperature maximum are 250 and 

minimum 120) ,with many sunny days 
 bio food and very much fruits 
 characteristic stone buildings in full harmony with 

environment 
 historical monuments as churches, monastery, Porto 

Palermo etc. 
 hospitable and bounteous people 
 many hotels, restaurants cooking all see’s products 
 very nice natural water etc. 
Appointed in these two aspects (Aliaj et.al 2000) : attractions 
and geo-hazards , we think to planed some touristic villages, 
some roads ,and also to develop family tourism.  We think the 
roads will be connect the touristic villages or the existing 
residential zones with the national road, but to deviate the 
dangerous zones which can slide ,or where can be present 

rolling masses . The inhabitable zone we have determined by 
three criterions: 
 to be off the space of the dangerous zones 
 to be near by the road and infrastructure of the sewerage and 

drinkable water 
 to be near the sea, and in a very picturesque zone. 
Finally we think that, these two mean directions, roads and the 
inhabitable zone can come to planning as presented in figure 9. 
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ABSTRACT: Due to the complexity and potential risks reservoirs are classified, in accordance with Eurocode 7, in Geotechnical 
Category 3. This includes complex structures, difficult ground conditions and assessed high risks.  

In this paper two case histories of geotechnical supervision of construction works performed in karst region are presented. These 
are the construction of the Bakranjša Reservoir located near the town of Valtura and construction of a grout curtain for the Ponikve 
Reservoir on the island of Krk. Engineering-geological features of karst (e.g. occurrence of caverns, complex joint systems, etc.) 
present big challenges taken on by a geotechnical engineer when designing reservoirs, defining and carrying out geotechnical site 
investigations and supervision, and building reservoirs. Experience has shown that during construction work in karst unforeseen 
anomalies in ground should be expected regardless of the scope and quality of the site investigation works performed. The main task 
of geotechnical supervision of the subject construction works was verification of design solutions by identifying differences between 
the actual ground conditions and those assumed in the design. This made it possible for the supervising engineer to deal with expected 
problems, and to make timely changes in both the construction processes and design solutions in communication with the designer.  

 

KEYWORDS: reservoirs in karst, supervision. 
 

 
1 INTRODUCTION 

This paper presents two case histories of geotechnical 
supervision of works executed on reservoirs in karst areas, viz. 
the construction of the Bakranjša Reservoir at Valtura (Istria) 
and the installation of a grout curtain for the Ponikve Reservoir 
on the island of Krk. In Section 1 a short description of karst 
features is given. Characteristics of the Ponikve and Bakranjša 
Reservoirs and the description of design requirements are 
presented in Section 2. The construction and geotechnical 
supervision tasks carried out during construction of the 
structures and actions taken for timely detection and 
interpretation of unexpected ground conditions will be 
discussed in Section 3. In Conclusions, the tasks of the 
geotechnical engineer during reservoir construction in karst are 
summarised.   

1.1 Description of reservoirs constructed in karst 

Karst is the term used for a group of morphologic and 
hydrologic properties of the terrain mostly made up of 
carbonate rocks. Main characteristics of karst terrain are high 
permeability; complex network of cracks and channels; and 
changeable and hardly predictable ground water flows. This is 
why it is rather difficult to manage ground water and to ensure 
watertightness of the structure, which poses main challenges 
when designing and constructing reservoirs.  

2 CHARACTERISTICS OF PONIKVE AND BAKRANJŠA 
RESERVOIRS  

2.1 Description of Ponikve Reservoir 

The Ponikve Reservoir was constructed about 30 years ago. The 
central portion of the reservoir consists of impermeable 
Quaternary clays of about 50 meters in thickness.  They get  

 
Figure 1 Ponikve Reservoir 

 
Figure 2, Bakranjša Reservoir at commencement of construction works 
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thinner towards abutments. Deeper layers consist of 

permeable limestone breccia of the Upper Cretaceous and 
Lower Cretaceous Period. As for its elevation, the Reservoir is 
located in the lowest point of the catchment area and is fed with 
direct inflow of underground springs. A newly designed grout 
curtain is planned to be constructed along the centre line of the 
dam under a layer of clay and to extend to the layers of 
limestone and limestone breccias. The purpose of the grout 
curtain is to prevent internal evacuation of the particles of 
Quaternary sediments (clay) and ground water runoff towards 
the sea, i.e. to retain ground water in the reservoir. Additional 
sealing of the contact of the Quaternary layer and the base rock 
is planned to be accomplished by consolidation grouting in two 
rows at dam abutments to increase the stability of the dam.  

2.2 Ponikve Reservoir – Design requirements  

A single-row, 400-m grout curtain with boreholes spaced 2,5 m 
apart and 10,0 to 45,0-m deep has been designed. The grout mix 
is: 96% of cement + 4% of bentonite: w/c=1:3-1:1. Because of 
the complexity of grouting works and lack of knowledge of 
subsoil conditions in karst, the exact depth of the grout curtain 
and consolidation boreholes could not be fully defined in the 
working design. For this reason, the design precept is that the 
design depth should be confirmed prior to construction of the 
grout curtain. The design requirements are the following: the 
top of the grout curtain should enter a layer of fissured rock, and 
its bottom should be in the zone where rock permeability is less 
than 4 Lu (the Lugeon test). The values measured are to be 
additionally confirmed by drilling geologic boreholes. Upon 
completion of the works on curtain grouting, control boreholes 
are planned to be drilled at most critical  positions (boreholes 
with high permeability and high intake of grout mix) for the 
purpose of testing quality of the works executed (by repeating 
permeability tests) and of additional grouting of the critical 
zone. 

2.3 Description of Bakranjša Reservoir 

The reservoir is located in a sinkhole with an earth fill dam of 
700 m in length in its south-east part. The construction of the 
Bakrašnja Reservoir having a volume of 625.500 m3 and an area 
of 10,46 ha will enable irrigation of the agricultural areas of 440 
ha. This reservoir has no natural inflows and therefore it is 
supplied with water from three nearby wells. Water is 
transferred through pipes up to the perimeter of the reservoir 
and then sent into a supply channel extending from the 
perimeter to the bottom of the reservoir. The water from the 
reservoir is transferred through distribution pipelines to 
agricultural areas using a pumping station of 240-l/s capacity. 
As it is the question of the reservoir without natural water 
inflow, it is planned that the reservoir should be filled and 
emptied by pumping once a year. That is why installation of 
neither bottom outlet nor spillway is planned.  

2.4 Bakranjša Reservoir – Design requirements 

The reservoir is located in a sinkhole whose sides are fissured 
limestone rocks and whose bottom is covered with a surface 
layer of clay (terra rossa). Because the surface layer of clay 
found in the bottom and at the abutments of the reservoir is thin, 
watertightness is to be ensured by executing a ‘sandwich’ 
structure consisting of geo-textile, a 20-cm thick gravel base, 
PEHD geo-membrane, geo-textile, and gabion mattress.  

The design proposes that 700-m long rock fill dam should be 
constructed in the south-east portion of the sinkhole. A dam 
body is to be constructed of stone having grain sized from 0  to 
400mm. The stone placed shall meet the design requirements 
such as grain size distribution, resistance to freezing, degree of 
soil compaction, and water absorption less than 5%.  The dam is 

to be founded in natural rock. If natural rock is not found at the 
design depth, the material shall be excavated and replaced with 
a suitable one. The design proposes that 30.000 m³ of stone 
material should be placed. 

Maximum height of the dam is 6,3 m. The dam crest is 5 m 
wide, and slopes placed are to be 1:2. Dam watertightness is 
provided by a 10-cm thick upstream asphalt concrete screen laid 
on a 100-cm thick layer of gravel.  

A drainage channel of trapezoidal cross-section is to be 
constructed along the centre line of the dam to collect 
precipitation water percolating through a downstream slope. 
The collected water is drained into two percolation wells 6,0 m 
deep. The wells are located at the lowest points of the drainage 
channel.   

3 CONSTRUCTION AND GEOTECHNICAL 
SUPERVISION  

3.1 Ponikve Reservoir - Construction 

Construction started with boring of trial pits and geological 
interpretation of samples taken from the pits.  

Watertightness was tested using the Lugeon test. Water was 
injected into a borehole in 5-min intervals applying pressures p 
= 1, 3, 5, 10, 5, 3 and 1 bar.  

Following the interpretation of the values obtained, the 
curtain depth was verified and construction of grout curtain 
started.   

The supervising engineer had to witness trial boring and 
injection works for the whole duration of their execution 
because the parameters obtained had to be continually checked 
due to karst properties. The reports of the results obtained from 
site investigations were being submitted to the designer in order 
to ensure timely verification of the design solution, i.e. to keep 
to the construction schedule. The water injection process was 
controlled according to the determined protocol by measuring 
the flow and consumption of injection mix and injection 
pressure. In addition to watertightness tests, verifications of 
mechanical properties of the injection mix before placement and 
consumption of injection mix during injection were carried out.  

3.2 Deviations from design 

It was noticed that the actual subsoil conditions compared to 
those found in Phase 1 of the Ponikve Reservoir construction 
are less favourite than expected.  The values obtained from the 
watertightness tests were much higher compared with those 
obtained from site investigations carried out in 1986. This is due 
to percolation of Quaternary sediments (clay) which has been 
occurring ever since reservoir exploitation.  

Such a conclusion was made based on the obtained p/q 
diagrams that were compared with those from technical 
literature. The behaviour of the rock mass was interpreted as 
that of weathered rock in which at high water pressures new 
cracks develop, which results in significantly increased 
permeability and hence material outflow from fissures and 
voids.  

As it was found out that sufficient percentage of core could 
not be extracted (according to the design 90% of core is to be 
extracted but from 10% to 80% could only be obtained), 
geologic boreholes drilling had to be abandoned.  

On the basis of the results obtained from in-situ 
measurements, the designer and geotechnical engineer made 
some modifications to the design depth of the curtain and 
changed the method of grouting process (the so-called upstream 
process was replaced with a downstream process). The change 
of method resulted in extra costs and minor delay in deadlines. 
The client was informed about the situation in time and their 
consent was obtained.  
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Figure 3, Lugeon test - Characteristic lines   

3.3 Bakranjša Reservoir - Construction 

The works on the construction of the reservoir involved the 
stripping of humus, excavation of some clay, and installation of 
‘sandwich’ structure. The works on dam construction included 
as follows: the stripping of humus and excavation surface clay 
layer, preparation of natural rock, and dam construction. Stone 
required for construction of dam body was procured from the 
nearby Vantura quarry.  
In view of the type of site investigations carried out (i.e. 
investigation points) and specific properties of karst, during 
dam construction, geotechnical supervision covered detection of 
the actual elevation of the natural rock suitable for dam 
foundation, and verification of certificates which confirm that 
the stone material meets design requirements (testing of 
material suitability on samples taken after each mining in the 
quarry and site testing of the material placed in the dam body). 
On the basis of the test results, the ground and every layer of the 
fill materials installed in the dam body were approved for 
construction. 

3.4 Deviations from design 

A visual inspection showed that limestone suitable for dam 
foundation occurs at the depth of 1 to 5 m. For the largest part 
of the dam, limestone occurred at the depth of 1,5 m. In the 
right side of the dam, limestone extending in the length of 25 m 
was found at the depth of 5 m, and ground was replaced. The 
ground on the right side of the dam was replaced and improved, 
i.e. the clay material was excavated to the depth of 2 m, and 
then separation geo-textile, coarse stone and stone of 0-400 mm 
grading were placed. Both stone types were placed in layers and 
compacted to have a final layer thickness of 1m. 

When the exact position of the natural rock suitable for dam 
foundation was established, it was found out that stone quantity 
required for construction was larger by 30% (10.000 m³) than 
that assumed by the design. This resulted in higher construction 
costs of which the client was informed in due time.  Owing to 
the fact that this deviation from design was reported to the client 
in due time, extra funds were provided and the work on the 
placement of stone materials was resumed.  

Four clay ‘pockets’ were observed on dam route, and 
therefore a solution was proposed that the ground should be 
replaced. This was approved by the designer.  

After completion of the excavation works and determination 
of the natural rock elevation, new positions of the percolation 
wells were determined on the level line of the drainage channel. 
As agreed between the geotechnical engineer and supervising 
engineer and approved by the designer, the percolation wells 
were relocated to a position outside the dam body to be 
accessible for inspection and inspection of their functioning.  

The drainage channel could not be constructed according to 
the design solution in the dam section where ground was 
replaced. Due to the required slope, at the suggestion of the 
geotechnical engineer, the drainage channel was constructed 
using replacement stone materials. Channel watertightness was 
achieved by installing PEHD geomembrane. The solution 
proposed was accepted by both the client and the designer. 

Owing to the geotechnical engineer’s reporting on the need 
for increased quantities of stone material, the client provided 
extra funds. Besides, because of timely communication between 
the geotechnical engineer, designer and supervising engineer, 
the construction schedule was kept and design requirements 
met.  

 

 
Figure 4, Clay “pocket” on dam route 

4 CONCLUSIONS 

A precondition for any water engineering and geotechnical 
project in karst is execution of geotechnical site investigations 
that enable definition of a design solution. The design solution 
should specify protocols for verification of ground conditions in 
the course of construction and procedures for dealing with 
deviations from design.  
Watertightness of the Ponikve and Bakranjša reservoirs located 
in a type of karst phenomenon, i.e. a sinkhole, was ensured 
using two different approaches that involve placement of PVC 
foil on impermeable clay and prevention of groundwater 
outflow by constructing a grout curtain. The geotechnical 
supervision performed had to be commensurate with the design 
requirements and specific site conditions. Although these two 
approaches are different, for both projects the same tasks were 
set for the supervising engineer in accordance with the 
recommendations of Eurocode 7. These are as follows: 
- detecting actual conditions relative to those assumed in the 
design;  
- timely reporting to the client/owner and the designer, 
- participating in adjustment of design solutions;  
- verifying methods of construction by carrying out inspection 
testing and by monitoring defined protocols; 
- ensuring that the construction schedule is kept; and 
- timely reporting on possible extra works and costs.  
When the tasks mentioned above are carried out, the elements 
of the design solution can be duly adjusted to the actual subsoil 
conditions and thus completeness and quality of the project 
upon its completion ensured.  
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Rockfall experimental investigation in 3D space 
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ABSTRACT: Rockfalls are phenomena with disastrous effects on human activities and infrastructure. Their complexity has resulted
in significant simplifications in both the analysis methodologies and the experimental investigation procedures. The predominant 
approach is to conduct a two-dimensional analysis on a characteristic slope section. However, in recent years, various three-
dimensional rockfall analysis software have been developed and have become increasingly popular as they incorporate fewer
assumptions. The calibration and verification of such software depends on experimental investigations. However, the vast majority of
experimental investigations have been treated as 2D problems, without taking into account crucial parameters encountered in 3D
space, such as the lateral dispersion of the trajectory; the configuration of the block at impact; the angular velocity etc. Trajectory data 
in 3D space are essential as they can provide insight into the complex mechanics of an impact and also can be used for software
calibration and verification purposes. A methodology for 3D data acquisition is presented in this paper and results from laboratory 
tests are presented, underlining the importance of the aforementioned parameters. 

 

KEYWORDS: Rockfall trajectory modelling, Coefficient of Restitution, Rotational motion, Laboratory investigation 
 

 
1 INTRODUCTION 

Rockfall is a gravitational-driven geomorphic process that 
occurs rapidly on steep natural or manmade slopes. Rockfalls 
have disastrous effects on human activities and infrastructure, 
and therefore pose a significant natural hazard. However, due to 
the complex nature of the phenomenon, analysis methods 
incorporate assumptions that may sometimes lead to 
oversimplifications, as will be thoroughly discussed hereafter. 

During a rockfall and while the block is in the air, it moves 
along a parabolic path under the sole action of gravity. Since no 
external forces are acting on the block, the trajectory lies in 
vertical plane. At contact with the slope, the block might 
rebound resulting to a new parabolic trajectory either roll or 
slide. Deformation will occur on the slope depending on the 
surficial material; for low strength materials, i.e. weathered 
zone, debris etc., plastic deformations shall occur resembling 
the form of a crater, whereas for rocky slopes the surface will 
remain intact with no visible impact traces, implying that 
deformation is in the elastic regime. Hereafter, only the rebound 
mechanism for rocky slopes will come under consideration. 

The scope of this paper is to present a methodology for 
rockfall experimental investigation aiming at assisting further 
research on understanding the complex nature of a rockfall, by 
allowing the study of parameters that were hitherto neglected, 
and at providing data that will contribute to the calibration and 
verification of 3D rockfall analysis software that have become 
increasingly popular in design practice 

2 LITERATURE REVIEW 

The post-impact part of the trajectory is calculated according to 
the Coefficients of Restitution (COR), which are assumed to be 
overall values that take into account all the characteristics of the 
impact and describe the change in the block’s velocity 
magnitude (Giani, 1992). Various definitions are available but 

there is no consensus on which of them are more appropriate for 
rockfall trajectory modelling (Chau et al., 2002). 

2.1 Coefficient of Restitution definitions 

The most widely-used definitions originate from the theory of 
inelastic collision, as described by Newtonian mechanics. For 
an object impacting on a rocky slope, the kinematic COR (vCOR) 
is defined as:  

 
vCOR = vr / vi (1) 
 

where v is the velocity magnitude and the subscripts i and r 
denote the trajectory stage before and after the impact 
respectively. 

Two different mechanisms participate in the energy 
dissipation process. Normal to the slope energy loss is due to 
the deformation of the colliding entities, while in the tangential 
direction energy loss is due to the friction between them. 
Therefore, the following definitions have prevailed in rockfall 
analyses:  

 
nCOR = vnr / vni and tCOR = vtr / vti (2) 
 

where the first subscript, n or t, denotes the normal or tangential 
components of the velocity respectively. 

Definitions based on energy ratios are also found in the 
literature. The energy coefficient (ECOR) is defined by the ratio 
of the translational energies after and before the impact 
according to Eq. 3 and by analogy the total energy coefficient 
(ETCOR) is defined by Eq. 4 which considers angular motion.  

 
ECOR = (0.5·m·vr

2) / (0.5·m·vi
2) (3) 

 
ETCOR = (0.5·m·vr

2 + I·ωr
2) / (0.5·m·vi

2 + I·ωi
2) (4) 

 
where I is the moment of inertia and ω the angular velocity. 
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Some research has concentrated on the role and 
measurement of rotational velocity, but on the whole it only 
takes into account the rotation relative to the axis that is normal 
to the trajectory plane. Observation and analysis in 3D space is 
complex, since three rotations can be underway simultaneously, 
each about a principal axis. 

In design practice, the values for the coefficients of 
restitution are acquired from the suggested values found in the 
literature. Those values are mainly connected to the surface 
material type and originate from experimental studies or back 
analyses of known rockfall events.  

It must be noted that those definitions incorporate the 
assumption that the mass of the block is concentrated at its 
center, which is represented by a single point. Therefore, the 
effects of shape, rotational motion and configuration of the 
block at impact are neglected, even though it is evident that they 
affect the resulting motion. Additionally, the definitions regard 
2D space; hence, lateral dispersion of the trajectory cannot be 
simulated. 

 
Figure 1. (a) Pre- and post-impact motion characteristics and (b) 
schematic representation of lateral dispersion, denoted as e. 

2.2 Relevant studies 

Although many experimental studies have been conducted, the 
measurement of lateral dispersion and rotational motion has 
seldom been taken into account due to the inherent difficulties 
in acquiring the trajectory in 3D space. 

Chau et al. (2002) conducted a laboratory experimental study 
with spherical blocks impacting on a planar surface; both were 
made of plaster. The initial trajectory was set to a free fall, 
while the impact surface was set to various inclinations in order 
to evaluate the effect of the slope’s angle. Additionally, the 
rotation normal to the trajectory plane (1D rotation) was 
measured and used to define the ratio between rotational and 
translational energies post impact, denoted as β. This ratio was 
introduced by the Japan Railroad Association and its value was 
recommended as 0.1. They showed that for spherical blocks, the 
theoretical upper bound for β is 0.4 and was experimentally 
found to be a function of the slope angle, resembling the 
maximum β value at a slope angle of 40 degrees. 

Dorren et al. (2005) conducted a real-scale experimental 
research in order to investigate the mitigating effect of forest 
presence. Lateral dispersion was considered by measuring the 
distance and direction between each subsequent impact from the 
traces caused on the ground or against trees, using a laser 
distance meter. This is a relatively simple and accurate 
technique in order to encounter dispersion; however, it cannot 
be implemented in rocky slopes due to the lack of impact traces. 
Based on that data, Bourrier et al. (2009) proposed a 
probabilistic model which accounts for lateral dispersion on the 
basis of pre-impact trajectory orientation, slope aspect and dip 
direction.  

The idea of using a stereo-photogrammetric technique in 
rockfall experimental studies was introduced by Dewez et al. 
(2010). A real-size experimental study was conducted in French 
Polynesia, where natural rock blocks were released by an 
excavator placed at the top of a convex. The 3D position was 
computed for the block center, but the stereo system used did 

not provide the required accuracy for a detailed survey of the 
boulder, which would allow for a reconstruction of the block for 
each frame and therefore for the measurement of rotational 
motion. 

3 LABORATORY INVESTIGATION 

In order to evaluate the effects of lateral dispersion, rotational 
motion and the configuration of the block at impact, a 
laboratory testing program was implemented consisting of 50 
tests for cubic and 25 for spherical blocks.  

Experiments were held with an artificial material, namely a 
high strength, cement-based grout. The usage of an artificial 
material has advantages as a variety of shapes and sizes can be 
easily achieved. The material used is stable and cohesive, 
exhibits zero segregation and is shrinkage-compensating, 
resulting in uniform samples. This material has already been 
used for investigating the effect of the material properties of 
free-falling blocks with cubical shape along with eight natural 
rock materials and was found to correlate well with natural 
rocks as a function of inherent material properties (Asteriou et 
al., 2013b). Additionally, it has been used to address the effect 
of impact energy on the COR values (Asteriou et al., 2013a).  

Blocks were cast in moulds resembling a cubic shape of 3 
cm sides and a spherical shape of 4 cm in diameter. The impact 
surface was a cast cuboid of 15 cm sides with a height of 5 cm, 
which was fixed in a massive dead weight base ensuring the 
preservation of the momentum caused by impact. 

The release mechanism constituted of an inclined tube, in 
which the falling object was inserted from one side and released 
from the other, resulting in a parabolic trajectory. Blocks were 
released under the same conditions and the impact surface was 
set to a horizontal position. 

The trajectory of the falling block was recorded by two 
synchronized HD digital SLR cameras at a capture rate of 60 
fps. Analysis of the trajectory and the necessary calculations 
were made in MatLab, where the computational steps described 
in the next chapter were executed. 

4 3D TRAJECTORY ACQUISITION METHOD 

Data acquisition is based on stereo-photogrammetric and 
machine vision techniques, and consists of the stages: stereo 
pair calibration; image rectification; object recognition and 
feature extraction; stereo triangulation; object reconstruction 
and; trajectory reconstruction. A brief overview of the 
computational procedure steps is presented below. The detailed 
analysis of each step is beyond the scope of this paper. 

A digital image is created by a perspective projection of a 
scene to the camera lenses. The image plane has a 2D 
coordinate system where position measurements are achievable 
in pixel coordinates. The camera has a 3D reference coordinate 
system, based on the image plane and directing towards to the 
field. 

In order to reconstruct the 3D scene from the image plane 
coordinates, the intrinsic and extrinsic camera parameters must 
be available. The intrinsic camera parameters (focal length, 
principal point and geometric distortion) characterize the 
optical, geometric and digital characteristics of the camera and 
are used to connect the image point coordinates to the 
corresponding coordinates in the camera reference space. The 
extrinsic parameters identify the transformation between the 
camera and the world reference coordinate systems. 

For this experimental procedure, the Camera Calibration 
Toolbox for Matlab was used (Bouguet, 2008). The main 
advantages of this toolbox are that both internal and external 
parameters are simultaneously computed along with their 
uncertainties; is quite flexible compared to classical calibration 
techniques as the cameras are placed in arbitrary positions; is 
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relatively simple and quick, and; the code is open source which 
allows modifications. Calibrating a stereo camera pair with the 
aforementioned toolbox is done by acquiring synchronized 
images of a planar grid that moves freely in the scene. 

Image rectification is the transformational process done in 
order to correct the unavoidable lens distortion effect in an 
image. Images present radial and tangential distortion due to 
camera lenses irregularities. From the stereo pair calibration, the 
distortion characteristics are computed and with an inverse 
mapping procedure, according to the method proposed by 
Brown (Brown, 1966), images are rectified allowing direct 
position measurements. 

Two different procedures were implemented in order to 
locate the corresponding points; one regarding the scene and the 
other for the tracking of the object. As the scene remains static 
throughout the experimental process, the corresponding points 
can be defined by a single stereo-image pair. An image cross-
correlation technique was implemented, in which a comparison 
of small areas between the two images is made in order to 
identify common patterns and features, which form the 
correspondences of the stereo-pair. 

However, this technique is time consuming and produces 
numerous corresponding points, which are unnecessary and 
even misleading for the tracking process of the block. A cube 
can be defined by measuring the edge points of any viewable 
side, since its orientation is easily computed; the opposite, non-
viewable points are normal to the plane defined by the viewable 
edge points, at a distance equal to the side length towards the 
positive z axis of the camera reference coordinate system. In 
order to acquire the projection points of the cube edges in the 
two images, each cube side was painted with a different high-
contrast color, resulting in a unique color pattern for each 
corner. Hereafter, corner detection and color recognition 
algorithms were implemented, defining the edge points for each 
stereo-image pair. 

Stereo triangulation refers to the process of determining a 
point in 3D space given its projections onto two images, by 
calculating the intersection of the two vectors. 

Scene reconstruction is done by matching the computed 3D 
points to the features of the scene, such as the boundary points 
that define the impact surface. The analysis coordinate system is 
defined with the origin placed in the center of the impact 
surface, and x and y axes directed towards the slope’s strike and 
dip direction respectively. Therefore, the z axis becomes 
vertical. 

Object reconstruction is done using a least-squares fit 
method of rigid body rotation and translation (Challis, 1995). 
Applying the method for an identical imaginary block stationed 
in the center of the analysis coordinate system and the measured 
3D points of the block for every frame, results to the rigid body 
transformational parameters (a 3x3 rotational matrix and a 1x3 
translational vector) as well as the reconstruction error for each 
frame. The translational vector coincides with the position of 
the block in the analysis coordinate system and its orientation 
relative to the imaginary stationary block is acquired by 
decomposing the rotational matrix to the Euler angles. 

Finally, by combining the scene with the object position for 
all the frames of each test, trajectory characteristics are retrieved 
(translational and angular velocities, orientation, impact and 
rebound angles etc.), out of which the COR values are 
calculated according to the definitions presented in section 2. 

5 PRESENTATION AND EVALUATION OF RESULTS 

As presented in chapter 2, there are various definitions of COR. 
Therefore, when performing a rockfall simulation one must be 
well aware of the definitions used in the available program in 
order to select the appropriate values and produce reasonable 
results. Moreover, using suggested values implies that COR 

values are material constants, but it is widely stated in the 
relevant literature that COR depends on various parameters 
(velocity, impact angle, block shape, mass, etc.). 

The shape effect is significantly reflected on the calculated 
COR values. The mean values for vCOR are 0.44 and 0.76 for 
the cubic and spherical blocks respectively. In general, vCOR is 
better for use in correlations as it provides more consistent 
trends compared to nCOR (Asteriou et al., 2012).  

Another important effect of shape is the rebound angle. As 
can be seen from Fig. 2, the upper boundary for the rebound 
angle is similar for both block shapes. However, for the 
spherical blocks, values are concentrated over a narrow range, 
in contrast to the cubic blocks where angles as low as ~0o are 
exhibited, suggesting sliding rather than rebound. 

Normal COR (nCOR) is significantly affected by shape, as 
shown in Fig. 2. An increasing trend of nCOR along with the 
increase of the rebound angle describes the response of both 
block shapes. This is more evident for spherical blocks due to 
the fact that these blocks’ configuration at impact does not 
differentiate between test repetitions. 

 

 
Figure 2. Normal COR versus rebound angle. 

Tangential COR (tCOR) acquires relatively consistent values 
for both shapes, while no trend with rebound angle is shown.   

Based on the total energy definition, COR values can be 
calculated with an accurate consideration of the rotational 
motion by expanding Eq. 4 in 3D space. The aforementioned 
ETCOR in comparison to ECOR, that considers only the 
translational motion of the block, is presented in Fig. 3. 
Additionally, the plotted 45̊ line forms the boundary denoting 
which definition results to a greater value. 

It is evident that ETCOR present greater values compared to 
ECOR. Moreover, those are well correlated with the linear model 
shown in Fig. 3, which allows for an estimation of the total 
kinetic energy COR from the translational definition, which is 
tremendously easier to acquire. 

 

 
Figure 3. TECOR versus ECOR values for the cubical blocks. 

5.1 Lateral Dispersion 

A visualization of the lateral dispersion is presented by the polar 
plot at Fig. 4. The radius axis presents the rebound angle and the 
angle axis the orientation of the rebound trajectory. 

It is evident that cubical blocks present a significant lateral 
dispersion compared to the spherical blocks as shown in Fig. 4. 
The histograms of the dispersion are presented in Fig. 5 for both 
block types. Values are normally distributed as was verified 
with the Kolmogorov-Smirnov statistical test. It is seen that 
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dispersion is symmetrically distributed around its mean value, 
which coincides with the pre-impact mean dip direction in both 
cases. This can be interpreted as a quality measure of the 
experimental procedure and the set-up, since a skewed 
distribution would imply that post-impact dip direction, or 
equivalently the lateral dispersion, was biased by irregular 
testing conditions, such as non-random block release. 

 

 
Figure 4. Rebound trajectories of the cubical and spherical blocks. 

 
Based on the fitted normal distributions it is concluded that 

under the tested conditions, a cubical block has a 68% 
possibility to exhibit a lateral dispersion in the range of ±15 
degrees, or a 95% possibility to rebound with a lateral 
dispersion in the range of ±30o, whereas for the spherical blocks 
lateral dispersion has over 95% possibility to be less than ±10o. 

 

 
Figure 5. Histograms of lateral dispersion. 

Since in design practice it is common to evaluate the 
scenarios for the 95% of all possible cases, it can be seen that 
with the 2D rockfall analysis methodology, where no dispersion 
can be simulated, a significant effect which is crucial for the 
design of mitigation measures is not considered. 

However, when the slope's aspect and the orientation of the 
post-impact trajectory are not parallel, it is reasonable to expect 
a non-normal distribution of the dispersion, since the slope will 
tend to guide the boulder to a specific direction. Expressing the 
relations between the strike and the dip direction of the slope, 
the orientation of the surface and the shape of the boulders, 
forms part of the ongoing research currently conducted in the 
lab with the presented methodology.  

5.2 Consideration of rotational motion 

The rotational energy versus the translational energy for the 
cubical blocks is plotted in Fig. 6. Additionally, the boundaries 
for ratio β from the Japan Railroad Association (JRA) and Chau 
et al. (2002) are also plotted.  
 

 
Figure 6. Rotational versus Translational energy, denoting the ratio β. 

It is seen that current data are located between the 
aforementioned β ratios. The best fit line exhibits a slope that 
corresponds to a β ratio of 0.2, which is considerably higher 
than the proposed ratio from JRA. Additionally, the theoretical 
upper bound for the β ratio proposed by Chau et al. is in 
accordance with the present data. 

6 DISCUSSION 

Rockfall complexity has resulted in significant 
simplifications in the analysis methodologies and the 
experimental investigation procedures based on 2D approaches. 
As the phenomenon takes place in 3D space, a methodology for 
acquiring the trajectory was developed based on stereo-
photogrammetric and machine vision techniques and a 
laboratory investigation was carried out in order to evaluate 
those simplifications. 

Based on the presented results, it is shown that shape affects 
significantly lateral dispersion following impact; an effect that 
has been hitherto neglected due to the usage of 2D analysis 
methods but which is of great importance as dispersion of up to 
45o can occur for cubic blocks. This is in contrast to spherical 
blocks where dispersion is significantly lower. Moreover, an 
assessment of the rotational component of the motion was made 
and correlated with the translational component, allowing for a 
quick estimation. Additionally, a comparison between the 
proposed definitions for the coefficients of restitution was 
made, and some important parameters were highlighted. 

Further research is under progress in the Engineering 
Geology and Rock Mechanics laboratory of the School of Civil 
Engineering at the National Technical University of Athens. 
Additionally, research has been recently extended in the field by 
conducting tests in real scale, in order to establish sound 
methods and correlations for predicting rockfall trajectories 
more accurately. 
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ABSTRACT: By applying Geotechnical Risk Management at underground construction works, the geotechnical risks can be
identified in an early design stage and further managed by preventive and corrective measures. This in order to realize the project 
goals efficiently regarding the influence on the surroundings. This paper describes the risk approach as used for the reconstruction of 
the underground parking garage Zaailand, Leeuwarden, The Netherlands. The site is situated at only a few meters distance from
several historical and vulnerable buildings, which integrity could be effected by even minor external influences. In this paper project 
starting points, the applied ‘state of the art’ numerical and empirical analytical geotechnical design and risk analysis approaches 
(modified LTSM) and preventive risk control measures, are clarified in detail. This paper will further focus on the extensive
monitoring program and mitigating measures during construction. The whole process implements the GeoRM cyclus approach as 
defined by the comprehensive Dutch ‘Geo- Impuls’ program. By implementing this risk controlled approach, the parking garage has
been constructed successfully without any significant damage or delay. 

 

KEYWORDS: Underground parking, GeoRM, risk assessment, LTSM, ground deformations, building settlements, monitoring. 
 

 
1 INTRODUCTION 

The Nieuw Zaailand project is located on the Wilhelminaplein 
at Leeuwarden (Friesland, The Netherlands) and consists of the 
reconstruction/expansion of an existing underground parking 
and the realisation of a museum, several shops and a square on 
surface level and above. This paper will focus on the risk 
approach as used for the reconstruction of the underground 
parking garage, which took place from April 2009 till March 
2011.  
 

 
Figure 1. Overview of the project site during construction 

For the reconstruction of the parking garage the former 
construction (dated 1978) is almost completely disassembled, 
only the diaphragm walls were used in the new construction. To 
create 700 extra parking spaces the garage is extended 1m 
deeper and 20m wider.  
 
Because of the possible impact of the underground construction 
works on the historical and vulnerable urban surrounding at 
close proximity, CRUX Engineering BV was asked by the 

municipality to perform a second opinion on the reference-
design for the construction of the parking Nieuw Zaailand. 
Based on the outcome of the second opinion, additional 
calculations and risk assessments were performed to quantify 
the geotechnical risks in the design stage and where necessary, 
preventive and corrective measures were implemented. 
Geotechnical risk management (GeoRM) requires the risks in 
all project phases and characteristic construction stages to be 
identified, quantified, controlled with monitoring (and 
measures), evaluated and communicated, see the GeoRM cycle 
(Van Staveren 2010). With GeoRM it is possible to adjust the 
design and construction process in time, if needed. This, in 
order to realize the project goals effectively and efficiently. 

1 PROJECT STARTING POINTS 

1.1 Adjacent buildings 

The underground parking is situated only a few meters away 
from the adjacent buildings. The majority of these buildings are 
historical. Information from the local archive shows that around 
the project site varying foundation types of the buildings exits.  
 
The surrounding buildings are shown in in Figure 3. The dark 
grey shaded buildings (two-storey) have a shallow foundation 
and the light grey ones (six-storeys) have piled foundations. 
Because shallow foundations are more sensitive for the 
influence of the building works, this paper focusses on the 
Southwest part of the project location. On this location several 
shallow foundations are situated at close proximity (7m 
distance) to the building pit, see the dotted rectangle in Figure 3. 
 
For the initial foundation loads of the shallow foundations 
50kN/m2 was used and applied 1m below surface level, being 
the foundation level. 
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Figure 2. PLAXIS model - cross section A-A (see Figure 3) 
 

 
Figure 3. Overview of the project location and adjacent buildings  

1.2 Soil profile 

Extensive geotechnical soil investigation was conducted, 
consisting of cone penetration tests (CPT’s) and boreholes to 
get insight in the variation of soil properties in the construction 
area. Based on correlations and acquired data from the nearby 
project Oldehoofsekerkhof, the soil layering was determined 
and the strength and stiffness parameters were derived. In the 
maximum excavated situation, the passive zone of the retaining 
wall was almost entirely situated in the loam layer. The 
properties of this loam layer therefore had a significant 
influence in the design of the building pit.  Because there were 
some uncertainties and variations in the strength and stiffness 
properties of the loam layer, from a safety point of view, the 
lower bound values were used in the design and risk analyses. 
Further in this publication the measurements during 
construction will be compared to both the lower and upper limit 
values this to obtain a bandwidth of the results. The soil 
parameters used are presented in Table 1. 
 
Table 1. Soil parameters used 

 
 
The surface level on the project location varies from NAP+1,5m 
to NAP+2,0m. The soil profile is shown in Figure 2. 

1.3 Water levels 

Based on measurements of local piezometers a phreatic water 
level of NAP+0,5m was used in the calculations. In the deep 
sand layer an artesian water level NAP-0,7m was used. 

2 DESIGN APPROACH 

The existing garage was built in 1978 with diaphragm walls, 
using the loam layer as the bottom closure. The new 
underground garage will be constructed 1m deeper within the 
same diaphragm walls. For the 20m extension of the parking, 
sheet pile walls were used as retaining wall. The retaining walls 
(existing diaphragm walls and new sheet pile walls) were 
supported by ground anchors during the excavation. Cross 
section A-A is shown in Figure 2. Given the asymmetric 
geometry of the building pit, the complex phasing and the close 
proximity of several historical and vulnerable buildings, the 
final excavation and deformation calculations were performed 
using the finite element model (FEM) computer program; 
PLAXIS. The results from the PLAXIS model were used to 
determine the forces and moments in retaining walls and 
anchors and to determine ground deformations in the 
surrounding area. In addition to this, empirical analytical 
calculations were conducted to determine ground vibrations and 
ground deformations from the installation effects of vibration 
sheet piles and driving foundation piles. This is however not the 
scope of this paper. 

3 BUILDING PIT DESIGN 

Using PLAXIS, several calculations and sensitivity analysis 
were performed to create an optimized design with minimal and 
acceptable influence on the adjacent buildings.  
The optimizations to reduce the deformation influence on the 
surroundings to an acceptable limit (definition in chapter 5) 
were found in the adjustment of the height of the first anchor 
row, prestressing of anchors and excavation level in the first 
phase. By bringing the anchors to a higher level the 
deformations of the sheet pile wall could be significantly 
reduced in the first excavation step. Furthermore at the location 
of the shallow foundations a heavier sheet pile wall profile 
(AZ37-700 instead of AZ26) was necessary in combination with 
a second anchor row. In order to further reduce the 
deformations to acceptable levels the prestressing and the 
amount of anchors were increased and construction phases were 
optimized on a number of points. For example the 2nd anchor 
row was installed under a stepped slope excavation, see Figure 
2. This in order to give the wall more support (passive), before 
the support of the anchor was activated. The complete integral 
construction phasing is shown in Table 2. 
 
Table 2. Integral construction phasing, cross section A-A (see Figure 2) 

Diaphragm wall section Sheet pile wall section 

Pressure relieving excavations 
NAP+0,5m (outside)  

Remove concrete deck Installing sheet pile walls 

 
Excavate to NAP+1,25m 
Water level NAP+0,5m 
Surface load 10kN/m2 

  Soil type 
γunsat 

[kN/m3] 
γsat 

[kN/m3] 
cref 

[kN/m2] 
φ 
[°] 

E50
ref

[kN/m2] 

Sand (top) 17 19 0 35 23000 

Clay 15 15 3 25 5000 

Loam  
(bandwidth) 

21 21 
7,5 30 15000 

12,5 32,5 20000 

Sand (deep) 19 21 0 34 53000 

Inclinometers HK3 – HK6

nr. 100 

Sheet pile wall                            Diaphragm wall                                                                                                       Diaphragm wall 

Sand / clay 

Loam 

Sand 

Anchors 

Stepped slope 

Building Building 

Anchors 
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Installing anchors NAP-1,3m, 
pretension 150kN/m 

Installing anchors NAP+1,5m, 
pretension 150* / 250kN/m** 

 
Excavate to NAP-1,0m 
Water level NAP-1,5m 

 

Stepped slope excavation to NAP-
3,0m and NAP-4,5m for installing 

2e anchor row 
(slope 1:1 to sheet pile wall) 

Water level NAP-4,5m 

 
Installing anchors NAP-4,0m, 
pretension 300* / 500kN/m** 

 
Slope excavation to NAP-5,7m. 
(slope 1:1 to Diaphragm wall) 

Water level NAP-6m 
Remove -1 floor 

Installing anchors NAP-3,8m, 
pretension 300kN/m  

Excavate to NAP-5,7m 
Water level NAP-6,0m 

Excavate to NAP-5,7m 
Water level NAP-6,0m 

* Piled foundations ** Shallow foundations 

4 CALCULATION RESULTS 

In this chapter the results of the PLAXIS calculation are 
presented. The horizontal displacements of the sheet pile wall, 
situated alongside the shallow foundations, are shown in Figure 
4. 

 
Figure 4. Horizontal sheet pile wall displacement  

The calculated maximum horizontal displacement of the sheet 
pile is 18mm.  
 
Figure 5 shows the corresponding vertical and horizontal 
ground deformations in the soil body directly behind the sheet 
pile wall. The vertical (16mm) and horizontal (4mm) ground 
deformations alongside the shallow foundations, at 7m distance, 
were used in the risk assessment. 

 

 
Figure 5. Vertical (above) and horizontal ground deformations (below)  

5 SETTLEMENT RISK ASSESSMENT ON ADJACENT 
BUILDINGS 

The calculated ground deformations were used to determine the 
bending and horizontal strains in the adjacent constructions 
(buildings). The total strains were calculated with the modified 
Limited Tensile Strength Method (Netzel 2009) and then judged 
according to the damage classification system of the Building 
Research Establishment (BRE 1995), see Table 3. 
 
Table 3. BRE - damage classification system  

Category of 
damage 

Damage class 

Limiting tensile 
strain levels 

(Boscardin et al. 
1989) [%] 

Aesthetic 
damage 

Negligible 0-0.05 

Very slight 0.05 – 0.075 

Slight 0.075 -0.15 

Functional 
damage affecting 

Serviceability 

Moderate 0.15 – 0.3 

Severe 

> 0.3 Structural 
damage affecting 

stability 
Very severe 

 
The aesthetic damage category is considered acceptable in the 
current design practice and was therefore used as design criteria.   
 
Despite the calculated 16mm maximum settlement at the front 
façade wall, the damage classification results in negligible 
aesthetic damage profile as classified by BRE (strain 0.045%). 
This is due to a limited rotation of 1/1250 and small horizontal 
strains caused by the even distribution of the vertical and 
horizontal differential ground deformations along the buildings. 
 
In this case clear agreements between insurance company and 
the municipality about the expected risk-damage profiles, 
monitoring and risk control measures, made allocation of 
coinsurance fees negotiable. 

6 CONSTRUCTION PHASE AND MONITORING 

6.1 General 

This section discusses the monitoring and the risk management 
used during the construction process of the project. 

 
These elements are essential for a ‘pro-active’ geotechnical risk 
management and provide the basis to decide on the need for the 
application of mitigating measures during the construction 
process. By analyzing the combination of the various 
monitoring data (e.g. groundwater measurements, building 
settlements, inclinometers and vibration monitoring of sheet- 
and foundation piles installation) the source of unexpected 
deformation influences on the surrounding structures can be 
identified clearly. 

6.2 Monitoring protocol 

Prior to the construction phase a monitoring protocol was 
written. The alarm and limit values in this protocol were derived 
from the calculated deformations and performed risk 
assessments. 

 
The monitoring of the Southwest part of the project site 
included: settlement measurements (buildings), inclinometer 
measurements (sheet pile walls), vibration measurements 
(buildings) and piezometers (groundwater). This paper focuses 
on the settlement and inclinometer measurements.  
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6.3 Settlement measurements 

To monitor the vertical displacements during the construction 
works of the underground parking the nearest adjacent buildings 
were fitted with their measurement points (z-direction). To 
control differential settlements the sidewalls of the adjacent 
buildings were also measured (within 30m distance from the 
building pit). As a reference 2 measurement rounds were 
conducted prior to construction. In the monitoring protocol 
alarm and limit values were defined for several characteristic 
construction phases.  
 
During construction a total of 35 measurement-rounds were 
conducted, in order to validate the intermediate results with the 
predicted settlement of each particular phase, and adjust the 
process in time, if needed. 
 
For the final phase the maximum calculated settlement of 16mm 
was used as a limit value.  

6.4 Inclinometer measurements 

In order to be able to compare the actual deformations with the 
calculated wall deformations, inclinometer measurements were 
carried out. A reference measurement was performed directly 
after the sheet pile wall installation, and before first excavation. 
During excavation several inclinometer measurement rounds 
were performed, most of them in the same in same 
characteristic construction phases as the settlement 
measurements. 
 
Figure 6 shows the results of inclinometers HK3, HK4, H5 and 
HK6 together with the predicted horizontal sheet pile wall 
deformations (also seen in Figure 4); both are shown for the 
maximum excavated situation (NAP-5,7m). Positive values are 
in the direction of the excavation and negatieve values are in the 
direction of the buildings, this due to relative high 
pretensioning. For the loam strength and stiffness the calculated 
lower and upper limit values are presented. The inclinometers 
locations are shown in Figure 3. 

 
Figure 6. Measured versus calculated horizontal sheet pile wall 
deformations. 

As shown in this figure the measured sheet pile wall 
deformations fall within the calculated bandwidth, and the 
upper range provides enough safety margins in the design and 
risk assessments.  

6.5 Anchor installation 

Although the installation process of the applied grout anchors is 
promoted as completely settlement-free, several settlement 
measurements were conducted during the installation process of 
the 2nd anchor row. The results of these measurements show a 
sudden increase in settlement of building nr. 100, see Figure 8.  
 

Because the nearby sheet pile wall, groundwater levels and 
vibrations levels performed as expected and did not change 
significantly, it was soon obvious the deformations were caused 
locally near the building. Because of this, corrective measures at 
the building pit construction weren’t necessary, nor effective. 
 

 
Figure 7 View of building pit on the Southwest side  

Further investigation eventually indicated poor soil conditions 
in combination with a very close center-to-center distance of the 
grout anchors (one in each sheet pile compartment), as the 
primary sources of influence. Both effects were present only 
near building nr. 100. The other locations with bigger distances 
between the anchors did not show any significant influences. 

 
Figure 8. Measured settlement building nr. 100. 

Figure 8 shows that settlements due to the first and later 
excavation steps matched the expected value of 16mm, but the 
additional settlement of approximately 20mm resulted in a total 
settlement of 36mm locally. Because of the even distribution of 
the differential settlements along the buildings, in this case no 
significant damage was expected nor did it occur.  
 
The settlements at the rest of the adjacent buildings all complied 
with the monitoring criteria ≤16mm. 

7 CONCLUSION 

The reconstruction of underground parking Zaailand was very 
successful from a geotechnical point of view. By implementing 
this risk control approach, the underground parking garage has 
been constructed successfully without any significant damage or 
delay. 
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Informed decisions on safety assessments of historic structures 
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ABSTRACT: In the Dutch delta has been acted on water safety for centuries. As a result of this ongoing water works, parts of the 
existing dike system originate from ancient times. In this paper, the safety assessment  of five structures is considered and compared 
with the Dutch flood safety standard. These structures are part of an historic fortress build around 1700, and must comply with 
modern safety standards. In order to complete the safety assessment, the various process steps are explained to get to an informed 
decision. The constraints and opportunities for field research and analysis are explained. These constraints are the result of the diverse 
functions of the structure besides water safety and interests of the various stakeholders. The feasibility of the user expectations in 
relation to the structural strength had to be determined, based on factual geotechnical data and observed behaviour of the structures. 

 

KEYWORDS: Safety assessment, Historic structures, Informed decisions. 
 

 
1 INTRODUCTION. 

Many of the Dutch hydraulic structures are in function for more 
than 300 years. Being a part of the water defence system, these 
old structures have to meet modern national safety 
requirements. These structures are also an important part of 
historic cities and cultural heritage, and need to be revitalised as 
long as possible. A detailed safety assessment is generally 
required to make this possible. 

1.1 RESEARCH LOCATION 

The structures of this safety assessment are part of a larger 
system of a primary dike of more than 71km in length. This 
dike encloses an area of over 19.000ha which is at about a meter 
below mean sea level. In the area are several cities (including 
Rotterdam) and municipalities and has more than 155,000 
inhabitants. There is also a lot of agricultural production land. 
As a result, there is an intensive use of the available space in the 
area and the preservation of infrastructure and facilities is of 
interest. 

The historic structures are located in the centre of the town 
‘Hellevoetsluis’. In this town a historical fortress is located, 
which is of large cultural and historical value. The overview of 
the town centre is presented in figure 1. In former days this 
town was directly connected to the open sea. Hellevoetsluis was 
one of the main harbour fortifications in the Netherlands, before 
the rise of the port of Rotterdam. After a major flood in 1953 
the connection to the sea was closed by the Delta Works and the 
town lost its seaport function. 

1.2 NATIONAL WATER SAFETY STANDARD 

This present study originates from the periodical assessment of 
the flood risk of five historic structures. This safety assessment 
is defined in the Water Act and should be performed every six 
years. The conclusions of the assessment have to be reported 
and accepted by the water board and the ministry of public 
works. 

 
Figure 1: The project location. 

 
The actual safety of al water defence systems are assessed 

according to the standard specified in a national Act. The 
purpose of this assessment is to determine whether the primary 
flood defences are able withstand the hydraulic loads with a 
certain defined exceedence frequency. This safety standard is 
based on the advice of the Delta Committee and indicates the 
security level. This depends on the nature of the threat, the 
magnitude and importance of the area. 

The structures are part of a primary dike system with a safety 
standard of 1/4,000 per year. This implies that failure is 
accepted by a hydraulic load with a return period of 4,000 years. 
This safety standard can be converted to a target reliability 
index for the structure, which results in a reliability index 
comparable with RC3 of the Eurocode. In this conversion the 
exceedence frequency (1/4.000 per year), the (expected) 
lifetime, length effect and type of construction is taken into 
account. 

Within this safety assessment various failure mechanisms are 
considered. The focus was primarily on the following aspects: 
‐ The strength of the structural elements (walls) 
‐ The stability of the structure as a whole (overall stability) 
‐ The bearing capacity of the foundation 
‐ Hydraulic failure. 
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1.3 HISTORIC STRUCTURES 

Within this assessment five structures are considered. These 
structures include:  
‐ A shipping sluice built around 1830 
‐ Two masonry weight walls built around 1700 
‐ A historic gateway built around 1650 
‐ A water inlet built around 1700 

In this publication, the structure of the east end masonry 
weight wall will be used as case study. The appearance of the 
masonry weight wall is presented in figure 2. A copy of an 
original drawing of a cross section is presented in figure 3. The 
structure is approximately 7,5m high and 8,0m wide at the base. 
The wooden foundation piles and two wooden sheet-pile walls 
are also indicated at the cross section. For a more detailed 
description of both the structure and the aspects of the 
assessment will be referred to the original reports (Zwang et al. 
2013). 

 

 
Figure 2: The masonry weight wall, approximately 300 years old. Left: 
waterside; right: landside. Source: Rijksdienst voor het Cultureel 
Erfgoed. 

1.4 PRECEDED SAFETY ASSESSMENTS 

In the past decennia three national safety assessments were 
performed. However, no final conclusion on the reliability of 
these structures was determined. This was mainly caused by the 
absence of the required information on the building 
specifications and geotechnical subsoil. For this assessment of 
the structures to succeed, this time not only the technical aspects 
have been taken into account, but also the interest of the several 
stakeholders. In order to get to an informed decision, the 
(geo)technical characteristics were used as a starting point. 

2 FIELD RESEARCH 

To be able to make a detailed assessment, further field research 
was required. This investigation was initially addressed to the 
strength and stability properties of the structure and the subsoil. 
To perform this research the field inspections and geotechnical 
research had to be customized to respect the vulnerability and 
value of the historic structural elements. 

2.1 RESTRICTIONS ON THE RESEARCH 

For the field research standard investigation techniques were 
used. However, due to the unique circumstances, specific 
restrictions for the preservation of the structures were 
characteristic for the field research. These restrictions will be 
subsequently described and explained. 

The structures are part of the primary water defence and 
should function during and after the research. The use of any 
sort of destructive testing was therefore excluded at all times. 
Even the relatively small field examinations as the excavation 
of an inspection trench was excluded. 

All of the five constructions are part of the cultural heritage 
and thus have a protected status. On this basis, the performance 
of any kind of destructive testing, as core drillings, was 
excluded. This to maintain the external characteristics. The 
cultural status also places a limitation on the possible solutions. 
Because the water defence function, appearance and original 
materials should be combined in a limited space environment. 

The time available for the assessment and therefore also for 
the field research was limited. This time limitation resulted in a 
timeframe of less than 2 months to perform the field research, 
including the preparations and processing. The project budget 
was also limited and predetermined by the enrolment. 

In addition to these key issues were a number of other 
restrictions, both from other users, owners and local residents. 
For example, the sluice is also used for shipping, the prolonged 
closure of this passage is therefore undesirable. The 
accessibility of the structures was also limited, this due its 
former function as a rampart of a fortress. 

2.2 RESEARCH METHOD 

The applied research techniques will be generally mentioned. 
These methods all had to fit within the specified restrictions and 
the aim of an informed decision. The interpretation and 
application of these researches will be explained in the 
following chapter. 

2.2.1 Soil conditions 
The soil conditions are determined by probing, mechanical 
drilling and drilling by hand. These inspections are carried out 
as close as possible to the structure. In this way possible soil 
improvements could be detected. At locations where it was not 
possible to carry out drillings and probes use was made of 
ground penetrating radar. 

In case of the masonry weight wall access for regular 
equipment was not possible, because at both sides of the 
structure is a pond. There a small vessel has been used to 
perform drilling by hand up to a depth of 5 meter. 

2.2.2 Foundation and sheet-pile inspection 
The most common way for inspection of wooden foundations 
and sheet-pile walls is to excavate an inspection trench. The 
foundation and al construction parts can directly be inspected 
and sampled. However, this inspection method was not allowed, 
due to preservation restrictions. 

The field research has therefore focused on identifying 
possible damages at the structure resulting from the non-
functioning of the foundation. This concerns cracks, settlement 
and deformations. For this purpose, the whole structure has 
been measured by using a Total Station. Also a visual 
inspection was carried out. 

2.2.3 Groundwater measurements 
For the research of the functioning of the wooden sheet-pile 
walls an indirect method had to be used, since the restrictions on 
the accessibility. This was performed by the monitoring of the 
water level variations and the groundwater flow at the structure. 

For the mapping of the groundwater flow, gauges were 
placed at different transects. With these gauges, the hydraulic 
head of groundwater is monitored. In addition the surrounding 
open water levels are also measured, including the tidal 
variations. On the basis of the data loggers the hydrological 
analysis could be calibrated and used for a ground water flow 
model to assess the functionality of the wooden sheet-pile wall. 

2.3 RESULTS FIELD RESEARCH 

The raw 3D data of the field research is processed into graphs 
and fact sheets. It must be emphasized that no operations or 
interpretations have been performed on the data, this to maintain 
the objectivity. This processing was needed to be able to 
compare the results with the other information sources. 
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3 DESK STUDY 

In addition to the field research a desk study has been 
performed. This to gather more factual information of the 
construction and the environment. The ‘old’ information 
acquired with extensive archive studies was transformed and 
updated to meet modern needs. This has resulted in the ability to 
identify the hotspots, the essential aspects for the safety of the 
structure. 

3.1 ARCHIVE STUDY 

On these structures is relatively much archive material is 
available, because of the monumental status. These archive 
records describe the implementation and construction of the 
structure. In addition are earlier descriptions found of the 
applied construction method and former guidelines. 

The archival documents of the structure have been prepared 
with the purpose to describe the construction, without further 
use for any type of assessment whatsoever. This means the 
documents from the archive can be seen as objective and 
descriptive. 

For the masonry weight wall the archive study resulted in a 
set of situation drawings and cross section of the structure 
including the foundation and the sheet-pile walls. The achieve 
documents also contains further data on the hydraulic loads 
which the structure has withstand during the major flood of 
1953. 

3.2 GENERAL GUIDE LINES 

The knowledge and experience with other historic structures 
and monuments is defined in various guidance documents. 
These information and rules of thumb are used as much as 
possible. It was remarkable that this general information mostly 
substantiated the archival data. 

3.3 SCENARIO’S FOR UNKNOWN PARAMETERS 

To perform the strength analysis, the construction is converted 
into different structural subsystems. This classification is based 
on the various failure mechanisms as given in paragraph 1.2 and 
the objective findings from the field research and desk study. 
For each system, the characteristic and the design loads are 
determined. Because of the decomposition into systems it was 
possible to distinguish the determining elements in the safety 
assessment. 

For some of the systems it turned out that not all parameters 
could be determined objectively. This due to the shortcoming of 
the archive data, in combination with the restrictions on 
research. These hiatus are filled by performing model studies 
with different scenarios. The use of a scenario analyses for the 
modelling of unknown parameters will subsequently be 
illustrated in a case for hydraulic failure. 

These scenario analyses are used to either confirm or reject 
interpretations and to obtain insight on the effects of unknown 
parameters. In addition, the likelihood and accuracy of the 
scenarios is assessed by modelling the measurement results of 
the field survey. 

Due to the application of these model studies with different 
scenarios, the technical possibilities of the construction became 
clear. Together with the results of field research and the 
integration of the archival and literature data, it is the most 
complete picture possible of the structures. The safety 
assessment is based on the results of these studies. 

4 CASE SCENARIO ANALYSE 

Part of the safety assessment is the evaluation of hydraulic 
failure. In this failure mechanism the permeability of the subsoil 
and the presence and the functioning of the sheet-pile walls are 

essential. Because of the limitations on the field research a 
geohydrological model with various scenarios was needed to 
simulate these unknown parameters.  

These model calculations are then compared with the results 
of the groundwater measurements and hydraulic loads during 
the major flood of 1953. The modelled situation as encountered 
in the field research and described in the records is presented in 
figure 3. The various soil layers, the locations of the sheet-pile 
walls and the monitoring equipment are indicated. 

 

 
Figure 3: The cross section of the approximately 300 years old masonry 
weight wall, including the foundation and sheet-pile walls (original 
drawing) and the model of soil layers and water levels. Source 
background: gahetna.nl 

4.1 INPUT SCENARIO’S 

To be able to perform the assessment many scenarios are 
considerate. In this article only four distinctive scenarios will be 
highlighted. This regards the uncertainties on the soil 
permeability and the current performance of the sheet-pile 
walls. 

4.1.1 Sheet-pile walls 
The uncertainties regarding the sheet-pile wall are included in 
the various scenarios. The key points were the original length 
and the functional present length. To determine the original 
length and thickness of the wooden sheets, archival data and 
general guidelines are used. In the past, it was customary to 
extend sheet-pile walls into the clay layer (SBRCURnet, 2013). 
If it was not possible to reach the clay, often a length between 
2,0 and 3,5 m was applied. Regarding the determined soil 
conditions, it is likely the original sheet-pile walls reach to the 
lower clay layer. 

To analyse the needed length of the sheet-pile walls in 
relation to the critical head difference, the relation of Lane is 
applied (see Eq.1). At this analysis the length of the sheet-pile 
wall Lv and the critical head difference ΔHc are varied. The 
creepfactor Cw,creep is determined in relation to the 
geohydrological soil properties and the horizontal seepage 
length Lh is given by the cross section. 
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Given the age, one may assume the deterioration of the walls 
by fungi and bacteria. The wooden sheet-pile walls can have 
significant gaps or even be completely gone. The scenario’s 
regarding the degree of deterioration are supported by statistics 
from similar research projects (STOWA. 2006, SBRCURnet, 
2013) and by making comparisons to the equally wooden 
foundation. The functioning of the foundation was indirectly 
determined  in field research. 

In the scenario analysis is initially the most favourable 
original situations with fully functioning sheets included. 
Subsequently are variations considered with different length and 
functional condition of the screens. For this scenario’s the 
critical head difference is determined and related to the 
requirements in relation to hydraulic failure. 

4.1.2 Groundwater flow 
The groundwater flow is initially modelled by Darcy’s law (see 
Eq.2). The gradient is determined by the water levels at the 
land- and waterside of the structure and the hydraulic head 
monitoring data of the soil formations. The layer thickness is 
based on the results of the probing and drilling by hand. The 
hydraulic conductivity has been considered on the basis of the 
characteristic values for the soil properties. 

 

L
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          (2) 

 
At the next step the groundwater flow is modelled and 

simulated. For each soil layer both the upper and lower 
boundary values of the soil properties and hydraulic 
conductivity were determined and calibrated on the 
observations in the field research. The modelling of a single 
scenario’s is illustrated in figure 4. 

 

 
Figure 4: The hydraulic model of ground water flow. 

 

4.2 RESULTS OF THE CASE. 

The various input parameters resulted in a large number of 
scenario’s. To be able to reduce the number of scenarios, an 
elucidation has been given for all different properties of a soil 
layer. This turned out, many scenario’s had internal 
contradictions in the elucidation and did not had to be 
considered further. This form of informed decision reduced the 
number of scenarios on permeability significantly. 

The results of four scenarios’ and the modelled hydraulic 
heads are presented in table 1. In this table the observed field 
results are listed with the results of the scenarios. The daily 
ground water flow and observed loads during the field research 
are considered in relation to the upper and lower boundary 
limits of the hydraulic conductivity and the presents of the 
sheet-pile walls. With the comparison of the observed and 
modelled hydraulic head, the scenarios are calibrated.  

These scenario results are applied to fill the hiatus on the 
hydraulic situation and create a parameter set with the 
characteristic values, uncertainties and bandwidths. This set of 
the masonry weight wall was transformed to modern needs by 
applying safety factors and load combinations. This final step of 

transformation was previously not possible due to a shortage of 
data. 
 
Table 1. Scenario results on hydraulic failure. 

Model Hydraulic head (m NAP) 

 inside the dike outside the dike 

Field measurement 
0,35  
(average) 

-0,4 / -0,5  
(average) 

Scenario I 0,2 -0,35 

Scenario II 0,4 -0,5 

Scenario III -0,1 -0,2 

Scenario IV  0,3 -0,4 

 
I. No sheet-pile wall upper boundary permeability 
II. With sheet-pile wall upper boundary permeability 
III. No sheet-pile wall lower boundary permeability 
IV. With sheet-pile wall lower boundary permeability 

5 CONCLUSIONS 

The most important finding in this safety assessment project is 
the possibility to give a  final conclusion on the safety of 
historic flood defence structures, complying with modern safety 
standards. This is done by the combination of various historic 
and geotechnical information sets and scenario analyses using 
geotechnical and geohydrological models. 

The principle of informed decisions and the therefore needed 
objective information was essential to get to the conclussions. 
First of all to have sufficient knowledge on the structure, it 
forces one to only perform the needed researches and studies to 
meet the objectives. But also to be able to inform all stake 
holders, including non-technical. By splitting the observations 
and interpretations the principles of geotechnical engineering 
can be explained more easily. 

The field research was an important part in the assessment. 
By customizing the common research methods it is possible to 
perform a sufficient inspection. The characteristics and 
vulnerability of the structure can still be respected. 

The observations of the field research were both applicable 
for the strength analysis as well as for the calibration of models. 
The restrictions on this research were determinative for the 
executed methods, of which the time aspect was the most 
influential, since no long-term time series could be obtained. 
For future assessments on this type of vulnerable structures it 
must be recommended to obtain long time monitoring data, at 
different hydraulic conditions. 
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Lindisfarne Castle: A Rock Mass Stability Assessment 
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ABSTRACT: The Lindisfarne Castle is built on an outcrop of the Whin Sill, which has a strong joint sequence, due to the slow
cooling of the igneous intrusion. The orientation and distribution of these discontinuities may lead to the structural integrity of the 
Lindisfarne Castle becoming compromised. This paper uses discontinuity survey data to assess the stability of the historic monument,
which has long been an iconic symbol of the region. Walkover survey observations are described and locally surveyed discontinuity 
data is used to characterise jointing patterns within the Whin Sill outcrop. This is used to provide a representative record of the rock 
condition, together with a visual assessment of the slope stability. Where accessible, discontinuity survey data was collected, 
allowing stereonets of the joint sets to the plotted.  During the assessment, consideration was made of the impact of plant growth on 
the slope, in particular Red Valerian, and its effect on the stability of the rock face.  

 

KEYWORDS: Rock Mass Stability, Whin Sill, Red Valerian, Discontinuity Survey. 
 

1 INTRODUCTION 

1.1 General Background 

The Lindisfarne Castle, situated on Holy Island, 
Northumberland, was constructed in the 16th Century, long 
before engineering standards became common practice. Now a 
National Trust owned property, the castle is situated on a steep 
outcrop of the Holy Island dyke, an offshoot of the Whin Sill 
(Goulty et al. 2000), which has been noted in recent years to be 
disintegrating. Discontinuity characteristics of rock faces play an 
important role in the stability of an outcrop, and inevitably, the 
security of any structures relying on them.  

This paper aims to use discontinuity survey data to assess the 
stability of a historic monument, which has long been an iconic 
symbol of the region.  

1.2 Objectives 

The objective of this paper is to use walkover survey 
observations and locally surveyed discontinuity data to 
characterise jointing patterns within the Whin Sill Lindisfarne 
castle outcrop. This paper provides a representative record of the 
rock condition, together with a visual assessment of the slope 
stability. Where accessible, discontinuity survey data was 
collected, allowing stereonets of the joint sets to the plotted.  
During the assessment, consideration was made of the impact of 
plant growth on the slope, in particular Red Valerian, and its 
effect on the stability of the rock face.  

2 GEOLOGY 

The Holy Island Dyke is oriented E-W through the island. The 
rock outcrop comprises Dolerite of Upper Carboniferous age, 
and is part of the Whin Sill igneous outcrop (Miller and Mussett, 
1963).  Joint patterns have commonly been observed within the 
outcrop, consisting of two main vertical sets, at perpendicular 
orientation (Spears, 1961), caused by the slow cooling of the 

magma intruded within the Carboniferous sedimentary rocks of 
the region. 

 
Figure 1. Locations of discontinuity surveys © 2003 Gentles Limited, 
Low Level Aerial Photography www.gentles.ltd.uk. 
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3 FIELD MEASUREMENTS 

3.1 Method 

In November 2013 a discontinuity mapping survey was 
undertaken to collect field data from accessible rock exposures, 
at 8 locations within the Lindisfarne Castle rock exposure, 
labelled DS1 to 8 on Figure 1. The purpose of this survey was to 
obtain local discontinuity data from the outcrop to determine, 
where possible, regional trends in the orientation and nature of 
the discontinuities to assist in the assessment of the rock face 
stability.  

A systematic approach was adopted in recording 
discontinuity data, in compliance with industry guidance (BSI, 
2003) which entailed recording of the following data, where 
appropriate, from transects at each location:- 

 
 Location 
 Rock description 
 Discontinuity type including: 

o Orientation(dip and dip direction) 
o Spacing 
o Persistence 
o Roughness and shape 
o Aperture 
o Infill 

In addition, a visual inspection was undertaken of the rock faces, 
in order to identify possible weak areas which may be 
jeopardising the stability of the rock face and castle above.    

The positions of the locations surveyed are illustrated in 
Figure 1, and can be categorised between the northern, southern 
and western rock faces  

4 SUMMARY OF VISUAL OBSERVATIONS AND 
DISCONTINUITY DATA  

4.1 North Face 

4.1.1 Locations 
Exposures of the Whin Sill Dolerite were surveyed at 4 locations 
along the northern face of the Lindisfarne Castle outcrop, shown 
on Figure 1.  The slope was noted to be up to 20m high in the 
west of the site, and dip at an angle of ~70˚.   

4.1.2 Observations 
The rock face was noted to be generally stable, with large areas 
having previously been stabilised using masonry. The masonry 
was noted to be in generally good condition, however, cracks 
have been noted in the mortar in some areas. In the location of 
DS1, an area of almost completely disintegrated masonry 
support was noted. The cliff face was noted to be heavily 
vegetated, with Red Valerian noted in some areas across the 
face, especially the upper areas. Root jacking was observed in 
isolated areas across the slope.  

Large boulders up to 0.6m in diameter were noted at the base 
of the slope, having fallen from the cliff. Further, loose boulders 
were noted within the cliff face, which may come loose. This 
area has open access to the public, and although no path is 
present directly along the base of this cliff side, there is a grassed 
area where members of the public could sit.  

Planar and wedge failures were observed, as blocks have 
clearly dislodged along the discontinuity sets. The persistence of 
the discontinuities was not observed to be large (mostly 1-3m) 
and spacing was medium on average therefore, rock slides are 
generally small, with visible blocks up to 2m in length having 
become dislodged from the rock face (Figure 2). 

Around the location of DS4, large areas of the cliff face were 
noted to have been remediated using masonry. This was noted to 

be in generally good condition however, the stability of the rock 
beneath is unknown. Between the areas of remediation, rock 
outcrops were noted to be heavily weathered, possibly acting as 
channels for water flow. These areas were also noted to be 
heavily vegetated, with much Red Valerian noted in joint sets. 
This area was also accessed from above using rope access to 
further assess its stability. Iron supports were noted within the 
mortar; their date is unknown. Many fresh cracks were noted 
within the rock, forming potentially unstable blocks. It is 
considered likely that this instability is aggravated by the 
frequent Red Valerian growths noted in this area. 

No seepages were noted during the investigation however, 
this may vary depending on the season. 

 

 
Figure 2: Columnar structures formed by discontinuity sets observed at 
DA3. 

4.1.3 Discontinuity Summary 
Measurements were obtained from the three principal joint sets 
that were evident within the north face outcrop. The three joint 
sets were noted to create columnar structures dipping almost 
parallel with the slope, and stereographic projections show that 
planar/steep wedge failures are possible along the rock face, 
assuming an angle of friction of 35˚ and based on the rough 
nature of the discontinuities.  Stereographic plots for each 
discontinuity survey location are shown in Figure 3.  
 The joints were noted to be generally of tight aperture 
however, near the surface, joints have been weathered with 
spacing of around 20mm between planes.   

4.2 SOUTH FACE 

4.2.1 Locations 
Four sections were surveyed along the southern facing cliff wall, 
above the existing public footpath. The rock face is up to 15m 
high in the west and 2.5m high in the east and dips at an angle of 
approximately 60˚. This section is of particular concern, as 
potentially loose blocks falling could pose a safety issue to the 
public using the access track below. The slope was noted to be 
partially covered with vegetation, mostly comprising grasses.    

4.2.2 Observations 
Observations along the southern face encountered several 
apparently unstable blocks ‘toppling’ away from the cliff face 
(DS5). It was evident that blocks had recently fallen away from 
the cliff, and further loose block areas were visible in the west 
and central areas of the section. Three discontinuity sets were 
clearly visible creating columnar structures (a common cooling 
feature of sills).  

An area with significantly closer spaced discontinuities was 
noted in the centre of the section (DS6). This could be due to a 
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slight change in mineral composition grain size, or a possible 
fault zone. Discontinuities were also noted to change orientation 
about this feature.  

The rock surface appears to be highly weathered, especially 
in the western section, with fresh discontinuity surfaces exposed 
indicating that ‘blocks’ have recently fallen away from the cliff.  

 
 

Figure 3: North face discontinuity sets. 
 

 
Figure 4: South face discontinuity sets. 

 
The aperture of the joint sets was noted to be generally tight 
however, near surface joints have become highly weathered, 
making the cliff more susceptible to failure in these areas, due to 
actions such as freeze-thaw weathering and root jacking.  

The upper section (~3m) of the cliff face was accessed via 
rope access. This area was noted to be generally stable, with 
occasional plant growth. Limited areas of Red Valerian were 
noted however, these were not observed to be having a 
significant negative impact on the slope.   
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Anecdotal evidence from the National Trust representative 
suggests that fallen boulders up to 0.5m in diameter are regularly 
removed from the path at the base of the slope.  

No seepages were noted during the investigation however, 
this may vary depending on the season.    

The far eastern area of the slope (DS8) appears to be in a 
relatively stable condition. Drainage pipes were noted at the base 
of the rock face on the west of the section. These appeared to be 
in a generally good condition.  

4.2.3 Discontinuity Summary 
The rock face primarily comprised three joint sets, forming 
blocks or columns. Measurements were taken of these joint sets 
were accessible. Stereographic plots of these joint sets indicates 
that the slope is at risk of toppling or wedge failure, assuming an 
angle of friction of 35˚ and based on the rough nature of the 
discontinuities. Stereographic plots for each discontinuity survey 
location are shown in Figure 4. 

The ‘blocks’ were noted to have a general orientation steeply 
dipping north, with southernly shallowly dipping upper and 
lower faces. Vertically orientated discontinuities were generally 
noted to be closely spaced (~0.2m) with a high persistence (2-
7m). Horizontally orientated discontinuities were generally noted 
to be close to medium spaced (0.3-0.7m), with low persistence 
(<0.5m). 

In order for toppling failure to occur, the centre of gravity 
must fall outside the base of the block. Stereographic plots for 
DS5 indicate that the discontinuity sets are safe however, in view 
of the dimensions of the observed joint blocks, it is considered 
that toppling could occur due to the mass of the column falling 
outside the base of the block. This was observed in the location 
of DS5, where joint columns were noted to be unstable due to 
their orientation and weight (Figure 5). 

 

 
Figure 5: Toppling failure observed at DS5. 

 
Figure 6: Undercutting observed at the Western Outcrop End 

4.3 WESTERN OUTCROP END 

4.3.1 Locations 
The area on the western point of the outcrop was noted to have 
been undercut. This area was accessed using rope access from 
above.  

4.3.2 Observations 
The area was noted to have experienced many failures with large 
blocks having evidently fallen from the cliff. The cliff face is 
beginning to be undercut, as the blocks fall from the rock face 
(Figure 6). 

Red Valerian was noted to be present in discontinuities, and 
is likely to be worsening the condition of the rock face. It was 
noted that the plant was not present in the areas previously 
remediated.  

Many large, potentially unstable rocks were noted up to 
0.7m in diameter, which could fall from the cliff imminently. 
Fresh cracks up to 20mm wide were noted, with plant growth in 
some areas.   

5 CONCLUSIONS 

The Whin Sill has been found to contain three main 
discontinuity sets, forming column-like structures consistent 
with slow-cooled igneous outcrops. Based on the findings of this 
paper, it is considered that the nature of the Whin Sill 
discontinuity sets results in the Lindisfarne Castle rock outcrop 
being in an unstable situation, and remedial work is urgently 
required to protect the historical landmark. 

Rock face discontinuities are essential consideration for new 
developments in compromising locations, such as Lindisfarne, 
and due to the age of the building, proper investigation is likely 
to have been neglected at the time of construction. This paper 
confirms the necessity of proper ground investigation surveys 
prior to development, and the importance of regular on-going 
investigations to prolong the lifespan of historic buildings.  
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Earth pressure on retaining walls in slopes 
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ABSTRACT: Large cuttings and excavations in slopes are often necessary for the construction of building structures in mountainous
regions. Past projects often showed major problems and uncertainties in determining the earth pressure on retaining walls for cuttings
and excavations in slopes. Therefore, the Institute of Soil Mechanics and Foundation Engineering, Graz University of Technology 
launched a research project, concerning the earth pressure in slopes. This contribution should give a short introduction to the research 
project and the main objectives are presented. For the investigation of the earth pressure in sloped terrain both Finite Element Method 
and geotechnical measurements should be used. To determine changes in earth pressure a novel device – the Inclinodeformeter (IDM) 
is used. In the main part of this contribution the Inclinodeformeter is introduced and first results of its application during the 
excavation of a building pit in sloped terrain are presented. 

 

KEYWORDS: earth pressure, slopes, building pit, inclinodeformeter. 
 

 
1 INTRODUCTION 

In general, large cuttings and excavations in slopes require 
stabilization measures, especially when slopes in mountainous 
regions are already in its natural state near the ultimate limit 
state. Therefore, pile walls, shotcrete with nailing systems, pre-
stressed anchors or other stabilization measures are necessary to 
enable excavations in more or less steep slopes. For the design 
of such stabilization measures the load, resulting from the earth 
pressure, has to be known. 

In case of excavations in slopes the determination of the 
earth pressure is a challenging task for the geotechnical 
engineer due to different uncertainties. This is especially true 
for slopes in mountainous regions. In general the subsoil is very 
heterogeneous and the determination of an adequate soil 
parameter set is therefore difficult. As a consequence the 
determination of the slope stability in its natural state is also a 
challenging task. This is a problem especially in case of slopes, 
which in its natural state are already near the ultimate limit state 
(friction angle φ ~ slope inclination ). Past experience has 
shown that in this case many earth pressure theories lead to an 
underestimation of the maximum earth pressure, exerted on 
retaining walls. An additional problem is the determination of 
the initial stress field in the subsoil, as the geological genesis of 
the slope respectively the stress history is not known. But it is 
generally known that the initial stress state mainly influences 
the behavior of the subsoil, therefore it is important to know and 
understand the initial stress field in the slope for a following 
earth pressure calculation. Especially in case of slopes the initial 
stress field must be known, as the principal stress directions are 
rotated and the subsoil might have high overconsolidation 
ratios. Due to the before mentioned problems and uncertainties 
cautious estimations concerning the soil parameters (φ =  
were made in practice and stabilization measures are often 
designed with a sufficient safety margin. To allow a more 
precise determination of the earth pressure in the future and to 
avoid underestimations concerning the earth pressure, exerted 
on retaining walls in slopes, the research project at the Institute 
of Soil Mechanics and Foundation Engineering, Graz University 

of Technology, concerning the earth pressure in slopes was 
launched. The following main objectives should be investigated 
within the framework of the research project: 

1) Influence of initial stress state on the mobilization of 
the earth pressure and the maximum value of the earth 
pressure. Concerning this problem several investigation 
was already made in the past (e.g. Fang et al. 1997). 
However, the most of these investigations only deal 
with the influence of the overconsolidation ratio (OCR) 
on the earth pressure at rest (e.g. El-Emam 2011, 
Brooker and Ireland 1965). Just a few (e.g. Pelz 2010) 
investigated the mobilization of the (active / passive) 
earth pressure depending on the overconsolidation ratio. 
In the course of the research project additionally the 
influence of the direction of the principal stress axis on 
the earth pressure should be investigated. This is 
important for understanding and determining the effect 
of different geological developments (stress history) of 
the slope on the mobilization and the maximum value 
of the earth pressure. 

2) Determination of the earth pressure in case of slopes, 
which are already in its natural state near the ultimate 
limit state. The applicability of the common known 
earth pressure theories for the case mentioned before 
should be proven. For the stabilization of instable 
slopes with retaining walls earth pressure theories does 
exist in the literature (e.g. Haefeli 1945). These ones 
should be investigated more closely. 

3) Influence of the construction process of the stabilization 
measure on the earth pressure. Especially with regard to 
the observational method according to EC 7. This 
means that the difference in the earth pressure between 
very “soft constructions” (deformations are allowed 
during construction process and life time) and “stiff 
constructions” (deformations are not allowed 
respectively very small during construction process and 
life time) should be investigated. 
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The main objectives of the research project should be 
investigated with the aid of both numerical methods (Finite 
Element Method) and measurement techniques. For the 
measurements a novel device – the Inclinodeformeter (IDM), 
which was developed at ETH Zurich (Schwager 2013) – should 
be used. The Inclinodeformeter is introduced in the following 
chapter and in chapter 3 the results of IDM measurements from 
a building pit in a sloped terrain are presented. 

2 SHORT INTRODUCTION TO INCLINODEFORMETER 
MEASUREMENTS 

2.1 Description of equipment 

The IDM was developed at the ETH Zurich, Institute for 
Geotechnical Engineering (Schwager 2013), and consists of a 
probe, a winch with positioning system, a converter, a 
connecting cable between converter and laptop, a cable and a 
transition piece between inclinometer casing and winch. An 
overview of the different components is shown in Fig. 1. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 1. Components of IDM a) winch and positioning system, b) 
converter, c) probe, d) connecting cable, e) transition 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 2. a) winch with positioning system, b) inclinodeformeter probe 

This device enables the back calculation of earth pressure 
development based on the measurement of changes in the shape 
of an inclinometer casing. For this a probe (see Fig. 2) with 
three wheels is lowered down the inclinometer casing. The 
upper and lower wheels are firmly connected with the probe and 
they are guided along the same groove of the inclinometer 

casing. The third wheel, in the middle of the probe, is guided 
along the opposite groove of the inclinometer casing. The 
middle wheel is connected to the probe with two springs and 
additionally equipped with a tilt sensor. Due to the springs the 
middle wheel is pushed against the casing groove. With the aid 
of these three wheels the inner diameter of the inclinometer 
casing can be measured. Different diameters lead to different 
inclinations of the tilt sensor on the middle wheel. Furthermore, 
the probe is equipped with two additional tilt sensors 
(perpendicular to each other), a pore water pressure sensor and a 
temperature sensor. The additional tilt sensors are necessary for 
the correction of the diameter measurement and they allow, in 
addition to the determination of inner diameters, a 
“conventional” inclinometer measurement. The probe is 
hanging on a cable which runs over a winch (see Fig. 2). This 
winch is equipped with a rotation sensor, which acts as a 
positioning system. 

2.2 Back calculation of changes in earth pressure 

The following information about the back calculation of 
changes in earth pressure due to measurements with IDM 
represents only a short summary of the extensive research work 
at the ETH Zurich, Institute for Geotechnical Engineering 
(Schwager 2013). 

The measurement of the diameter (as described above) is 
done in two perpendicular directions every 0.23 mm. Based on 
these two measurements (DA and DB) and the outer radius of the 
inclinometer casing R an “ovalization value”  is calculated 

 
Ω ⁄           (1) 
 
This “ovalization value”  defines the shape of the 

inclinometer casing. The change in the shape of the 
inclinometer casing between two measurements is defined by 
the change in the “ovalization value”  

 
ΔΩ Ω Ω          (2) 
 
Based on the change in the “ovalization value”  the 

change in earth pressure is determined. Therefore, the stiffness 
of the involved materials and the direction of the major 
principal stress increment have to be known. These parameters 
have to be determined via laboratory tests or the geotechnical 
engineer has to assume appropriate values for the parameters. 

The stiffness of the soil can be obtained from laboratory tests 
or from field test. The stiffness of the grout is assumed to be 
equal to the stiffness of the soil. Therefore, comprehensive 
laboratory tests (Schwager 2013) were performed to determine 
the influence of the grout mixture on the stiffness parameters of 
the grout. Also the material parameters of the inclinometer 
casing were determined in laboratory. Accordingly, a time 
dependent stiffness was defined for the inclinometer casing – 
depending on the load conditions (constant stress rate / constant 
strain rate). 

As already mentioned before, the direction of the major 
principal stress increment also has to be known for the back 
calculation of the change in earth pressure. Usually this 
parameter cannot be measured. Therefore an assumption has to 
be made – it is assumed that the direction of the major principal 
stress increment is equal to the direction of the vector sum of 
horizontal displacements. The vector sum of horizontal 
displacement can be obtained from conventional inclinometer 
measurements by determining the resulting displacement of two 
perpendicular displacements. 

In summary, following assumptions have to be made for the 
back calculation of the change in earth pressure: 

 Plane stress conditions in the horizontal section 
due to a constant overburden. 

a) 

b) c) 

d) 

e) 

a) b) 

cable 

winch 

positioning system

probe 
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 Plain strain conditions in the direction of minor 
principal stress increment. 

 As described before, an assumption for the 
direction of the major principal stress increment 
was made. 

 The stiffness of the grout is assumed to be equal to 
the stiffness of the surrounding soil. 

 Linear-elastic material behavior of the soil for the 
applied (small) stress increment. 

The exact formula for the back calculation of the change in 
earth pressure is comprehensive but is essentially made up of 
the parameters described before. Therefore, the author refers to 
the research work at ETH Zurich (Schwager 2013) concerning 
the exact formula for determining the change in earth pressure 
based on IDM measurements. 

3 APPLICATION OF INCLINODEFORMETER 

In this chapter the results of IDM measurements from a building 
pit in sloped terrain are presented and discussed. 

3.1 Presentation of the site 

For the construction of a public building a building pit with an 
average depth of 15.0 m in sloped terrain was necessary. Sheet 
pile walls and bored pile walls were used in different sections 
for the stabilization of the building pit wall. Existing buildings 
are located in the immediate vicinity, on the mountain side of 
the building pit. 

During the excavation of the building pit large deformations 
were monitored at the sheet pile wall and the bored pile wall. 
For strengthening the sheet pile wall / bored pile wall and to 
reduce the deformations additional anchors were installed. 
During some of these events the construction process was 
accompanied by IDM measurements in several inclinometer 
casings. The results of one inclinometer casing, which is 
monitored by IDM, are presented in the following chapter. In 
the front of this inclinometer casing with a distance of about 
25 m a sheet pile wall was used for the stabilization of the 
building pit wall. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 3. Cross-section through the building pit wall. 

3.2 Results and discussion of IDM measurements 

The top of the inclinometer casing is situated at about 
390.5 m asl. The conventional inclinometer measurements 
showed a clear sliding surface in a depth of about 7.5-8.5 m 
below ground surface (see Fig. 4). The sliding surface is located 
in the transitional zone between sandy gravel and clayey silt. 

The inclinometer measurement suggests possible sliding 
surfaces as shown in Fig. 3. 

The results of the IDM measurements – the change in earth 
pressure – are shown separately for the area above the slip 
surface and for the area below the slip surface. The 
measurement data is averaged over 3.0 m. This is the length 
between two joints of the inclinometer casing. The 
measurement data at the transition between two inclinometer 
casings is ignored due to the influence of the joints. Negative 
values mean a reduction of the earth pressure respectively the 
resistance of the surrounding soil. Positive values imply an 
increase in the earth pressure. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4. Results of conventional inclinometer measurements in A-
direction. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 5. Results of IDM measurements above sliding surface. 

As the inclinometer casing is installed about 25 m behind the 
sheet pile wall the exact path of sliding surface between 
inclinometer casing and sheet pile wall cannot be determined. 

(1) 

continuous decrease 

bu
il

di
ng

 

14
.5

 m
 

sh
ee

t p
il

e 
w

al
l 

40° 

25.0 m 

382.5 m asl

390.5 m asl 

in
cl

in
om

et
er

 c
as

in
g 



Proceedings of the 23rd European Young Geotechnical Engineers Conference, Barcelona 2014 

184 

One possibility is a sliding surface, which ends above the sheet 
pile wall (dotted line in Fig. 3). A second possible path is 
parallel to the surface (dashed line in Fig. 3). 

Fig. 5 shows that the resistance (earth pressure) continuously 
decreases in the area above the sliding surface (marked with (1) 
in Fig. 5). Assuming the upper sliding surface (dotted line in 
Fig. 3), no stabilization measure of the building pit wall is 
installed above the sliding surface. This means that no 
additional resistance from any stabilization measure is available. 
Resistance against failure can only result from the soil. 
Furthermore, the resistance of the surrounding soil above the 
slip surface cannot be larger than the shear resistance on the 
sliding surface. I.e., in the present case the limiting resistance is 
the resistance on the sliding surface, as a sliding surface parallel 
to the ground surface occurred but no active / passive failure in 
the surrounding soil was observed. Due to the continuous 
decrease in the resistance it can be assumed that the peak value 
of the resistance on the sliding surface had already been 
exceeded before the measurements started. The results of the 
IDM measurements suggest a softening process on the sliding 
surface. 

If the lower sliding surface (dashed line in Fig. 3) is 
assumed, the earth pressure should increase due to the 
strengthening of the sheet pile wall (installation of additional 
anchors). This cannot be observed at the moment. In this case 
the great distance between sheet pile wall and inclinometer 
casing is a disadvantage, i.e. that the increase in earth pressure 
might occur after a delay. The increase in earth pressure 
between 4.2 and 6.2 m (05.05.2014 in Fig. 5) might be an 
indication for such a behavior. Further observations are 
necessary. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 6. Results of IDM measurements below sliding surface. 

Fig. 6 shows the change in earth pressure in the area below 
the sliding surface. Also in this area the IDM measurements 
show a decrease in the available resistance / the earth pressure 
although a stabilization measure (sheet pile wall) is situated in 
the front of the inclinometer casing. The decrease in the period 
from 17.01.2014 to 24.02.2014 (marked with (2) in Fig. 6) is 
due to the large deformations of the sheet pile wall. In this case 
the IDM measurements suggest indeed an active failure of the 
surrounding soil. In the period from 24.02.2014 to 05.05.2014 
(marked with (3) in Fig. 6) the additional anchors were 
installed. For the installation of the anchors air (with low 

pressure) was used as flush medium. As the subsoil exhibit very 
thin sand layers within a clayey silt, the air pressure might lead 
to a decrease of effective stresses in this sand layers and in the 
following to a reduction of the resistance. The measurements 
show the big influence of the air during the drilling work for the 
boreholes. 

In the lower area (18.5-21.5 m below ground surface) the 
IDM measurements show an increase of the earth pressure 
(marked with (4) in Fig. 6). As mentioned before, the top of the 
inclinometer casing is at about 390.7 m asl. I.e. the increase in 
the earth pressure is at about 372.0-369.0 m asl. Compared with 
Fig. 3 it can be seen that this increase in earth pressure occurs in 
the area of the passive earth resistance. In this area an increase 
in earth pressure / resistance is possible until a passive failure 
occurs in the building pit. 

4 CONCLUSION 

The framework of the research project at the Institute of Soil 
Mechanics and Foundation Engineering, Graz University of 
Technology, concerning the earth pressure in sloped terrain was 
presented. Furthermore, the Inclinodeformeter, developed at 
ETH Zurich (Schwager 2013) was introduced as well as first 
measurement results, which were gained within the presented 
research project. 

It could be shown that the Inclinodeformeter is an important 
tool for measuring changes in earth pressure. The obtained 
results are plausible, but even more: the measurement results 
enable the assessment of the current safety condition. 
Furthermore, in combination with other measurement 
techniques the Inclinodeformeter facilitate an early warning in 
case of failures and could therefore become an essential part of 
observational method in geotechnics. 
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ABSTRACT: The full face excavation associated with ground reinforcement is a common technique to build large tunnels in soft rock 
or hard soil. Nevertheless, at the design phase, it remains difficult to assess the effect of the different reinforcement elements on the 
control of the ground movements and settlements. Thanks to software and hardware development, 3D tunnel excavation numerical 
calculation can be realized nowadays with reasonable calculation time. However, bi-dimensional calculation based on the simplified 
convergence-confinement method is still the most used approach in current projects at design phase by engineers. In this study, the 
numerical back-analysis on a monitoring section set up in the south Toulon tunnel (France) are presented. A 3D model has been 
realized for the area where the monitoring zone was installed.  The pre-reinforcements system and workflow steps, carried out in the 
analyzed zone, have been simulated. The matching between the numerical results and the in situ measurements was very satisfactory. 
Afterwards, bi-dimensional model have been made and results have been fitted on 3D calculation previous ones. This operation,
finally, has permitted to find the stress release values corresponding to the excavation process of the monitoring zone. 

 

 

KEYWORDS: Conventional tunneling, Face bolting, Umbrella, Three-dimensional simulation, Bi-dimensional simulation. 
 

 

1 INTRODUCTION 

The south Toulon tunnel connects motorways A50 and A57 
from Nice to Marseille. It is an urban shallow tunnel, 12 m in 
diameter and 1820 m in length, excavated through very difficult 
heterogeneous soils and with a limited overburden (about 35 m 
maximum). The construction method associated full face 
excavation and ground reinforcement ahead of the tunnel face 
by pipe umbrellas and face bolting. The construction sequences 
and the amount of reinforcement were continuously adapted to 
the overburden, the soil conditions and the measured 
settlements. During the tunnel construction, the surface and 
building deformations were measured, with high frequency, by 
total stations and all measurements were immediately stored in 
a database with real time access for all the actors. This efficient 
tool permitted to constantly adapt the tunnelling process as de-
scribed by Janin et al. (2011). In addition to the regular 
measures, a specific monitoring zone was set up to improve the 
understanding of ground response and to collect precise data 
used subsequently for numerical back-analysis (Janin 2012).  

The phenomenon of interaction between the excavation 
process, the reinforcements and the ground reaction is a three-
dimensional problem, especially in the zone of the tunnel face. 
This was clearly demonstrated by Barla (2004) on the basis of 
the analysis of the stress path around the tunnel face. A three-
dimensional numerical modelling is therefore necessary to study 
this phenomenon in all its complexity (Mollon 2011). With this 
approach, the tunnel geometry, the initial stress state (even 
anisotropic), the tunnelling method and the phasing of the work 
can indeed be taken into account. In particular, for the tunnel 
full face excavated with ground reinforcement method, as the 
south Toulon tunnel, only a 3D model can correctly simulate the 
behaviour of inclusions. An homogenisation approach, often 

used in 2D simulations, leads to overestimate the positive 
effects of reinforcements (Volkmann et al. 2006; Eclaircy-
Caudron et al. 2006; Dias 2002a, 2011b). 

However, the two-dimensional modelling approach, for its 
reduced calculation time and relative simplicity, is still the most 
common tool in the current practice of tunnel projects design 
calculations. Among the different possibilities of 2D simulation, 
the bi-dimensional analysis in a cross-section and in plane 
deformations, combined with the convergence-confinement 
method (Panet, 1995), is the most often used. In this case, the 
validity of the results is based on the correct choice of the 
coefficient of stress release λ. 

In this paper, the ability of the 3D and 2D approaches to 
reproduce the real measurements obtained on Toulon tunnel 
monitoring zone has been tested and compared. 

2 MONITORING SECTION 

The monitoring section is situated in “Alexandre I” garden on 
the west side of Toulon at chainage PM 882. The tunnel face 
reached the section in March 2009. 

2.1 Instrumentation 

The monitoring set up in the analyzed section is presented in 
Figure 1. The instrumentation from the surface consists of 2 
inclinometers on both sides of the tunnel, 1 vertical 
extensometer on the tunnel axis and 3 surface target prisms (X, 
Y, Z) close to the previous instruments. In addition, 4 radial 
extensometers, 6 vibrating strain gauges placed in pair on the 
steel rib (one in intrados and one in extrados), 5 pressure cells 
and convergence targets were installed from the tunnel. 
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Figure 1. Geological section and instruments 

2.2 Geology 

A geological profile of the section has been drawn (see Figure 
1) thanks to the drilling investigations. They showed that the 
geological stratigraphy is generally horizontal and that the 
degree of alteration of the basement made of quartz-schist is 
considerably high. Average ground properties of the different 
strata were proposed at the detailed design phase (see Table 1). 

2.3 Excavation process 

The south Toulon tunnel was excavated on the basis of the 
so-called “ADECO-RS” method developed by Lunardi (2008). 
This method is based on the principle that protecting and 
improving the strength and deformation characteristics of the 
ground ahead of the tunnel face allows to reduce tunnel 
deformations and surface settlements in case of shallow tunnels 
(Lunardi 2008). According to this method, pipe umbrellas (6° or 
14° of inclination) and horizontal face bolts were installed.    
The excavation process progressed by 1.5 m steps and after 
each step one HEB 180 steel rib was installed. In this zone, the 
tunnel invert (HEB 220 + concrete) was realized with a distance 
to tunnel face of about 39 m. 

3 3D SIMULATION 

A three-dimensional model was realized to simulate the tunnel 
excavation process in the area where the monitoring zone had 
been placed. The analysis was carried out by means of the three-
dimensional finite element code PLAXIS 3D (version 2010). 

3.1 Geometry 

Considering the geometry symmetry, only one half of the entire 
domain is taken into account in the analysis as shown in Figure 
2. The real shape of Toulon tunnel was modeled, having 120 m2 
of section. In order to avoid boundary effects, the extension of 
the mesh was equal to 150 m in X and Y directions and 70 m in 
Z direction. The cover depth was about 25 m. A three-
dimensional non uniform mesh with smaller elements around 
the excavation was used. Finally, the model contains 158000 
tetrahedral elements and 247000 nodes. All movements were 
fixed at the bottom of the model and horizontal displacements 
were blocked in model’s lateral faces. 

3.2 Geotechnical parameters 

The ground was represented by the non linear elasto-plastic HS 
model (Hardening Soil Model) implemented in PLAXIS code. 
This model, especially in excavation problem, permits to obtain 
ground deformations that better fit with in situ measurements 
than using linear elastic perfectly plastic Mohr-Coulomb model 
(Hejazi 2008). The principal geotechnical parameters 
considered in the simulation are listed in Table 1. The tangent 
stiffness for primary oedometer loading (Eoed

ref) was taken equal 
to the secant stiffness in triaxial test (E50

ref).  The initial stress 
field was considered isotropic, in conformity with the studies 
previously realized on Toulon soils by Constantin (1988) and 
Dias (1999). 
 
Table 1. Principal geotechnical parameters 

Soils      γ     E50 
ref   Eur 

ref        c’  φ’  
       (kN/m3)           (MPa)       (MPa)     (kPa)        (°) _ 

Fill    19     1.6        4.8   2  20 
Colluviums  20.8        40      120       10  30  
Basement  24.2   240          720            40  25 
 

3.3 Simulation of the support and excavation process 

In the numerical model, the shotcrete at tunnel face, the tunnel 
lining and the tunnel invert were modeled by “plate” elements 
with a linear elastic behavior. The mechanical parameters are 
defined in Table 2. The parameters of tunnel supports were 
determined by a homogenized calculation considering the steel 
and shotcrete characteristics and the rib spacing (1.5 m). 
 
Table 2. Support characteristics 

Support  Description            E           Thickness  
                    (GPa)        (m) 
Lining  HEB 180     13.5         0.25 

+25 cm shotcrete    
Invert  HEB 220     14         0.3  
   +30 cm shotcrete 
Face  15 cm shotcrete    10         0.15 

 
The pre-reinforcements, i.e. the pipes constituting the 

umbrella and the face bolts, were simulated using “embedded 
pile” structures. They consist in pile elements that can be placed 
in an arbitrary direction and are able to support axial and 
bending forces. They interact with the ground by means of 
special interface elements. Thanks to in situ pullout tests, a 
realistic limit skin resistance could be introduced between the 
piles and the soil. The maximum friction resistance measured 
along the soil/bolt interface was equal to 135 kN/m. 

The characteristics of the prereinforcement system 
considered in the numerical simulation were based on real 
works realized in the studied zone. As far as the umbrella pre-
support is concerned, 13 autodrilling steel pipes (51/33 mm, 18 
m long and E=210 GPa) were taken into account and renewed 
every 9 m. 

Compared to the reality, it was chosen to keep the same 
inclination of 6° of the umbrella all along the model in order to 
simplify the meshing. In addition, previous calculations showed 
that this parameter had few influence on the results in our study.  

As for the face bolts, a constant length of 18 m was 
considered. Besides, Dias and Kastner (2005) proved that the 
bolting system is characterized by the global stiffness (E•n•S). 
Therefore, the same number of bolts (n = 20) was kept all along 
the model in order to simplify the meshing. The real bolting 
density, installed in situ, was simulated varying proportionally 
the bolts’ modulus (E) and the friction resistance based on the 
material characteristics listed in Table 3. 
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Figure 2. Three-dimensional model 

 
Table 3. Face bolt characteristics 

      Steel bolts         Fibreglass bolts 
Modulus (GPa)       210       40 
Section (m2)     0.49 10-3         0.8 10-3  
Inertia (m4)     0.033 10-6     ~ 0 

 
The calculation was carried out in drained conditions. The 

tunnel excavation was simulated in a first stage by 10 steps, 3 
meters long, followed by 60 steps with an excavation length of 
1.5 m as done in situ. In each phase, the tunnel lining was 
installed 1.5 m behind the tunnel face, on which the shotcrete 
application was simulated as well. The tunnel invert was 
activated 39 m behind the tunnel face progress. 

4 2D SIMULATION 

A 2D model was realized as well in order to determine the stress 
release values corresponding to the excavation process of the 
analyzed zone. The model represents a cross section of the 3D 
model. The study was carried out using the fine elements code 
PLAXIS2D 2010. The ground geotechnical parameters and the 
support characteristics were the same than those introduced in 
the previous simulation. 

4.1 Simulation phases 

The tunnel excavation was simulated in 2D dimensions based 
on the simplified convergence-confinement method. The 
calculation steps are the following: 
1) Ground stress initialization (drained conditions); 
2) Tunnel excavation with a stress release coefficient λ1; 
3) Application of reinforcement on side walls and key tunnel 

with a stress release coefficient λ2; 
4) Setting up of the tunnel invert and full stress release (λ=1). 

4.2 Determination of stress values 

A comparison criterion (1) between 2D results and 3D ones was 
chosen in order to determine the optimal stress release values 
able to simulate the three-dimensional phenomenon. The 
criterion considered the settlement profile characteristics (S, i) 
based on the Peck’s formula, the horizontal ground movements 
along the inclinometer T and V (respectively at the top and at 
the tunnel deep) and the wall support maximum semi-
convergence (U). 
 

(1) 
 
 

Several 2D calculations were performed varying the stress 
release values (λ1, λ2), with a step of 0.05, until the optimal 
value of the comparison criteria was found. The optimized 
values obtained are: λ1 = 0.55 and λ2 = 0.75. These coefficients 
are within the range of values normally used for numerical 
simulations of tunnels realized with pre-reinforcements. 
 

 
Figure 3. Settlement profile in the transverse section - comparison 
between numerical simulations and in situ measurements 

5 COMPARISON BETWEEN NUMERICAL RESULTS 
AND MEASUREMENTS 

In the following paragraphs, the numerical results are compared 
to the different in situ measurements. More comparisons are 
presented in the PhD thesis (Janin 2012). 

5.1 Surface settlements 

Thanks to surface measurements, realized by total stations along 
the monitoring section, a transverse settlement profile could be 
studied. Both numerical approaches are able to simulate with 
good accuracy the settlement trend in terms of maximum 
settlement (around 20 mm) and profile’s width (see Figure 3). 

Compared to the two-dimensional approach, the 3D 
calculation permits to analyse the longitudinal settlement profile 
too. In the monitoring zone, the excavation induced settlements 
starting more or less 30 m ahead of the tunnel face. Afterwards, 
settlements accelerated and finally stabilized 50 m behind the 
tunnel face. This trend is well represented by the 3D result 
curve (Figure 4). 

 

 
Figure 4. Longitudinal settlement profile - comparison between 3D 
numerical simulation and in situ measurements 

5.2 Inclinometer measurements 

The measurements of inclinometer movements in the 
monitoring section plane (Axis A) showed two important 
phenomena (see Figure 45). On one hand, the first few meters 
of inclinometers converged towards the tunnel and, on the other 
hand, a local convergence (“belly”) was observed at the tunnel 
level. Both numerical approaches correctly represent this trend. 
Nevertheless, the 3D one seems to better simulate the ground 
behavior at the tunnel level. 
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Figure 5. Inclinometer horizontal movements - comparison between 
numerical simulations and in situ measurements 

5.3 Support deformation 

Thanks to classical convergence/settlement targets placed on the 
rib, the tunnel support final deformation could be compared to 
the numerical results (Figure 6). The 3D simulation proves to 
better describe in situ measurements than the 2D one. The 2D 
calculation overestimates in fact the rib deformation. The 
difference between the measurements and the numerical results, 
especially in the bottom part of the rib, is probably related to the 
simplifications related to the way of modeling (homogenization 
of steel and shotcrete characteristics, excavation of the stross 
carried out at the same time as that of the tunnel face). 
 

 
Figure 6. Deformation of tunnel support - comparison between 
numerical simulations and in situ measurements 

6 CONCLUSIONS 

The monitoring section, installed during the construction of 
Toulon tunnel’s south tube, allowed analyzing the evolution of 
soil deformation during the excavation progress. Furthermore, 
the creation of a database, containing these accurate measures, 
permitted to validate numerical simulations. In a first stage, the 
real excavation process and the pre-reinforcements installed in 
situ were simulated in a three-dimensional model. The results 
showed that the 3D approach was able to represent with a very 
good accuracy the ground reaction due to tunnel excavation 
since it is a three-dimensional phenomenon. 

Afterwards, bi-dimensional calculations were performed and 
stress release coefficients were determined by fitting the 2D 
results on the 3D ones. This solution permitted to obtain 
numerical results which globally fitted well with in situ 
measurements. However, these values (λ) proposed are related 
to the South Toulon tunnel works. It is not possible to 
generalize them to other projects. The stress release value 
depends in fact on a lot of factors such as the geometry of the 
tunnel, the overburden, the geotechnical parameters, the ground 
reinforcements and the lining behavior. 
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ABSTRACT: The paper describes the stability analysis of an underground garage system that is currently under construction in
Eocene calcareous marl at the south-eastern flank of Castle Hill, Budapest. The Eocene Buda Marl Formation represents a relatively
soft rock, and has bearing capacities much higher than hard soils. For the determination of rock types and for assessing the stability of
the structure two boreholes were drilled. Four different lithotypes of Buda Marl Formation were identified. The rock mechanical
parameters were determined under laboratory conditions. The measured parameters included bulk density, the modulus of elasticity, 
the Poisson-ratio, the uniaxial compressive strength and the tensile strength of the different lithotypes. For the further analyses RQD, 
RMR and GSI values were also calculated. The laboratory results served as input parameters for the numerical models. Phase2

program was used to calculate the stability of the excavation. A cross-section was selected that includes boreholes. According to the 
first design the diameter of the piles was 1.0 meter, the distance between them was 1.4 meter. The results of the numerical models 
have proved that the walls of the garage are stable and what is more the dimensions of them could be reduced. 

 

KEYWORDS: Budapest, Castle Hill, Eocene calcareous marl, underground garage, numerical model, stability analysis, optimization.
 

 

1 STUDY AREA 

1.1 Formation of the Castle Hill 

The underground structure that was studied is located in the area 
of the Castle Hill, in the middle of Budapest (Hungary), close to 
the River Danube. Castle Hill forms a part of Buda Mountains, 
but it does not directly linked to it. The Castle Hill was named 
after the Buda Castle which is an UNESCO World Heritage 
Site. The hill is 2000 meters long, the area of the plateau is 
405.000 m2 while the slopes cover 750.000 m2 (Hajnal et al. 
2012).  

The stratigraphy of the Castle Hill is shown on Figure 1. The 
Castle Hill was formed in the Pleistocene when freshwater 
limestone (travertine) was deposited from lukewarm springs. 
This type of travertine is more resistant than the underlying beds 
that include clay, clayey marl and calcareous marl. These 
travertine layers formed a protective cap against erosion 
preserving the hill (Török 2012). The thickness of the limestone 
bed reaches 14 meters at some places (Schafarzik et al. 1964).  

The hill uplifted in three stages: the first two occurred in the 
Middle Pleistocene, while the last one began in the Middle 
Pleistocene and still continues today. These processes caused 
the formation of an East-West fault. The fault separates the 
Eocene Buda Marl and Oligocene Kiscell Clay (Hajnal 2012). 

At the southern part of the Castle Hill a borehole was made 
in 1938. Within this drilling Triassic dolomite was found at a 
depth of 238 meters. The sediments of Buda Marl and Bryozoan 
Marl cover the dolomite beds. Both marls belong to the Eocene 
Buda Marl Formation. Clay and fluvial sand beds are found 
above these layers but below the travertine. 

 
Figure 1. Stratigraphy of the Castle Hill (Hajnal et al. 2012) 

1.2 Location of the underground garage 

The underground garage is on the south-eastern part of the 
Castle Hill, between the walls of the Castle and the buildings of 
the Várbazár. Platforms were shaped at the side of the slope, it 
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had a grassy surface before the construction. The area could be 
divided to two parts: to the slope of the hill and to a nearly plane 
region. The surface is between 125 and 105 meters high above 
the sea-level. 

The Castle Hill is located in the 4th zone according to the 
seismicity.  

At the surface an anthropogenic filled and eroded, weathered 
beds are found. The thickness of it is variable, it ranges between 
0.4 and 5.7 meters. 

Under these upper layers the Buda Marl Formation was 
exposed. Both clayey and calcareous types were identified in 
the boreholes that were drilled in 2013, February. According to 
previous surveys a fault is located here. 

The construction site is near River Danube, the level of the 
groundwater is influenced by the water level of the river. The 
minimal groundwater level is 99 meter, the maximal level is 
103 meters above the sea-level. 

The cut of the underground garage is deeper than 6 meters, 
thus the construction should be classified in the 3rd geotechnical 
category (GT3). According to that, detailed laboratory analyses 
should be made during the design. 

2 ROCK MECHANICAL PARAMETERS, ROCK MASS 
CLASSIFICATION 

2.1 Laboratory tests 

The rock mechanical parameters were determined under 
laboratory conditions. The studied specimens were made from 
the cores of the boreholes that were drilled by the Geovil Kft. 

The major identified lithologies were: i) weathered yellowish 
clay; ii) dark grey clayey marl; iii) medium grey mottled marl 
and iv) pale gray calcareous marl. The identification was made 
according to the relevant standard (MSZ EN 12407:2000). 

Both air-dry and water saturated conditions were analysed. A 
significant part of the specimens fell to pieces during water 
saturation as shown on Figure 2. Consequently, it was only 
possible to make a few analyses on water saturated samples. 

 

 
Figure 2. Failure of the specimen caused by water saturation 

 
Table 1. Number of the test specimens.  

Rock mechanical parameter 

Number of 
specimens 

(air-dry 
condition) 

Number of 
specimens 

(water 
saturated 

condition) 

Bulk density 67 23 

Uniaxial compressive strength 43 10 

Tensile strength 16 9 

 

The measured rock mechanical parameters included bulk 
density, the strength parameters, the Poisson-ratio and the 
modulus of elasticity. The number of the studied specimens are 
given in Table 1. The relevant standards are shown in Table 2. 
 
Table 2. The relevant standards.  

Rock mechanical parameter Relevant standard 

Bulk density MSZ EN 1936: 2000 

Uniaxial compressive strength MSZ EN 1926:2000 

Tensile strength MSZ EN 18285/2:1989 

 
For the uniaxial compressive strength tests cylinder-shaped 

specimens were made with diameter of 50 mm and height of 
100 mm. When these dimensions were not available the 
measured values were recalculated as it is given in (1) equation. 
In the (1) equation σc(2:1);50 means the modified uniaxial 
compressive strength, while σc is the measured uniaxial 
compressive strength, d is the diameter and h is the height of the 
specimen (Gálos and Vásárhelyi 2006). 

        
       
       (1) 

 
 

The tensile strength is also an important rock mechanical 
parameter. To determine that, indirect tensile strength tests were 
made. The diameter and height ratio was 1:1. The tensile 
strength as a function of the tensile force (Ft), the diameter (d) 
and the height (h) of the specimen can be given (Gálos and 
Vásárhelyi 2006): 

           
          (2) 

 
 

The mean values of the rock mechanical parameters are 
given in Table 3.  

 
Table 3. The mean values of the rock mechanical parameters. (1: 
weathered yellowish clay; 2: dark grey clayey marl; 3: medium grey 
mottled marl; 4: pale gray calcareous marl.)  

Rock mechanical 
parameter 

1. 2. 3. 4. 

Bulk density 
(kg/m3) 

2060 2349 2553 2483 

Modulus od 
elasticity (GPa) 

0.05 0.74 2.50 3.58 

Poisson-ratio (-) 0.08 0.07 0.06 0.09 

Uniaxial comp. 
strength (MPa) 

0.5 7.7 17.3 22.4 

Tensile strength 
(MPa) 

- 1.3 2.8 2.4 

 

2.2 Rock mass classification 

For the further analyses the rock mass was classified by using 
various methods. 

RQD (Rock Quality Designation) method was used to 
describe the joint-system. The RQD values of the rock layers 
were in between 84 and 96. According to that, the rock beds at 
this site could be rated as “good” or as “excellent” taking into 
account the categories of Deere (1964). 

The rock mass was also classified by the RMR (Rock Mass 
Rating) method (Bieniawski 1973). The input parameters of the 
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method are the uniaxial compressive strength of the rock 
material, the RQD value, the spacing of discontinuities, the 
condition of the joints, the groundwater conditions and the 
orientation of the discontinuities. The RMR values of the 
examined cores were in between 37 and 44, so the rock masses 
were in the “poor” and in the “fair” categories. 

The GSI (Geological Strength Index) values were calculated 
from the RMR values (Gálos and Vásárhelyi 2006). 

3 NUMERICAL ANALYSES 

3.1 Creating the model 

For the stability analyses finite element models were created by 
Phase2, Rocscience. A cross-section was selected that contains 
two boreholes: one of them was drilled in 2003, the other one 
was made in 2013.  

The rock mechanical parameters that were defined before 
provided the input parameters for the numerical models. 
Parameters in water saturated condition were determined 
according to the previous analyses made in the studied area 
(Görög 2008). 

At the upper beds soil mechanical parameters were 
determined: bulk density, cohesion and the angle of friction, so 
at these layers Mohr-Coulomb material-model was used. At the 
lower layers that contained marls Hoek-Brown material-model 
was used. 

According to the first design the diameter of the piles was 
1.0 meter, the distance between their axes was 1.4 meter. The 
strength class of the concrete was C30/37, the steel was B500B. 
The structure was supported by two rows of anchors too. The 
length of them was 20 meters, the injected section was 6 meters 
long, the dip of them was 20° as shown on Figure 3. The 
diameter of the cable was 32.5 mm, the thickness of the injected 
section was 300 mm. It should be noticed that in the later part of 
the design the size of the structure was changed. 

 

 
Figure 3.The geometry of the supporting structure. 

The walls of the Buda Castle are 34 meters far from the 
underground garage. The wall was modelled as a load. It was 
possible, because the slide surface did not cut the surface near 
by the wall. 

The numerical model contained several building stages. The 
1st stage was the initial state. The load was activated in the 2nd, 
the pile wall was installed in the 3rd stage. The 4th-7th stages 
were made for modeling the multiple-stage excavations and 
anchor installations. The excavation was exploited totally in the 
8th stage, the anchors were removed in the 9th stage. Finally, in 
the 10th building stage the level of groundwater was risen to its 
maximum level in the model. 

The model with the finite compounds is shown on Figure 4. 

 

 
Figure 4. The model with depicted layers and elements. (Light gray: 
pale gray calcareous marl; dark grey: medium grey mottled marl; dark 
yellow: weathered yellowish clay; blue: filled layer.) 

3.2 Stability analyses of the supporting structure 

The results of the stability analyses of the supporting structure 
can be represented suggestively by the figure of the total 
displacements. The mechanism of the failure is shown on Figure 
5. The a) part of it shows the displacements in the final building 
stage, when the level of the groundwater is maximal. By the 
reduction of the shear strength parameters the critical phase 
could be reached (Figure5.b). The factor of safety is 5.01.  

Phase2 determines the factor of safety by reducing the 
strength parameters. 

 

 
Figure 5. Total displacements. (a: displacements, b: slide surface) 

The displacement at the top of the pile wall was also 
analysed: it raised to 21 mm from 4 mm when the anchors were 
removed.  

3.3 Effect of water inundation 

The laboratory analyses showed that the rock mechanical 
parameters and other properties of the marl changed when the 
specimens were water saturated. Therefore a model was studied 
where all of the layers were saturated. It could happen when an 
intensive rainfall occurs or when the utilities brake. 

In this case the total displacements are higher. The effect of 
the water saturation is demonstrated in the upper layers (the 
filled layer and the weathered yellowish clay) where the whole 
layer was moved in one block as it is shown on Figure 6. The 
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displacement at the top of the pile wall was 10 cm. The factor of 
safety was 4.4. 

 

 
Figure 6. Total displacements when the rock is water saturated. 

3.4 Size-optimization of the pile wall 

The numerical analyses showed that the factor of safety was 
higher than it was necessary (1.35). According to that the effect 
of the size-reduction should be also analyzed. The diameter of 
the pile and the distance between them were reduced in several 
steps. 

The results of the models are summed in Table 4 (FS means 
factor of safety). The smallest structure which was stabile was 
the pile wall with 60 cm of diameter and 40 cm of gap between 
them. The displacement at the top of the wall raised to 7 cm. 

The effect of the anchors was also analysed. It was noticed 
that the factor of safety did not rise significantly if anchors were 
used too. 

 
Table 4. The studied structures and results.  

Diameter 
(m) 

Distance between the 
axes of the piles (m) 

FS (without 
anchors) 

FS (with 
anchors) 

1.0 1.4 5.03 5.01

0.9 1.0 5.08 5.01

0.9 1.2 2.40 5.15

0.8 1.0 2.29 5.17

0.8 1.2 2.19 5.20

0.8 1.4 2.17 5.31

0.6 0.6 2.09 5.49

0.6 0.8 1.95 3.92

0.6 1.0 1.59 1.49

0.6 1.2 1.13 1.16

0.6 1.4 1.30 1.19

0.4 0.4 0.99 1.21
 

4 CONCLUSION 

The database of the results of the laboratory analyses provides 
valuable new information about the rock mechanical parameters 
of marls. It also validates the results of stability calculations and 
safety analyses. The information could be used in further 
construction projects where the host rock consists of alternating 
layers of marl and calcareous marl. 

According to the numerical models and to the available 
information the stability of the supporting structure is provided 
in air-dry and water saturated conditions too. The factor of 
safety (5.01 and 4.4) is much higher than it is necessary. 

The finite element models showed that the walls of the Buda 
Castle are safe. The slide surfaces cut the surface far from the 
walls.  

According to the available data the structural size could be 
reduced. The numerical analyses showed that a pile wall with 
60 cm of diameter and 1 meter of axle-base is stabile without 
anchors. 
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ABSTRACT: The current paper aims to highlight the limitations of different methods of safety factor assessment and display the 
failure mechanisms obtained through various techniques when modelling cohesionless soil embankments. In order to emphasize the 
advantages and disadvantages of each of the selected methods – Limit Equilibrium (LEM), Finite Element (FEM), Finite Element 
modified with Smoothed Particle Hydrodynamics (FEM-SPH) and Discrete Element (DEM), an embankment made of unreinforced 
rock is considered. The second objective to be accomplished is determining which of the aforementioned methods may take into
account the dual behaviour of compacted coarse material upon which important vertical stresses act – a low to medium cohesive 
material behaviour, with a large internal friction angle, due to granular interlocking, and a pure cohesionless material, once the 
instability phenomena appears. 

 

KEYWORDS: granular soil, stability, LEM, FEM, SPH, DEM 

 
1 INTRODUCTION 

It is well known that in the case of coarse granular soils, only 
the internal friction angle offers the material’s shear strength. 
Improved studies on their behaviour (Ning and Godth 2013), 
show that interlocking may lead to obtaining cohesion values 
large enough to be taken into account. Following the appearance 
of the failure phenomena, the material loses its apparent 
cohesion, and the continuum transforms into a sum of 
independent particles. This “phase” transformation may be 
taken into consideration only in the case of advanced models, 
leading to what is widely known as value engineering. 

The present paper is debating all these computational 
possibilities applied to a road embankment of 20m height, 
having the geometry depicted in fig. 1. 
 

 
Figure 1. The analysed model geometry 
 

At the upper part of the model, a 25kPa load has been taken 
into account, simulating the traffic and road structure laying at 
the top of the embankment. 

The considered material parameters for the three soil types 
are as displayed in tab. 1. 
 
Table 1. Parameters used in modelling 

Soil 
γ 

[kN/m3] 
ϕ 

[°] 
c 

[kPa] 
ψ 
[°] 

E 
[kPa] 

ν 
[-] 

εt 

[%] 

Type I 21 38.6 29.8 5 42000 0.25 15 

Type II 19 25 10 0 10000 0.35 12 

Type III 19 12 50 0 30000 0.28 - 

* εt – strain threshold for the FEM-SPH model 

1 LIMIT EQUILIBRIUM MODEL 

One of the first historically dated methods for computing a 
slope’s stability is the Limit Equilibrium Method (LEM), which 
takes into account the shear resistance parameters and the forces 
acting on different slices of soil: horizontal shearing/resistance 
force, own weight, later to be added parameters such as suction 
or damping. A representative method, nowadays automated by 
usage of mathematical algorithms and included into calculation 
software is the Bishop model (Bishop 1955). 
 

 
Figure 2. Typical slice forces diagram using the Bishop Method 
(horizontal soil resistance and thrust, own weight, tangential and normal 
forces) 
 

The calculation in the case of Bishop model takes into 
account the soil’s own weight, cohesion and internal friction 
angle. 

Regarding the study case, an overall safety factor of 1.992 
has been obtained, thus leading to a highly stable geometry 
versus the material’s characteristics. In fig. 3, it may be noticed 



Proceedings of the 23rd European Young Geotechnical Engineers Conference, Barcelona 2014 

194 

that the critical slip surface is covering almost a third of the 
embankment, advancing also through the foundation soil. 

If the apparent cohesion is not taken into account, an overall 
safety factor of 1.910 is obtained. The geometry of the 
embankment and the good foundation soil provides high values 
of the safety factor, but nevertheless one should bear in mind 
the influence of the apparent cohesion when safety factors close 
to 1 are obtained. 

 
Figure 3. Critical slip surface of the embankment using Bishop Method 

2 FINITE ELEMENT METHOD MODEL 

The Finite Element Method (FEM) became the standard 
analysis method in engineering quickly after the computational 
power allowed the implementation of its solving algorithms, 
allowing complex phenomena to be modelled (Zienkiewicz, 
Taylor and Zhu 2005). In geotechnical engineering, it is one of 
the few methods that may take into account the hydro-
mechanical coupling needed in the case of consolidation 
analyses or other degrees of freedom (thermal, electrical etc.) 
that may appear in complex problems. 

Slope stability analysis using FEM shows multiple 
variations, starting from a general determination of stresses that 
may appear and determining if the calculations converged to a 
solution (stable slope), and continuing to shear resistance 
reduction method, where the internal friction angle and/or the 
cohesion are gradually diminished until a failure surface 
develops. 

In the current problem, the general approach was considered. 
The obtained results, depicted in terms of plastic strains in fig. 
4, show a critical slip surface resembling the one obtained using 
LEM, while offering a glimpse on the possible deformations 
that may appear. The overall safety factor computed manually 
through means of contour integration offered a value of 1.110. 

The limitations of this method consist both in offering a 
variety of values regarding other possible failure surfaces that 
LEM is able to compute. Nonetheless, the information quantity 
in terms of stresses, deformations, strains, and critical points 
that is offering make the FEM a current choice in engineering 
practice. 

3 FINITE ELEMENT METHOD USING SMOOTHED 
PARTICLE HYDRODYNAMICS 

A newer extension of the Finite Element Method is represented 
by the Smoothed Particle Hydrodynamics (SPH). The method 
proposed by (Gingold and Monaghan 1977) is a meshless 
discretization of continuum partial differential equations, using 
an evolving interpolation scheme to approximate field variables 
at any point in the domain. In the case of small deformations, 
the method offers lower quality results than the classical 
Lagrange approach, while for large deformations, a coupled 
Euler-Lagrange model provides more accurate answers. Still, 
the method allows a low cost model to be built, in terms of 
computing power, offering a comprehensive view on the 
mechanism of the instability phenomena. 

The model is first created as a continuum, with classical 
Lagrangian formulations of material properties and boundary 

conditions, while some parts of the model are tagged as possible 
triggers for SPH particles. The particles are created when a 
continuum element reaches a pre-established threshold in terms 
of stresses, strains or time. These newly generated elements are 
to be held inside the model using new boundary conditions (e.g. 
boxes), as the nodes on which the initial boundaries were 
applied disappear. 

The method, still under discussion from the geotechnical 
engineering point of view, has been considered in modelling of 
impact of bullets, ice or concrete crushing (Jankowiak and 
Lodygowsky 2011; Delsart, Fabis and Vagnot 2011; Lescoe 
2010) with promising results. 

Concerning the proposed benchmark model, the results 
display the shape of the critical surface as depicted in fig. 5 and 
fig. 6. The cracks appearing into the continuum mass represent 
elements with distortion reaching a certain threshold of strain 
(considered as the strain corresponding to the peak shear 
strength values). 
 

 
Figure 4. Critical slip surface of the embankment according Finite 
Element Method 
 

 
Figure 5. Critical slip surface of the embankment according FEM-SPH 
applied only to the embankment (particle display is turned off) 
 

 
Figure 6. Critical slip surface of the embankment according FEM-SPH 
to both the embankment and the foundation soil (particle display is 
turned off) 
 

 
Figure 7. The sliding soil mass shape obtained through FEM-SPH 
simulation (only for the embankment) 
 

1.992
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The results display the continuum inner elements, the 
particles resulted from the transformation and the field variables 
of the two. In this case, the possibility of determining the 
overall safety factor using classical integration method is null, 
as the particles are free to move within the model, constrained 
only by the interaction with other particles or elements. 

The end results (fig. 7) display the final, stabilized shape of 
the soil sliding mass, thus offering an idea on the stress-strain 
state during and after the sliding took place. However, only a 
qualitative assessment of the slope stability may be directly 
obtained, by means of SPH zones coverage. 

4 DISCRETE ELEMENT METHOD MODEL 

The Discrete Element Method (DEM), introduced by (Cundall 
1971), is a powerful tool for modelling granular assemblies, 
since it handles the material properties at an element-based 
scale. The behaviour of the material as a whole is governed by 
the interaction between the particles that comprise it. Although 
the mathematical equations that stand behind DEM are not 
complex (they are not to be described herein, but many papers 
can be found on the subject, such as Luding 2008), the sheer 
number of computations needed performed makes the method 
difficult to apply on a large scale model. Therefore, keeping the 
number of particles relatively low is a requirement when 
performing the analysis. 

For the current work, the simulations were performed using a 
software created by the authors (Priceputu 2013). A quasi-3D 
model was constructed (slightly modified from the initial 
geometry), with 2 dimensions much larger than the third – the in 
plane dimensions are about 70x40m, with a thickness of 1.0m. 
A cross-section of the boundaries of the model is shown in fig. 
8. To produce the boundaries, two separate objects were 
created: a bottom container, and an embankment slope 
boundary, both of them being constructed from box shapes. The 
bottom container consists of 3 boxes describing the bottom, left 
and right edges of the model, and is always kept fixed during 
the simulations. Its associated material is the same as the one 
used for the particles. The other boundary is made of 10 
frictionless boxes, describing the shape of the slope. Although 
the total effective height of the boundaries is 40m, they are only 
filled with particles up to a height of 30m, the rest of the area 
being used to generate particles. 
 

 
Figure 8. Cross-section through the model boundary elements. 
 

The model consists of two stages: particles generation and 
free-slope analysis. During the first stage, the boundary is filled 
with particles created in groups of 1000, within the upper 
region, until the top limit is reached. In order to assure a proper 
filling of the bounded volume, the particles are kept frictionless 
until the filling stage is almost complete. When the free-slope 
analysis stage commences, the top boundary is released and the 
embankment is let to develop until an equilibrium is reached. 

Several models were created with different particle shapes 
and sizes, as shown in tab. 2. The first model contains only 
spheres with diameter 0.5m, the second one contains cubes with 
the side length of 0.5m, while the third was developed creating 
both cubes and spheres, with equal probability for each one. The 
density of the material is 2.65g/cm3, and the friction coefficient 
for the material interface is 1.0. 

 
Table 2. Models configuration setup 

Model number Spheres Cubes Side / diameter [m] 

1 14372 0 0.5 

2 0 11689 0.5 

3 6290 6141 0.5 
 

a) b) 

c) d) 

Figure 9. Development of particle velocities in model 1 after a) 0.02s, b) 
1.00s, c) 2.00s, d) 3.00s. 

 

 a) b)  

 c)  d) 

Figure 10. Development of particle velocities in model 2 after a) 0.02s, 
b) 1.00s, c) 2.00s, d) 3.00s. 

 

a) b)  

c) d) 

Figure 11. Development of particle velocities in model 3 after a) 0.02s, 
b) 1.00s, c) 2.00s, d) 3.00s. 

The first 3 seconds of the models are shown in terms of total 
velocities of each particle in fig. 7 to 11. Although the 
parameters used are the same for all models, the behaviour of 
the material is quite different, in terms of shape of the failure 
surface, rate of failure and final stable configurations. The first 
model (fig. 9), consisting of spheres only, tends to develop 
failure at a slower rate, and does not show any clear failure 
surfaces, but rather a general tendency of translation. The 
stability is gained after 13.8s, when the total kinetic energy of 
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the system drops below 30kJ, while the maximum obtained was 
596kJ. The second model (fig. 10), having particles of cubic 
shape, develops a circular failure surface at an early stage, but 
the maximum velocity rarely exceeds 1.0m/s. It also reaches its 
final configuration after less than 8.0s, when the total kinetic 
energy is approximately 28kJ, while the maximum obtained was 
393kJ. 

Model number 3 (fig. 11) consisting of both spheres and 
cubes is the most dynamic and displays a very explicit circular 
failure surface. The total kinetic energy reaches a maximum of 
1273kJ after 5.0s when more than 40% of the particles have 
velocities larger than 1.0m/s. The energy drops below 100kJ 
after 11.25s and reaches a minimum of 37kJ at the end of the 
12.0s of simulation. The final obtained configuration renders an 
angle of repose less than 10o, much smaller than those obtained 
on the other two models, which produced local slopes of 34o. 

5 CONCLUSIONS 

A granular soil embankment model was analysed using a 
variety of numerical stability analysis techniques. The discrete 
element method is considered to best simulate the behaviour of 
the modelled material, since LEM does not take into account the 
deformations, while the FEM exhibits severe convergence 
problems when modelling purely cohesionless materials. 

Although in the case of granular soils, the failure surface is 
considered to follow a plane shape, tilted at an angle equal to 
45°+ϕ/2, according to (Coulomb 1776) theory, not all of the 
obtained results are consistent with this assumption. If the DEM 
models are considered, only pure spherical grains lead to a 
cohesionless-like behaviour, displaying a translational type of 
failure, while the other simulations depict a rotational type of 
sliding, with clear circular surface, usually associated to the 
presence of cohesion. This obtained apparent cohesion may be 
explained by interlocking of the particles which leads to an 
additional shearing strength against rolling failure mechanisms, 
which requires a larger energy than slipping failure. This effect 
may be macro-mechanically described by cohesion, although 
the micro-properties of the material, determined on small 
samples, are purely frictional. 

The continuum models are created taking this apparent 
cohesion into account. Only when considering a FEM-SPH 
model (when SPH particles are generated only within the 
embankment) a quasi-plane failure surface is developed, which 
can be explained by either insufficient possibility of complete 
failure surface development, or the spherical nature of the SPH 
generated elements. When the first foundation soil (also 
granular material) is allowed to convert continuous elements 
into SPH, the failure mechanisms resembles the DEM model 
with mixed particle shapes, characteristic to a low to medium 
cohesive material. 

The LEM model is not taken into account when discussing 
the shape of the failure surface, since the analysis was 
conducted assuming a circular type of failure. This method can 
only be employed to assess a degree of safety, much more 
valuable after analysing the behaviour of the model using more 
complex methods. The latter usually allow qualitative 
assessment of the safety factor, but offer a large volume of data 
regarding the stress-strain state of the model, and describe the 
failure mechanism, but are more difficult to compute a point-
wise value of the safety factor. 

The advantages and disadvantages for each of the considered 
methods can be assessed from different points of view, such as 
complexity of model formulation regarding coupled 
phenomena, computational requirements, ease of use and time 
consumption, reliability, experience and so on. Moreover, the 
necessary input data may have a decisive impact on choosing 
the approach, often being restricted by lack of information (the 

most common minimum data requirements are displayed in tab. 
3).  

However, in engineering practice, some situation, such as 
forensic back-analysis, impose the usage of more advanced 
techniques that offer a comprehensive view of the developing 
phenomena and calibration using the final (observed) 
configuration. A brief overview on the supplied information 
according to the discussed methods is presented in tab. 4. 

 
Table 3. Parameters used in modelling 

Model 
acronym 

γ 
[kN/m3] 

ϕ 
[°] 

c 
[kPa] 

ψ 
[°] 

E 
[kPa] 

ν 
[-] 

εthreshold 

[%] 

LEM    - - - - 

FEM       - 
FEM-
SPH 

       

DEM   - - - - - 
 

Table 4. Obtained data 
 Model acronym 

Data LEM FEM FEM-SPH DEM 

Safety factor   - - 

Critical failure 
surface 

    

Failure 
mechanism 

- -   

Evolution in 
time 

- -   

Final state - -   
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ABSTRACT: One of the main concerns in gravity dam design is sliding. For dams founded in fractured rock masses, sliding can
develop through the foundation. In this work, a methodology for analysis of stability of gravity dams in this situation is presented, 
which considers a sliding along a sub-horizontal and impersistent joint that starts in the toe of the dam. For that purpose, the safety
factor is calculated as the ratio of resisting to driving forces, obtained by static analysis, on the sliding plane. The mechanism assumes 
the sliding along the joint, with a shear strength given by the Barton and Choubey criterion (1977), and a potential failure path in the 
intact rock, considering the Hoek-Brown strength criterion (1980). The proposed methodology incorporates the possible presence of a 
crack in the base of the dam and non-associated behavior of the rock mass. A numerical simulation, with the difference numerical
code FLAC, is employed to validate the failure mechanism. Parametric studies are carried out to determine the influence of the rock 
mass and rock joint strengths, as well as of the geometry of the mechanism proposed, on the stability of a gravity dam against sliding.

 

KEYWORDS: Dam stability, Sliding mechanism, Barton-Choubey, Hoek-Brown. 
 

 
1 INTRODUCTION 

In the risk assessment framework, dam safety analysis has taken 
a very important role due to the catastrophic impact that would 
mean gravity dam failure over population and environment. In 
Spain there are 1300 large dams, 20% of which were built 
before the 60s (Altarejos et al. 2012). The fact that there are still 
many old dams in operation has lead scientific community to 
develop new tools that contribute to reach a better 
understanding on dam’s behavior. 

Dams have a complex behavior, which can be analyzed by 
simplified formulations. Traditional deterministic approaches 
consider sliding along the dam-foundation interface, employing 
the Mohr-Coulomb model, where friction angle and cohesion 
are the main parameters that describe shear strength. 

In this work, a methodology to study sliding in dams 
founded in fractured rock masses is proposed. In this situation, 
failure can develop along a sub-horizontal and impersistent joint 
that starts in the toe of the dam and through the rock mass. 
Starting with the presentation of the failure mechanism, the 
method to obtain the safety factor is explained with a particular 
focus on the form to estimate the uplift pressure. After 
validating the new mechanism using a numerical simulation, the 
influence of different factors on dam stability is studied. 

2 DESCRIPTION OF THE MODEL 

2.1 Mechanism of Failure 

Figure 1 presents the model employed to analysis the stability 
of the dam against sliding. For simplicity a triangle cross-
section is assumed, with a rigid body behavior for both concrete 
dam and rock foundation. 

The foundation is characterized by one impersistent joint that 
starts in the toe of the dam and dips slightly towards upstream. 
The shear strength of this joint is defined using the Barton-
Choubey criterion, which depends on: joint compression 

strength (JCS), joint roughness coefficient (JRC), basic friction 
angle (φB) and in situ and in laboratory joint sizes (Ln, Lo) 
(Barton and Choubey 1977, Barton and Bandis 1982). 

 

 
 

Figure 1. Proposed failure mechanism. 

The failure mechanism assumes sliding along that joint and a 
potential failure path in the intact rock, which connects the dam-
foundation interface with the impersistent joint. The Hoek-
Brown failure criterion is used to represent the rock mass 
strength in the foundation. It depends on: uniaxial compression 
strength (UCS), geotechnical strength index (GSI), degree of 
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disturbance (D) and the parameter mi that depends on rock mass 
quality and rock type (Hoek 1980, Hoek et al. 1992). In this 
work, the parametric expressions of the Hoek-Brown failure 
criterion (Serrano and Olalla 2000) are employed.  

2.2 Safety factor 

The general factor of safety against sliding is given by the 
following formula: 

 
	

	
  (1) 

 
where resisting and driving forces are obtained by static 

analysis on the sliding plane. The resisting forces are the sum of 
contributions due to the shear strength developed along the rock 
joint and the rock mass strength in the failure path.  

The loads acting on the model are: self-weights of the dam 
and of the foundation, hydraulic pressure at maximum level 
(that corresponds to the dam’s height) and uplift pressure. The 
downstream water level has been set at the ground surface so 
downstream hydraulic pressure is null.  

To estimate the uplift pressure on dams without pore 
pressure measurements, Federal Energy Regulations 
Commission (FERC 2002) recommends an empirical principle 
where the pressure is function of the drainage position (below or 
above the tail water level), of the efficiency of the drains and of 
the crack length (XC) in the interface dam-foundation. The 
extension of this crack depends on tensile stresses at the base of 
the dam, which also depends on the existing loads (including 
the uplift pressure). For this reason, the calculus becomes an 
iterative procedure that ends when a stable solution of crack 
length is reached. 

Figure 2 shows different distributions of the uplift pressure 
depending on the crack length. In the first three drawings the 
failure path in the rock mass connects the end of the crack with 
the end of the joint. In these cases, a shear failure occurs in the 
intact rock. In opposition, in Figure 2.d the joint extends beyond 
the end of the crack length. (In other words, the joint tends to be 
persistent). In this case, the failure path should be the shortest 
path (i.e. orthogonal to the joint) and the intact rock fails by 
tension. 

3 VALIDATION OF THE MODEL 

The methodology proposed for computation of safety factors 
has been validated through numeric modeling using the 
difference finite program FLAC (Itasca 2008). For that purpose 
seven cases have been solved (Table 3). 

 
Table 3. Test-cases considered for validation. 

Case 

Rock Joint      Rock mass       Safety Factor  

α 
(º) 

Lj 
(m) 

GSI mi 
UCS 

(Mpa) 
Rigid 
Body 

FLAC 

1 5 20 50 10 38 1.00 1.01 

2 10 20 50 10 30 1.00 0.94 

3 15 20 50 10 24 1.00 0.89 

4 20 20 45 10 22 1.00 0.93 

5 10 30 70 20 102 1.00 0.98 

6 10 40 80 20 105 1.00 1.07 

7 10 48 80 20 105 1.00 1.07 

 
The proposed method to obtain safety factor (quotient of 

loads given by Eq. (1)) and the FLAC method (strength 
reduction method) are different. Therefore cases were compared 
in limit equilibrium conditions, in which the safety factor 
computed by both methodologies must be 1. Consequently, the 

following process has been used. Firstly the rock mass 
parameters (GSI, mi and USC) have been set to produce a safety 
factor equal to one by the static analysis. And secondly, these 
properties are introduced in FLAC model and the calculation of 
safety factor is performed. To complete the validation, safety 
factors and failure mechanisms in the numerical model are 
compared to the simplified proposed theoretical mechanism. 

 

  
Figure 2. Uplift pressure assumption: a) without tensile stresses; b) with 
tensile stresses not extending beyond the drain gallery; c) with tensile 
stresses extending beyond drain gallery; and b) with tensile stresses 
extending beyond drain gallery when the joint tends to be persistent. 

3.1 Description of the numerical model 

The dam is 60 m high and 48 m long and the foundation is 
100 m wide and around 55 m deep (depending on rock joint 
geometry). The constitutive model employed for the dam is 
elastic and for the foundation is elastic-perfectly plastic with the 
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Hook-Brown failure criterion as implemented in FLAC. The 
strength parameters of the foundation (GSI, mi and UCS) are 
specific of each test-case (see Table 3). A damage parameter of 
D = 0 has been employed in all test-cases. The rock mass unit 
weight is also constant (γR = 22.5 kN/m3).The rock joint has 
been modeled using a FLAC interface, characterized by a 
friction angle and a cohesion. According to joint properties (φB 
= 28º; JCS = 21 MPa; JRC = 6) a friction angle φE = 23º and a 
cohesion c = 0 have been employed. The crack length (Xc) 
obtained in the static analysis has been imposed in the 
numerical model using a FLAC interface with very low 
properties to avoid any contribution on the stability. The 
concrete dam grid and the foundation grid are attached where no 
crack is imposed. Pore pressures have been incorporated into 
the model. Additionally, the horizontal hydraulic pressure on 
the dam, the vertical hydraulic pressure on the upstream ground 
surface and the uplift pressure acting on the base of the dam 
have been applied as normal stress distributions. Drainage has 
not been considered in any test-case. 

The following phases have been implemented in the 
numerical model: (i) foundation settlement; (ii) dam 
construction; (iii) reservoir filling; and (iv) safety factor 
calculation. To estimate the safety factor the strength reduction 
method has been used. In each calculation, the original 
properties of the rock mass foundation (mb, s and UCS) and of 
the rock joint (c and tan(φE)) are divided by the value of safety 
factor considered.  

3.2 Results of numerical simulation 

The safety factors obtained by the numerical model are shown 
in Table 3. Values are very close to one, therefore the proposed 
methodology for calculating the safety factor by the rigid body 
simplified approach is acceptable.  

Furthermore, the shapes of the failures mechanisms obtained 
with the new methodology and with the FLAC numerical 
simulation are in good agreement. As an example, Figure 3 
presents the failure mechanisms for Test-cases 2 and 6. In 
Figure 3.a, the failure path connects the crack tip and the end of 
the rock joint, as it is implemented in the mechanism (Figure 
2.b and 2.c). Figure 3.b shows a situation in which the rock joint 
extends beyond the crack tip. In this case the failure mechanism 
connects the crack tip and the rock joint forming a right angle in 
accordance with the proposed mechanism (Figure 2.d). In Test-
case 2 the distribution of principal stresses shows compressions 
states in the failure path, hence suggesting a shear failure. 
Whereas tensile stresses develop along the failure path in Test-
case 6. 

 

  
Figure 3. Failure mechanisms computed with the numerical simulation: 
(a) Test-case 2; and (b) Test-case 6.   

4 SENSITIVITY ANALYSIS 

Taking advantage of the efficient of the proposed methodology, 
a parametric study is carried out. Thereby, instead of basing a 
design decision on a single estimated factor of safety, a 
sensitivity study is recommended as a more rational assessment 
of the risks associated with the dam. This analysis aims to 

identify the influence that each parameter has on the safety 
factor.  

The ranges of each parameter are the followings: UCS 
between 20 and 220 MPa; GSI between 40 and 100; Lj between 
1 and 35 m; α between 5 and 20º; φB between 20 and 40º; JCS 
between 15 and 150 MPa; and JRC between 0  and 6. 

Figure 4 and 5 show the variation of the safety factor with 
the uniaxial compression strength and with the geotechnical 
strength index for different dip angles. The safety factor 
increases when rock mass properties (UCS or GSI) improve. 
However, the increase with UCS is almost linearly whereas the 
variation with GSI is exponentially.  

 

 
Figure 4. Safety factor against UCS (uniaxial compression strength). 

 

 
Figure 5. Safety factor against GSI (geotechnical strength index). 

 

  
Figure 6. Safety factor against Lj (rock joint persistence). 

On the other hand, the safety factor decreases as the joint 
persistence increases (Figure 6). As shown in this figure, there 



Proceedings of the 23rd European Young Geotechnical Engineers Conference, Barcelona 2014 

200 

are two different behaviors. When the rock mass fails by 
shearing (mechanisms depicted on Figures 2.a, 2.b and 2.c), the 
safety factor decreases significantly. In opposition, when the 
joint length extend beyond the crack in the base of the dam 
(approximately over 23 m), the rock mass fails in tension and 
the safety factor tends to become invariant to changes in joint 
persistence (see mechanism depicted on Figures 2.d). 

Figure 7 shows the increase of the safety factor with the rock 
joint basic friction angle. For ranges of properties considered in 
this analysis, there is a significant likelihood of failure. Finally, 
Figure 8 and 9 represent the variation of the safety factor with 
JCS and with JRC respectively. Both drawings are very similar, 
the sensitivity of safety factor tends to smooth (the lines tend to 
be horizontal) when joint properties improve. 

 

 
Figure 7. Safety factor against φB (basic friction angle of rock joint). 

 

 
Figure 8. Safety factor against JCS (joint compression strength). 

 

 
Figure 9. Safety factor against JRC (joint roughness coefficient). 

5 CONCLUSIONS  

A new failure mechanism to consider sliding in gravity dams is 
proposed. In particular, it allows to consider a sub-horizontal 
joint set in the foundation acting as a sliding plane. For that 
purpose, a simplistic static analysis is carried out, using the 
criteria of Barton-Choubey (1977) and Hoek-Brown (1980) to 
determine the shear strength for discontinuity and for rock mass 
respectively. The model have verified by numerical simulation, 
showing that safety factors and failure geometries computed by 
both methods are in good agreement. Additionally, the 
methodology proposed is computationally efficient, so it can be 
employed in parametric or sensitive analysis. 

For instance, the proposed methodology has allowed us to 
conduct sensitivity analyses to assess how the safety factor 
changes as a function of the (i) rock mass strength, (ii) rock 
joint strength and (iii) joint geometry. Results show that the 
geological strength index (GSI) has a strong influence on the 
computed safety factor. Furthermore, the basic friction angle 
and the persistence of the rock joint are also critical on dam 
safety assessment. Results show that the dam safety is sensitive 
to small changes on these parameters. Finally, the safety factor 
is independent of rock joint size when the joint length exceeds 
"(B-Xc)·cos(α)". 

Despite its good results, the methodology does not consider 
accidentals events, like a seism or a wave on the reservoir, 
which could produce significant stability problems. However, 
the authors are engaged to extend this investigation using 
probability theory and including the possibility of non-
associated flow rules.  
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1 INTRODUCTION 

The focus of this study is the investigation of shear localization 
in dry and cohesionless backfılls retained behind rigid retaining 
walls. The accumulation of deformation into narrow zones of 
intense shearing is known as strain localization. This 
phenomenon is commonly observed in all geomaterials during 
shearing. Experimental studies have been carried out on shear 
localization in granular materials by many researchers 
(Vardoulakis 1980, Tejchman 1989, Tatsuoka et al. 1990, 
Yoshida et al. 1994, Vardoulakis et al. 1995, Desrues et al. 
1996, Tatsuoka et al. 1997, Finno et al. 1996, Alshibli and Sture 
2000, Lade 2002, Rechenmacher 2006). Most of these studies 
were concentrated on localization characteristics, such as shear 
band thickness, inclination and orientation.  On the other hand, 
some studies investigated the influences of important 
engineering properties of soils; mean grain diameter 
(Vardoulakis 1980, Tejchman1989, Tatsuoka et al. 1991, 1994, 
1997), pressure level (Tatsuoka et al. 1991, Desrues and 
Hammad 1989), initial void ratio (Tejchman 1989, Desrues and 
Hammad 1989), direction of deformation (Tatsuoka et al. 1994), 
grain roughness and grain size distribution (Tejchman 1989, 
Yoshida et al. 1994, Viggiani et al. 2001, Desrues and Viggiani 
2004). 

Different techniques were used to visualize shear zones; 
colored layers and markers (Tejchman 1989, Yoshida et al. 
1994), x-rays (Michalowski 1984, Tejchman 1989), 
photogrammetry and stereophotogrammetry (Desrues and 
Viggiani 2004), tomography (Desrues et al. 1996, Jaworski and 
Dyakowski 2001, Niedostatkiewicz and Tejchman 2007, 
Marashdeh et al. 2008), digital image correlation (DIC) and 
particle image velocimetry (PIV) (Nübel 2002, Michalowski 
and Shi 2003, Slominski 2003, Rechenmacher and Finno 2004, 
Slominski et al. 2007, Niedostatkiewicz and Tejchman 2007, 
Lesniewska and Wood 2011, Lesniewska et al. 2012, Abzal et 
al. 2013, Soltanbeigi et al. 2014).  

 
 

 
Previously, researchers have conducted studies to explore 

and determine the appearance and patterns of shear bands. The 
theoretical studies have employed bifurcation theory to 
anticipate and define the occurrence and distributions of shear 
bands, however, merely few studies have concentrated on 
quantification of shear band thickness and inclination angles 
experimentally. It is now understood that the micro-mechanism 
of the soil particles and the way it is influencing overall 
behavior of soil mass is mainly controlled by the relative 
density and stress distribution. This paper presents a 
comprehensive experimental and analytical study to investigate 
the effects of relative density of backfill and the stress state of 
the grains on shear band characteristics. 

Particle image velocimetry (PIV), which is an optical non-
invasive deformation measuring technique, is employed in this 
survey to visualize shear band formation in granular media. It 
allows direct observation of the internal structure of a specimen 
while it deforms under applied loads. Shear and volumetric 
strain maps can be obtained for any stage of the tests. Initiation 
of active wall movement results in the formation of shear bands, 
which allows the prediction of ultimate soil failure. 
Identification of shear zones and distribution of shear and 
volumetric strains in soil mass are crucial for the interpretation 
of the mechanisms of granular deformation and to calibrate 
enhanced constitutive continuum models. 

1.1 PIV in geomechanics 

Precise estimation of soil behavior requires the identification of 
granular response and soil-structure interaction. The raised need 
for determination of microstructural characteristics of soils has 
highly motivated geotechnical engineers to enlist new methods 
of observation and monitoring. The analysis method employed 
in this study, often introduced as Particle Image Velocimetry 
(PIV) or Digital Image Correlation (DIC), is a digital image-
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ABSTRACT: Recent studies utilizing novel image analysis techniques provide valuable insight into strain localization phenomenon.
These studies contribute to our understanding of shear band formation. Shear zone is an outcome of the microstructural characteristics 
of soils, and thus evolution of shear band, its thickness, and also distribution of volumetric and shear strains play a key role on the 
mobilization of the failure mechanism. The shear band localization problem is especially critical for retaining structures since design 
is based on ultimate conditions. For this purpose, a physical model study is being conducted on a 1 g small scale retaining wall model. 
Particle image velocimetry (PIV) method is used as the image analysis technique for investigating the shear planes associated with 
backfill failure. Therefore, sides of the testing tank are made of plexiglass allowing the observation of deformations during the
horizontal wall translation. The proposed shear band thickness is measured through an image processing technique in MATLAB 
program, which is based on the intensity profile of accumulated shear strain. Comparing the measured displacements, loads and
stresses within the identified shear zones, the influence of soil density on the failure surface geometry is investigated.  
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based surface displacement measurement technique that 
examines the difference between a reference image and a 
sequence of deformed images (White et al. 2003).  

In order to reduce the amount of calculations and the time of 
analysis, a part of image that would encompass failure wedge is 
selected as area of interest as shown in Figure (1). The initial 
image is divided into a grid of square patches, which are 
distinguished by their unique pixel intensity variation signature 
as shown in Figure (2a). The GeoPIV algorithm searches for a 
specified zone of a deformed image that has maximum 
similarity to the patch’s signature in the initial image. The 
difference between the target patch, measured in pixels, and the 
reference patch is visualized by the displacement vector Figure 
(2b). In order to obtain a precise displacement measurement, the 
patch texture should be as distinctive from the adjacent search 
zone. Considering the image texture, PIV no longer needs target 
markers to be installed in the observed soil (White et al. 2003). 

 In the present study, a physical model study is being 
conducted to find the parameters that influence the thickness of 
shear zone that forms behind structures retaining cohesionless 
backfills. In this study, a custom-made small scale retaining 
wall physical model has been constructed that allows the 
researchers to monitor the variations in lateral earth pressures 
with wall displacements. The model consists of a testing box, 
retaining wall, highly sensitive pressure sensors, sand pluviation 
system, storage tank, crane and data acquisition system. Sides of 
the testing tank are made of plexiglass allowing the observation 
of deformations during the horizontal wall translation. The soil 
used in the present investigation Akpinar sand (local sand) 
which is uniformly graded according to USCS. Further 
information about tested soil and physical model test setup have 
previously published in Altunbas 2012, Abzal et al. 2013 and 
Soltanbeigi et al. 2014.  
 
 
 
 
 
 
 
 
 
Figure 1. Selection of area of interest for PIV analysis. 
 

            

 

 

 

   

                           (a)                                                             (b) 

Figure 2. Determination of displacement vector field a) pixel intensity 
variation signature b) displacement vector 

GeoPIV analyze a sequence of successive images and track 
the deformation of initially created patches on reference image. 
It is also possible to display the results in any stage of the test. 
Thus, shear band formation and also its thickness variation can 
be monitored. For a dense backfill, the results of both shear and 
volumetric strains with respect to wall movement are shown in 
Figure (3-4). It is clear that shear band is formed even in early 
wall displacements (i.e. 0.7mm). As the wall translates further, 
the magnitude of accumulated shear strain on the shear band 
increases proportionally.  For the volume change maps, the 
distributions of blue areas (expansive behaviour) are dominant 
along the failure band that is visually apparent in Figure (4). 

A visual interpretation of the strain change patterns can be 
gained by using MATLAB to convert initially recorded RGB 
images to black and white images, based on 0–255 grey scale, 

the lowest possible intensity is then zero (black), and the highest 
255 (white). In a gray-scale image, brightness is the visual 
perception of higher strain in shear strain map, whereas, it 
defines contraction in volumetric strain case. Respectively, 
decreased brightness refers to a lower shear strain magnitude 
and simultaneously expansion in volumetric strain map. Figure 
(5) shows a flowchart for obtaining intensity profile of an 
image. The intensity profile of an image is a map for identifying 
the distribution of intensity values obtained from equally spaced 
points along a defined line segment. Shear band thickness is 
measure with the same procedure in Lesniewska et al. 2012 
works. 
 

 

 

 

 

 

 

 

 

 

 

 
Figure 3. Distribution of deviatoric strain ɛs in initially dense sand 
(active mode) for horizontal wall displacement of D: a) 0.7 mm b) 1.3 
mm c) 1.9mm d) 2.8mm. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 4. Distribution of volumetric strain ɛv in initially dense sand 
(active mode) for horizontal wall displacement of D: a) 0.7 mm b) 1.3 ` 

Figure 5. Step by step flowchart of intensity profile. 
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2 EVALUATION OF SHEAR BAND FORMATION 

The above mentioned intensity profile method yields greater 
information on both localization and magnitude of the 
accumulated shear and volumetric strains along shear bands. 
Using gray-scaled images, it is possible to have a mono 
variation line (instead of three different colored lines in RGB 
images), which distinguishes major and minor strain changes 
within obtained maps. GeoPIV results of two tests with loose 
and dense relative densities are presented in Figure 6. It is 
obvious in Figure 6 that looser relative density (ID=0.2) results 
in a wider and scattered shear band (Figure 6a), compared to 
denser backfills (ID=0.8) in which more distinguishable and 
narrower shear bands form (Figure 6b). Additionally, it is 
observed that higher backfill densities result in steeper shear 
bands. Image intensity profile provides more precise 
measurement of the shear band thickness. As an example, 1-1 
and 2-2 cross-sections are drawn on pictures of loose and dense 
backfills respectively (Figures 6a and 6b), and the distribution 
of shear strain is plotted along these cross-sections (Figures 6c 
and 6d).With the aid of quantifiable image intensity 
measurements as illustrated in Figures 6c and 6d, shear band 
thicknesses of the backfills are quantified and it has been shown 
that shear band thickness in loose backfill is greater than that of 
dense backfill. 

On the other hand, volumetric strain maps can be used to 
distinguish between contractive and expansive behaviors in 
cohesionless backfills.  Similar to the application in shear strain 
maps, intensity profiles can be used to identify dilatant 
behavior. As it can be observed in Figure 7, loose sample yields 
a very low volumetric strain variation (Figures 7a,c). On the 
other hand, dense samples show distinct dilatant behavior 
(Figures 7b,d).However, as expected, away from the shear band, 
there are neither shear nor volumetric strain changes observed.  
Identified shear band locations and geometries can be utilized in 
design of retaining structures such as walls and anchors.  

 
                                                  
 
 
 
 
             

 
                           

 

                          (a)                                 (b) 
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                                     (d) 

Figure 6. Shear strain distribution a)loose sample b)dense sample 
c)intensity profile 1-1  d) intensity profile 2-2.   
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(d) 

Figure 7. Volumetric strain distribution a)loose sample b)dense sample 
c)intensity profile 3-3  d) intensity profile 4-4.   

 
 
 
 
 
 
 
 
 
 
 

 
                                            (a) 
 
 
 
 
 
 
 
 
 
 
 

 
(b) 

Figure 8. Shear band formation with respect to wall movement a) strain 
maps for three different stages of test 1.5, 2.25 and 3 mm b) intensity 
profile of shear band on the proposed cross-section 

 
One outstanding option that GeoPIV provides is the 

accessibility of strain maps in any stage of test. Using this, the 
effect of wall translation on shear band thickness and inclination 
was investigated. Figure (8) shows results from three different 

  ID=0.2    ID=0.8
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steps of the rigid retaining wall movement; it is clear that in 1.5 
mm translation, the shear band appeared and the angle that 
failure surface makes with horizontal is marked with α. As 
model wall go further, that is 2.25 and 3mm, the shear band 
becomes clearer and concentrated shear strain becomes more 
visible. Although soil reached its ultimate state, the inclination 
of the shear band seems to be constant and the change in 
thickness can be seen in Figure (8b). A cross section, in the 
same coordinates, of the strain maps for different wall 
displacements was selected and strain distribution was extracted 
using MATLAB. The concentration of the accumulated strains 
are on the shear bands, however, the intensity of the strain is 
dependent on wall movement magnitude. On the other hand the 
thickness of shear band and its inclination is approximately 
constant.   

3 CONCLUSION 

In the present study 1g small scale physical model tests were 
conducted to observe soil mass behavior under active state 
behind rigid retaining wall. The cohessionless backfill was 
monitored using a non-destructive image based technique, 
namely PIV. This way, strain accumulation within granular 
body can be visualized for all stages of the model experiments. 
The parameters that effect shear band formation and the 
properties of the resulting band were investigated. 
Consequently, it is shown that, relative density influences shear 
band thickness and inclination. Employing shear intensity 
profile to quantify strain localization, it becomes more clear that 
dense backfill presents a narrow and steep shear band, whereas, 
the loose backfill possesses a wide and scatter shear band. It is 
also concluded that when the shear bands initiate, further wall 
movement has no considerable effect on the properties of shear 
zone; the boundary of the shear band thickness and inclination 
remains constant. 
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